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Chapter 1.  Introduction 

1.1 Overview 
A deep beam is a structural member whose behavior is dominated by shear deformations.  

In practice, engineers typically encounter deep beams when designing transfer girders, pile 
supported foundations, or bridge bents.  Until recently, the design of deep beams per U.S. design 
standards was based on empirically derived expressions and rules of thumb.  The structural 
design standards, AASHTO LRFD (2008) and ACI 318-08, adopted the use of strut-and-tie 
modeling (STM) for the strength design of deep beams or other regions of discontinuity in 1994 
and 2002, respectively.  Based on the theory of plasticity, STM is a design method that idealizes 
stress fields as axial members of a truss.  The primary advantage of STM is its versatility.  It is 
valid for any given loading or geometry.  However, the primary weakness of STM is also its 
versatility.  The freedom associated with the method results in a vague and inconsistently defined 
set of guidelines.  Because of the lack of a well-ordered design process, many practitioners are 
reluctant to use STM.  A goal of the current research program is to overcome this ambiguity 
through the development of simple and safe STM provisions. 

For structural members exposed to public view or environmental elements, the 
serviceability performance of the structure is arguably as significant as its strength.  Typically, 
the serviceability performance of reinforced concrete deep beams is quantified by the width and 
spacing of diagonal cracks that form under the application of service loads.  In design, diagonal 
cracking in service can be limited by comparing the cracking load to the service load and 
adjusting the section as necessary.  Also, web reinforcement can be provided to restrain the 
width of diagonal cracks if they do happen to form in service.  Currently, the minimum web 
reinforcement provisions in various design specifications are inconsistent and in general, do not 
address whether the required reinforcement considers serviceability demand as well as strength 
demand.  Hence, another goal of the current research project is to improve the serviceability 
design provisions for deep beams by recommending an appropriate amount of minimum web 
reinforcement and by outlining a service-load check to assess the likelihood of diagonal 
cracking.  

As part of the current research program, approximately 250 deep beam specimens were 
added to a database originally compiled by Brown et al. (2006).  In total, the test results of 868 
deep beam specimens (shear-span-to-depth ratio, a/d ≤ 2.5) were collected from the literature.  
These test data represent the current state of knowledge of deep beam shear.  The majority of the 
specimens in the database are significantly smaller than actual beams designed in practice.  A 
typical test specimen may have an area of 100-in2 whereas a typical bridge bent or transfer girder 
can have an area that is ten to twenty times larger.  In the current research project, it was 
determined that the best means to improve the design and performance of actual bent caps was to 
examine specimens that were as representative as possible.  As a result, filtering criteria were 
established based primarily off of cross-sectional dimensions, quantity of web reinforcement, 
and sufficient bearing plate details to remove specimens from the database that were 
exceptionally un-representative of actual members.   

In addition, 37 specimens were fabricated and tested as part of the current research 
program.  The cross-sectional dimensions of the test specimens more closely matched the sizes 
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of typical bent caps in Texas.  These test specimens are some of the largest deep beams ever 
tested in the history of shear research. 

1.2 Project Objective 
This research project was funded by the Texas Department of Transportation (TxDOT).  

Since the inclusion of Strut-and-Tie Modeling (STM) provisions in the AASHTO LRFD 
specifications in 1994, TxDOT engineers have been examining the impact that the provisions 
have on the design of their bent caps.  In general, it has been difficult to implement the STM 
provisions due to their seemingly complicated nature.  In addition, bent caps in the State of 
Texas are experiencing diagonal cracking problems with increasing frequency.  An example of a 
bent cap that developed a significant number of diagonal cracks in service is shown in Figure 
1.1(a) and 1.1(b).  This structure is one of several bent caps that support I-45 in Houston, Texas 
at the intersection with Greens Road.  Due to the width and number of diagonal cracks in the 
bent caps throughout the interchange (maximum diagonal crack width ≈ 0.035-inches), the 
retrofit shown in Figure 1.1(b) was performed on each bent cap.  At the time of the retrofit, the 
structure was approximately 10-years old.   
 

 
(a) 

 
(b) 

Figure 1.1: (a) I-45 bent cap in Houston, Texas with several diagonal cracks in service. (b) The 
bent cap after repair   

Field-related issues, such as the diagonal cracking problem shown above, and the 
difficulty in implementing the AASHTO LRFD provisions in their design practice were the 
impetus for TxDOT to fund the current project.  The overall objective for the project was to 
develop safe and consistent design guidelines in regards to both strength and serviceability of 
bent caps and other deep beams. 

1.3 Project Scope 
To develop strength and serviceability guidelines for bent caps and other deep beams, the 

following eight tasks were addressed: 
 

1. Determine the influence that the distribution of stirrups across the width of a beam 
web has on the strength and serviceability behavior of a deep beam. 
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2. Determine the influence that triaxially confined nodes forming under bearing plates 
has on the strength and serviceability behavior of a deep beam. 

3. Determine the influence that the amount of web reinforcement (stirrups and 
longitudinal side face reinforcement) has on the strength and serviceability behavior 
of a deep beam. 

4. Determine the influence that member depth has on the strength and serviceability 
behavior of a deep beam. 

5. Propose a simple STM design methodology for the design of deep beams. 
6. Make a recommendation to reduce the discrepancy between shear strength 

calculated using STM and sectional shear provisions at an a/d ratio of 2. 
7. Make a recommendation on the feasibility of limiting diagonal cracking under 

service loads. 
8. Make a recommendation on a methodology for relating the maximum diagonal 

crack width of a deep beam to its residual capacity. 
 
Data from the experimental program and from the database were used to accomplish the 

stated tasks.  The first four tasks (1 through 4) were addressed specifically with the tests in the 
experimental program.  For each task, a series of specimens were tested and numbered 
accordingly (Series I through IV).  A fifth series of tests (Series M) was conducted in which 
multiple objectives were evaluated.  To accomplish the last four tasks (5 though 8), data from the 
experimental program and from the database were analyzed.  Specifics of the organization of this 
document are presented in the following section.   

1.4 Organization 
A background of strut-and-tie modeling concepts as they apply to deep beams is provided 

in Chapter 2.  The theory supporting strut-and-tie modeling and the techniques required to 
proportion all of the elements in a model is discussed. At the end of Chapter 2, the criteria used 
to filter the database are presented.  In Chapter 3, an overview of the experimental program 
including the design, fabrication, instrumentation, and testing of the specimens is provided.  
Also, a summary of the beam details for all of the test specimens is included.  In Chapter 4, the 
results of the experimental program are presented.  A summary of the results from all of the tests 
is presented in Section 4.2.  Tasks 1 through 4 of the project are addressed individually in 
Sections 4.3 through 4.6.  In Chapter 5, the findings associated with tasks 5 through 8 are 
provided individually (Sections 5.2 through 5.5).  In general, each task was addressed with data 
from the experimental program and the database.  All the findings and conclusions of the 
research program are summarized in Chapter 6.  In Appendix A, proposed revisions to the 
AASHTO LRFD (2008) specifications are presented.  In Appendix B, a case study, that may be 
viewed as multiple examples combined in a comprehensive field problem, is presented to 
highlight the differences between the proposed provisions and the AASHTO LRFD (2008) 
specifications.  For the case study, one of the Greens Road bent caps in Houston, Texas that 
developed a significant number of diagonal cracks in service was analyzed.  In Appendix C, the 
references used to collect test results for the database are listed.  The pertinent beam details of 
the test specimens in the evaluation database are presented in Appendix D.  Lastly, in Appendix 
E, an outline of calculations used in the evaluation of the strut-and-tie provisions of various 
design specifications is given.      
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Chapter 2.  Background of Strut-and-Tie Modeling of Deep Beams 

2.1 Overview 
Included in this Chapter is an overview of the theoretical background of deep beam shear 

behavior and strut-and-tie modeling. The basic concepts of deep beam shear behavior are 
introduced.  Then, the theoretical background of strut-and-tie modeling and a summary of 
commonly employed modeling techniques are provided. Lastly, the deep beam database is 
presented; and the process of filtering the database to remove specimens that were considered 
un-representative of actual structures is provided.  A review of the literature pertaining to each 
specific task addressed in the current project is presented in each respective section. 

2.2 Deep Beam vs. Sectional Behavior 
Typically, reinforced concrete members are designed to resist shear and flexural forces 

based on the assumption that strains vary linearly at a section. Referred to as the Bernoulli 
hypothesis or beam theory, the mechanical behavior of a beam is commonly defined by assuming 
that plane sections remain plane. The region of a structure where the Bernoulli hypothesis is 
valid is referred to as a B-region (B standing for beam or Bernoulli). In B-regions, the internal 
state of stress can be derived from the sectional forces before and after the concrete cracks. 
Therefore, the design of these regions is often referred to as a sectional design. 

A deep beam design must be treated differently than a sectional design because the 
assumptions used to derive the sectional theory are no longer valid. A deep beam is a member 
whose shear span-to-depth, a/d, ratio is relatively small such that nonlinear shearing strains 
dominate the behavior. Typically, a region of a beam with an a/d ratio less than 2.0 to 2.5 is 
considered to behave as a deep beam; whereas, a region of a beam with a greater a/d ratio is 
assumed to behave according to sectional principles. For example, the beam shown in Figure 2.1 
has an a/d ratio of approximately two to the right of the concentrated load and five to the left of 
the load. The left side of the beam (Section A-A) contains a B-region and stresses can be 
determined according to sectional methods. The right side of the beam (Section B-B) is 
considered a deep beam region. Shear strains dominate the behavior and beam theory cannot be 
used to determine the internal state of stress. 

D-Region D-Region D-Region D-RegionB-Region

d

d d d d

A

A

B

B

3d

 
Figure 2.1: Stress trajectories in B-regions and near discontinuities (D-regions). 
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Nonlinear strain distributions are often caused either by abrupt changes in geometry or 
abrupt changes in loading. These regions of discontinuity are referred to as D-regions (D 
standing for discontinuity or disturbance).  An elastic stress analysis suggests that the localized 
effect of a concentrated load or geometric discontinuity will attenuate about one member depth 
away from the discontinuity (St. Venant’s Principle).  For this reason, D-Regions are assumed to 
extend one member depth from the load or discontinuity.  Figure 2.1 illustrates the location of B-
regions and D-regions in a typical simply supported beam loaded at a single point. 

Due to the nonlinearity of strains and inelasticity of concrete, a general theory of 
behavior is complicated to derive in a D-region.  As a result, designers typically employ either 
empirically derived design methods or a hypothetical truss model such as a strut-and-tie model 
(STM). 

The theoretical background of STM is presented in Section 2.3. Specific details related to 
the elements that form a truss model are presented in Section 2.3. Next, a summary of current 
code provisions is presented in Section 2.4. A historical background of the current design 
provisions is presented in Sections 5.2. 

2.3 Theoretical Background of Strut-and-Tie Modeling 
A strut-and-tie model idealizes the complex flow of stresses in a structural member as 

axial elements in a truss member. The compressive stress fields are resisted by concrete struts 
and the tensile stress fields are resisted by reinforcing steel ties. Struts and ties intersect at 
regions called nodes.  Struts, ties, and nodes are the three elements that comprise a STM and they 
must be proportioned to resist the applied forces.  According to the lower bound theory of 
plasticity, the capacity of a STM is always less than the structure’s actual capacity provided the 
truss is in equilibrium and safe.  A safe STM must have sufficient deformation capacity to 
redistribute forces into the assumed truss elements, and the stresses applied to the elements must 
not exceed their yield or plastic flow capacity.  Failure of a STM can be attributed to crushing of 
the struts, crushing of concrete at the face of a node, yielding of the ties, or anchorage failure of 
the ties. 

As an example, the loads supported by the beam shown in Figure 2.1 can be supported by 
the determinate truss shown in Figure 2.2. The same truss model is shown in Figure 2.3 with the 
concrete struts, nodes, and reinforcement drawn to scale.  In Figure 2.3, the portions of the beam 
not considered in the truss model have been removed in order to illustrate the concept of a lower-
bound solution.  For this particular example, a fraction of the original beam is considered to 
resist the applied forces.  If the laws of statics are satisfied and the materials do not exceed their 
yield capacity, then the estimated strength of the STM is less than or equal to the actual capacity 
of the beam. 
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Strut Tie

Node

 
Figure 2.2: Strut-and-tie model: Simply supported beam supporting concentrated load. 

Strut Tie

Node

 
Figure 2.3: Strut-and-tie model with truss elements drawn to scale. 

A STM is a powerful design tool as it is valid for any stable truss configuration a 
designer chooses. However, the downfall of an STM can also be attributed to its adaptability. 
There are no right or wrong solutions, but there are good and bad choices that can be made in 
developing a solution. For example, if the selected model varies substantially from the actual 
stress field, then the structure must undergo substantial deformation in order to develop the 
poorly assumed model. As a result, there is an increased chance that wide cracks could form. 
According to Schlaich et al. (1987): 
Doubts could arise as to whether the correct model has been chosen out of several possible ones. 
In selecting the model, it is helpful to realize that loads try to use the path with the least forces 
and deformations. Since reinforced ties are much more deformable than concrete struts, the 
model with the least ties is the best. Of course, it should be understood that there are no unique 
or optimum solutions. Replacing a continuous set of smooth curves by individual polygonal lines 
is an approximation and leaves ample room for subjective decisions. 

In developing a strut-and-tie model for a structure, the first step is to calculate the 
reactions supporting the applied loads. For example, consider the right side (deep beam portion) 
of the beam shown in Figure 2.1. Assume that the point load is 100-kips and ignore the self-
weight of the beam. According to statics, 71-kips will flow to the right support and 29-kips to the 
left (i.e. 100 · 7

5  = 71). The right portion (i.e. deep beam portion) is illustrated in Figure 2.4. 
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100 kip
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Figure 2.4: Step 1 for STM is calculation of support reactions. 

For the next step, it is common to employ some type of linear elastic analysis in order to 
visualize the flow of forces within the member; and align the struts and ties according to the 
stress trajectories. Schlaich et al. (1987) recommend aligning struts within ±15° of the stress 
trajectories. In order to ensure adequate deformation capacity to develop the steel stresses, the 
orientation of the struts should not be excessively shallow. According to Ramirez and Breen 
(1991): 
Large deviations from 45-degrees of the angle of inclination will demand excessive strains in the 
reinforcement together with extremely wide crack openings at failure. These diagonals must be 
[less than 65-degrees and greater than 30-degrees]. 

Also, if pictures of the cracking pattern in a similar structure are available, the location of 
the struts and ties can be arranged within the structure such that struts follow the known crack 
patterns (MacGregor 2005).  

Based on the aforementioned guidelines for laying out a truss model and the stress 
trajectories shown in Figure 2.1, either a one-panel or two-panel truss is an appropriate solution. 
These two options are presented in Figure 2.5. Note, the point load is divided into 71 and 29-kips 
for the sake of convenience; it does not change the equilibrium of the model. 
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   (a)      (b) 

Figure 2.5: STM: (a) One-panel and (b) two-panel. 

For an a/d ratio less than two, the transfer of shear predominantly results from 
compressive stresses flowing directly from the load to the support (i.e. one-panel truss model). 
For this type of behavior, the capacity of the beam is primarily dependent on the compressive 
strength of concrete in the direct strut. The transverse reinforcement (i.e. stirrups) has little 
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influence on the shear strength. A one-panel shear failure is illustrated in Figure 2.6 for a deep 
beam with an a/d ratio equal to 1.2. 

 

Crushed
Concrete

 
Figure 2.6: Direct strut or one-panel shear failure (a/d = 1.2). 

If the a/d ratio exceeds a value of two, the mechanism of shear failure is better 
characterized as sectional shear rather than deep beam shear. The ability of a structure to resist 
sectional shear is due to many attributes of the cross-section including: the friction force along 
the inclined crack due to aggregate interlock; the increased shear capacity of the confined 
compression region; dowel-action of the horizontal reinforcement; and the tensile resistance of 
the vertical reinforcement. The web reinforcement is a main component that is used to determine 
the sectional shear resistance of a beam. After a diagonal crack has formed, the web 
reinforcement is the primary mechanism with which the structure transfers shear stresses across 
the crack and to the support. Failure is typically preceded by the yielding of the stirrups. A two-
panel strut-and-tie model is akin to sectional shear behavior as both are largely influenced by the 
yielding of the vertical web reinforcement. A two-panel truss failure is illustrated in Figure 2.7 
for a deep beam with an a/d ratio equal to 2.5. 

 

Yielding of Stirrups

Fcx

Ftx

Ff

As·fy

Fcy

Fty

Vn  
Figure 2.7: Sectional or two-panel shear failure (a/d = 2.5). 
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When the a/d ratio is near two, the shear mechanism may be attributed to a combination 
of both one and two-panel behavior. For example, consider the beam with an a/d ratio equal to 
1.85 presented in Figure 2.8. 

 

 
Figure 2.8: Combination of one and two-panel behavior (a/d = 1.85). 

Upon examination of the cracking pattern, a combination of a one and two-panel model 
may be the most accurate. However, additional accuracy may not necessarily benefit the designer 
given the additional complication. Ultimately, the decision on which model to use is left to the 
discretion of the designer. According to the principles of STM, either model will result in a safe 
solution. 

According to Kani et al. (1979), the transition in shear behavior between a direct strut 
(one-panel) and sectional shear (two-panel) occurs at an a/d ratio of 2.5: 
The graphs of the [shear capacity versus a/d ratio] results seem to be made up of two different 
functions of which a/d = 2.5 is the point of intersection. There should be two totally different 
laws of failure governing each region. 

Therefore, a one-panel strut-and-tie model is used to evaluate all beams tested as part of 
current and past experimental programs where a/d ≤ 2.5. The implication of using a one-panel 
model for a/d ratios up to 2.5 is discussed in Section 5.2 and 5.3. 

Once a truss model has been selected, the next step is to proportion its elements (struts, 
ties, and nodes) accordingly; details on these elements are presented as follows. 

2.3.1 Struts 
Struts vary in shape depending on their location within a structure. Most struts in a two 

dimensional STM are bottle-shaped; that is, they spread laterally along their length. The lateral 
spreading of a bottle-shaped strut introduces tensile stresses transverse to the strut. These tensile 
stresses could potentially cause cracking along the length of the strut resulting in premature 
failure; hence, transverse reinforcement should be provided in order to control the cracking. 
Often, bottle-shaped struts in an STM are idealized as prismatic. However, this simplification 
does not eliminate the fact that the strut is, in actuality, still bottle-shaped and at a risk of 
splitting longitudinally; transverse reinforcement must be provided. Prismatic struts exist in the 
compression zone of a beam’s flexural region. Figure 2.9 illustrates bottle-shaped, prismatic, and 
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idealized prismatic struts found in a typical STM. Design guidelines for the proportioning of 
struts are discussed in Section 2.4.4. 

 
Prismatic Strut

Idealized Prismatic Strut

Bottle-Shaped Strut

 
Figure 2.9: STM containing prismatic and bottle-shaped struts. 

2.3.2 Ties 
In general, reinforcing steel is placed at tie locations in an STM. The reinforcement 

should be distributed so that its centroid coincides with the tie location. Selection and placement 
of reinforcement for strength of a STM is fairly straight forward; details such as bar spacing, 
distribution, and anchorage are factors that deserve the most consideration when selecting and 
placing the reinforcement. Design guidelines for proportioning and placing tie reinforcement are 
presented in Section 2.4.5. 

2.3.3 Nodal Zones 
Nodes are named based on the nature of the elements that frame into them. For example, 

the nodal zone where two struts and a tie intersect is referred to as a CCT node (C stands for 
compression and T stands for tension). If more than three forces intersect at a node, it is often 
necessary to resolve some of the forces to end up with three resulting forces. The three types of 
nodes commonly used in a STM are shown in Figure 2.10. 

CCC Node

CTT NodeCCT Node

CCC Node

CTT NodeCCT Node

 
Figure 2.10: Nodal zones typically employed in STMs. 
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Ideally, nodes may be proportioned so that the stresses on all faces are equal.  If the 
stresses are equal on all faces, the ratio of the area of the side face is proportional to the applied 
force.  In this case, the node is called a hydrostatic node.  Principal stresses are equal on all sides 
of a hydrostatic node; thus, shear stresses do not exist within the node.  The absence of shear in 
the node and the simplicity of dimensioning hydrostatic nodes are their primary advantages.   

If a node is proportioned such that unequal stresses exist on each face, then it is termed 
non-hydrostatic.  Figure 2.11 illustrates the states of stress associated with hydrostatic and non-
hydrostatic nodes. 

 
 

σ2

σ1

σs

w s

w2

w1

θ

σ1= σ2= σs

Hydrostatic Node

σ2

σ1

σs

w s

w2

w1

θ

σ1> σs> σ2

Non-Hydrostatic Node

+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 = σ2 no shear
+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 > σ2 shear

σ1σ2

τnode

Axis 1

Axis 2

Mohr’s Circle

σ2

σ1

σs

w s

w2

w1

θ

σ2

σ1

σs

w s

w2

w1

θ

σ1= σ2= σs

Hydrostatic Node

σ2

σ1

σs

w s

w2

w1

θ

σ2

σ1

σs

w s

w2

w1

θ

σ1> σs> σ2

Non-Hydrostatic Node

+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 = σ2 no shear
+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 = σ2 no shear
+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 > σ2 shear

σ1σ2

τnode

+ τ

- τ

+ σ
(compression)

- σ
(tension)

σ1 > σ2 shear

σ1σ2

τnode

Axis 1

Axis 2

Mohr’s Circle

 
Figure 2.11: Stresses on hydrostatic and non-hydrostatic nodes (Brown et al. 2006). 

It is important to note that both hydrostatic and non-hydrostatic nodes are idealizations of 
reality.  They are proportioning techniques that have been established to create a strut-and-tie 
model.  The influence that node type has on a strut-and-tie model of a deep beam is illustrated in 
Figure 2.12. 
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a/d = 1

a/d = 1.85

Hydrostatic Nodes Non-hydrostatic Nodes

 
Figure 2.12: Difference between hydrostatic and non-hydrostatic nodes as the strut angle 

decreases. 

Proportioning a hydrostatic node is a relatively straightforward procedure.  The stress 
beneath the bearing plate is calculated with the applied force and the size of the bearing plate.  
Using this stress, the other dimensions of the hydrostatic node are determined so that equal 
stresses exist on all faces.  Thus, the dimensions of the vertical back face (w1 in Figure 2.11) and 
the node-to-strut interface (ws in Figure 2.11) of hydrostatic nodes are based on the bearing 
stress.  By geometry, each face of the node is perpendicular to the stress acting on it.  In other 
words, the size of hydrostatic nodes is a function of the bearing plate length and the strut 
inclination (i.e. a/d ratio).  As shown in the left side of Figure 2.12, this procedure can result in 
an unrealistically large strut and an impractical layout of longitudinal tie reinforcement as the 
strut angle becomes shallower.   

Non-hydrostatic nodes are proportioned differently.  The dimension of the bearing face of 
the node is determined by the length of the bearing plate as in the case of hydrostatic nodes.  The 
back face of non-hydrostatic nodes, however, is proportioned by considering the origin of the 
applied stress.  In the case of CCC nodes, the back face dimension is taken as the effective depth 
of the compression block as determined by a flexural analysis.  In the case of CCT nodes, the 
back face dimension is taken as twice the distance from the centroid of the longitudinal 
reinforcement to the extreme tension fiber of the beam.  The purpose of these proportioning 
techniques is for the assumed nodal geometry to more closely match the actual stress 
concentrations in these nodal regions.  This is the primary advantage of non-hydrostatic nodes 
and the reason that they are preferred in design.  The node-to-strut interface of non-hydrostatic 
nodes is determined by connecting the edges of the bearing and the back face.  As shown in the 
right side of Figure 2.12, the node-strut interface is “stepped” so that it is perpendicular to the 
direction of the applied stress.    

It is well documented that the shear capacity of a deep beam decreases as the a/d ratio 
increases.  When hydrostatic nodes are used in a direct-strut model (Figure 2.12), the strength of 
a strut must be proportionally reduced as the a/d ratio increases in order to counteract the 
increasing size of the strut.  Contrarily, when non-hydrostatic nodes are used, the dimension of 
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the strut-to-node interface decreases slightly as the a/d ratio increases, thereby accounting for the 
reduction in shear strength.  This is another advantage of non-hydrostatic nodes.   

2.4 Proportioning STM Elements using Non-Hydrostatic Nodes 
The capacity of a beam as determined from a STM is inherently connected to the 

proportions of the nodal regions.  Procedures for proportioning nodes have been well established 
by past researchers.  This established set of guidelines is presented in Sections 2.4.1 through 
2.4.3.  For the sake of consistency, the following proportioning techniques are used to evaluate 
all of the beams contained in past and current experimental programs. 

2.4.1 Proportioning a CCC Node 
Refer to the CCC node shown in Figure 2.10. It has been magnified and is presented 

approximately to scale in Figure 2.13. 

lb

a

a cos θ

0.71lb sin θ
θ

Bearing Face

Strut-to-Node
Interface

Back Face

0.71lb0.29 lb

0.71P0.29 P

ws

 
Figure 2.13: CCC Node. 

For the beam shown in Figure 2.10, 71% of the applied load flows into the right support 
and the other 29% is transferred to the left support. Therefore, when proportioning the node, the 
length of the bearing face is set equal to 71% of the bearing plate length, lb. The height of the 
back face, a, is assumed to be equivalent to the depth of the equivalent flexural stress block 
obtained from a typical flexural analysis. Admittedly, assumptions used in a flexural analysis are 
not valid within a D-region; especially for very low a/d ratios. However, the proportioning 
procedure is well-established in practice, and it is conservative. For a rectangular beam, a is 
calculated according to Equation 2.1. 
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Where, 
As  = Area of tension reinforcement, in2 
As′  = Area of compression reinforcement, in2 
bw  = Web width, in. 
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fc′  = Specified concrete compressive strength, psi 
fs  = Stress in tension reinforcement, psi 
fs′  = Stress in compression reinforcement, psi 

 
The angle of the strut abutting the strut-to-node interface, θ, depends on the truss 

configuration. Based on the length of the bearing plate and height of the back face, a, the width 
of the strut-to-node interface, ws, is determined according to the following equation: 

 
θθ cosasinlw bs ⋅+⋅=  (2.2) 

 Where, 
lb = Length of bearing plate, in. 
a = Height of back face of node, in. 
θ = Angle of strut measured from the horizontal axis 
 

Equation 2.2 is included in a figure of the ACI 318-08 code (ACI Figure RA.1.6), but not 
in the body of the code itself. According to MacGregor (2002), future code committees should 
consider adding such equations to the Commentary. 

2.4.2 Proportioning a CCT Node 
Refer to the CCT node shown in Figure 2.10. It has been magnified and is presented 

approximately to scale in Figure 2.14. 
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Figure 2.14: CCT Node. 

The bearing face of a CCT node has the same dimensions as the bearing plate, lb. The 
height of the back face, wt, is taken as twice the distance from the near face of the beam to the 
centroid of the tension reinforcement. Finally, the angle of the strut abutting the strut-to-node 
interface depends on the truss configuration. Based on the given dimensions, the width of the 
strut-to-node interface, ws, is determined the same as it is for a CCC node (Equation 2.2). 
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2.4.3 Proportioning a CTT Node 
Refer to the CTT node shown in Figure 2.10. It has been magnified and is presented 

approximately to scale in Figure 2.15. 
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Figure 2.15: CTT Node. 

Interior nodes, which are not bounded by a bearing plate, are often referred to as smeared 
nodes. Forces from compressive struts spread, or smear, and are equilibrated by multiple stirrups, 
or ties. Because a bearing plate does not abut the node, a proportioning technique must be 
employed to determine the extents of the exterior face, la.  The method that is employed for the 
current project (TxDOT project 5253) is that recommended by Wight and Parra-Montesinos 
(2003).  They propose that any stirrup that intersects an adjacent strut at an angle greater than 25-
degrees be engaged as part of the vertical tie of the CTT node (Figure 2.16). 

 
Stirrup

25°

25°

la  
Figure 2.16: Determination of CTT vertical tie (Wight and Parra-Montesinos, 2003) 

According to Wight and Parra-Montesinos (2003), it is conservative to assume that the 
exterior face, la, of the CTT node is as wide as the distance between the outermost stirrups 
included in the vertical tie. 

The back face, wt, of the node is calculated the same way as for a CCT node; twice the 
distance to the centroid of the tension steel, measured from the near face of the beam. Finally, the 
angle of the strut coming into the strut-to-node interface is based on the truss geometries. Based 
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on the given dimensions, the width of the strut-to-node interface, ws, is determined the same as 
the CCC and CCT nodes (Equation 2.2). 

2.4.4 Proportioning a Strut 
Struts can be prismatic or bottle-shaped (Figure 2.9).  A prismatic strut occurs within the 

compression zone of a beam’s flexure region and is designed accordingly.  Most struts are bottle-
shaped and concentrate into the nodal regions.  So, the highest stress that a strut must resist 
occurs at the location where the strut and node abut one another, or the strut-to-node interface. 
Even if a strut is idealized as prismatic, the highest stress occurs at the strut to node interface. 
Therefore, the critical proportions of a strut are based on the nodal proportions, specifically the 
width of the node-to-strut interface (ws).  The critical capacity of a strut is taken to be identical to 
the capacity of the node-to-strut interface.   

2.4.5 Proportions and Placement of Tie Reinforcement 
Ties shown in a strut-and-tie model are simple representations of tensile forces within a 

D-region.  Proper placement of tie reinforcement is accomplished by matching the centroid and 
direction of the reinforcement with the axis of the tie in the truss model. 

Tie details that deserve the most consideration are proper bar distribution, spacing, and 
development.  In order to develop the reinforcing steel, ties must be properly anchored behind 
the front of the nodal zones.  Figure 2.17 illustrates the development length of a typical tie.  

Development Length

Extended
Nodal Zone

 
Figure 2.17: Development length of a tie. 

ACI 318 allows the development length to be measured from the intersection of the 
extended nodal zone and the centroid of the bars, as shown in Figure 2.17. For the sake of 
simplicity, the development length can conservatively be taken from the edge of the bearing 
plate. 

Proportioning nodes can be an iterative process.  The size of the node is dependent on 
beam details such as bearing plate size and reinforcement location. Therefore, it may be 
necessary to adjust beam geometry, reinforcement location, and bearing plate size after the initial 
design iteration so that the stress applied to a nodal region is less than its nominal capacity. 

In the previous two sections (2.3 and 2.4), the basic theory behind strut-and-tie modeling 
and typical proportioning techniques of struts, ties, and non-hydrostatic nodes were presented.  
This review was intended to provide the reader with a basic foundation of knowledge for the 
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material in the remainder of the report.  Additional background information with regard to each 
project task is presented at the beginning of the results section for each task.  In the next section 
(2.5), background information regarding the deep beam database that was compiled in this 
project is discussed. 

2.5 Deep Beam Database 
In addition to the experimental portion of the current research program, a database of 

deep beam shear tests (a/d ≤ 2.5) has been compiled.  The purpose of the database is to 
supplement the experimental program and provide an additional means of examining design 
provisions. The database is an expansion of a database originally compiled by Brown et al. 
(2006).  All of the tests from the Brown et al. (2006) database with an a/d ratio greater than 2.5 
have been removed; the remaining dataset has been rechecked and additional deep beam tests 
have been added.  The total number of deep beam shear tests is 905 (including the 37 tests 
conducted in the current project).  This database will subsequently be referred to as the collection 
database. The collection database was compiled based on the research papers cited in Appendix 
C and the experimental work in the current project. 

The collection database was filtered in two stages (Table 2.1).  In the first stage, test 
results were removed, for the most part, due to a lack of sufficient details to perform a strut-and-
tie analysis.  The resulting database is referred to as the filtered database.   In the second stage, 
additional test results were removed in which the specimens were considered “less-
representative” of field members.  The resulting database is referred to as the evaluation 
database.  An overview of the number of specimens that were removed from the database in 
each stage is provided in Table 2.1.  Explanations for the removal of these test results are 
provided in the next two sections.   

Table 2.1: Filtering of the deep beam (a/d ≤ 2.5) database 

Collection Database  905 tests 

St
ag

e 
1 

fil
te

rin
g 

- incomplete plate size information - 284 tests 
- subjected to uniform loads - 7 tests  
- stub column failure - 3 tests 
- f ′c < 2,000 psi - 4 tests 

Filtered Database 607 tests 

St
ag

e 
2 

fil
te

rin
g 

- bw < 4.5 in. - 222 tests 
- bwd < 100 in.2 - 73 tests 
- d < 12 in. - 13 tests 
- ∑ρ┴ < 0.001* - 120 tests 

Evaluation Database 179 tests 
*ρ┴ is defined in Equation 4.7 
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2.5.1 Filtered Database 
Complete test results were desired in the filtered database.  A large number of specimens 

in the collection database (284) did not contain adequate or verifiable bearing plate dimensions.  
This information was required to perform a strut-and-tie analysis on the specimens.  As such, the 
results from these 284 tests were removed.  

Only beams that were tested with one or two point loads were considered; thus, 
uniformly loaded beams were filtered from the database (7).  The definition of the a/d ratio for a 
uniformly loaded beam is not straightforward.  Also, determination of a truss model is slightly 
more complicated.  

Of the remaining specimens, three failed due to crushing of their stub columns rather than 
failure of the beam.  For these tests, stub columns were used at the bearing points to support the 
beam and apply the load.  The details in the stub column were not the same as in the beam; and 
as a result, these test results were filtered from the database as well. 

Finally, four specimens were removed from the remaining dataset due to the fact that the 
compressive strength of concrete at the time of testing was less than 2,000-psi.  For concrete to 
be considered structural, it must have a compressive strength greater than or equal to 2,000-psi. 

In summary, the filtered database contains 607 test results.  The specimens in the filtered 
database have adequate details necessary to perform strut-and-tie analyses with reliability and 
relative ease. 

2.5.2 Evaluation Database 
Due to the limitations of testing capacity and/or research budgets, most of the specimens 

in the filtered database are unrealistically proportioned.  In order to illustrate this point, the 
specimens in the filtered database are plotted in Figure 2.18 by their shear area (bw·d) along the 
vertical axis and aspect ratio of their cross-section (d/bw) along the horizontal axis. 
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Figure 2.18: Summary of beam proportions in filtered database (N=607). 

The majority of the specimens in the filtered database have an area less than 200-in2. Yet, 
bent caps in the State of Texas are typically on the order of 1200-in2 and greater. Also, a 
significant number of beams in the filtered database have an aspect ratio greater than four – some 
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have a depth over 8 times greater than their width. Such a high aspect ratio is unrealistic. 
Conventional beams have an aspect ratio of approximately one to three. 

In addition to specimen size, a significant number of the beams in the filtered database do 
not have any or contain unrealistically low amounts of transverse reinforcement. Although 
testing specimens without any transverse reinforcement may be interesting from an academic 
standpoint, most beams in the field, particularly deep beam regions, contain a minimum amount 
of transverse reinforcement. Therefore, it was determined that unreinforced beams should not 
used to evaluate STM provisions. However, it is of interest to evaluate specimens that have less 
transverse reinforcement than the minimum required by design specifications. By examining the 
trends of lightly reinforced specimens, a determination can be made as to an adequate amount of 
reinforcement necessary to maintain the integrity or strength of a D-region. 

As stated, it is the goal of the research program to only consider those beams that better 
represent actual bent caps.  This criterion was given the most weight when forming the 
evaluation database.  In addition, it was necessary that the number of remaining beams in the 
evaluation database was statistically significant.  Accordingly, the following criteria were used to 
remove 428 of the less representative specimens from the filtered database (Table 2.1): 

• Beam width, bw, greater than 4.5-inches: 222 specimens had a width less than 4.5-
inches. 

• Shear area, bw·d, greater than or equal to 100-in2: of the remaining dataset, 73 
specimens had a shear area less than 100-in2. 

• Depth, d, greater than or equal to 12-inches: of the remaining dataset, 13 
specimens had a depth less than 12-inches. 

• Transverse reinforcement ratio, Σρ┴, greater than 0.1% (ACI 318 definition, 
Equation 4.7): of the remaining dataset, 120 specimens had Σρ┴ less than 0.1%. 

The remaining database is referred to as the evaluation database and contains 179 
specimens; 35 of which have been tested as part of the current research program (2 specimens 
from this study were filtered out of the evaluation database because they did not contain 
sufficient transverse reinforcement).  Specimens in the evaluation database are considered to be 
more representative of deep beams in the field than those that were filtered out.  The data from 
the tests in the evaluation database were used throughout the remainder of the current research 
program in evaluating and formulating STM design provisions.  The complete details of the 
beams in the evaluation database are presented in Appendix D. 

It is important to note that specimens that failed in shear and in flexure, as reported by the 
researcher, were both included in the evaluation database.  Since strut-and-tie modeling is a 
general procedure that accounts for both shear and flexure through the numerous design checks 
of each nodal face and tension tie, it is appropriate to evaluate both failure modes. 

2.6 Summary 
Deep beam shear behavior is typically analyzed using an empirically derived equation or 

a strut-and-tie model. Strut-and-tie modeling is a simple method that can be used to determine 
the capacity of a complex D-region. The method conforms to the lower bound theory of 
plasticity.  Thus, it is inherently conservative.  A strut-and-tie model is a truss composed of struts 
and ties interconnected by nodes.  To design or analyze a deep beam or D-region with strut-and-
tie models, it is necessary to proportion the nodal regions.  Typically, designers proportion non-
hydrostatic nodes to more closely match the assumed nodal geometry with the actual stress 
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concentrations in the member.  Proportioning the node-to-strut interface determines the 
narrowest and most highly-stressed portion of a strut.  Tensile reinforcement is placed to 
coincide with the centroid of the tie in the strut-and-tie model.  The purpose of presenting the 
background information for deep beam shear behavior and strut-and-tie modeling is to provide a 
foundation to the reader to better understand the project objectives, development of the 
experimental program, and implications of the findings.  Additional background information 
related to each project objective is presented with the results of each objective. 

In Section 2.5, information regarding the development and filtering of a deep beam 
database used in the current project was provided.  After the test results of specimens that lacked 
sufficient details or that were considered grossly unrepresentative of deep beams in the field 
were removed, an evaluation database of 179 test results remained.  This database is used 
throughout the report to supplement the findings of the current project.  Information regarding 
the experimental program is presented in Chapter 3. 
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Chapter 3.  Experimental Program 

3.1 Overview 
In this chapter, details of the design, fabrication, and testing of the specimens in the 

experimental program are provided.  Thirty-seven tests were conducted on beams with various 
section sizes, web reinforcement details, bearing plate details, and a/d ratios.   

3.2 Testing Program 
In the experimental research program, eight individual objectives were addressed 

(Section 1.3).  All of the objectives were associated with the design or performance of reinforced 
concrete deep beams.  The effects of the following variables on the strength and serviceability 
performance of deep beams were specifically addressed with the experimental program: 

1. The distribution of stirrups across the web of the beam (2 legs vs. 4 legs) 
2. Triaxial confinement (via concrete) of nodal regions  
3. The amount of minimum web reinforcement (transverse and longitudinal) 
4. The depth of the member 

The results of these four tasks are presented individually in Chapter 4.  The four remaining 
objectives of the project were addressed with the analysis of the results from the experimental 
program and the evaluation database.  They included: 

5. Improvement of strut-and-tie design method for deep beams 
6. Improvement of the discrepancy in shear design models at the transition from 

deep beam to sectional behavior at an a/d ratio of 2. 
7. Recommendation for limiting diagonal cracking under service loads 
8. Method to correlate maximum width of diagonal cracks to residual capacity of in-

service bent caps  
The results of these four tasks are presented individually in Chapter 5.   

To accomplish the objectives of the current project, it was necessary to develop an 
extensive testing program.  Data in the literature was generally insufficient to address the tasks of 
the project for two reasons.  First, very little serviceability information, primarily diagonal crack 
width data, exists in the literature.  With the exception of task 6, all of the project objectives 
required the evaluation of the serviceability performance of deep beams.  Second, the cross-
sectional dimensions of deep beams, particularly the beam width, tested in the past are drastically 
smaller than those of members in service.  Two of the aforementioned tasks required data from 
specimens with widths of realistic size (tasks 1 and 2).  Task 8 was aimed at the specific 
performance of in-service bent caps and thus, benefitted from data from beams of comparable 
size.  As a whole, it was determined that testing specimens of comparable size to that of 
members in service provided the best means to improve their design and performance.   

A comparison between the cross-sectional dimensions of several bent caps in Texas to 
those of test specimens in the literature is made in Figure 3.1.  The cross-sections of two bent 
caps that experienced significant diagonal cracking problems in service are shown at the far left.  
The cracking problem and required retrofit of the I-45 bent cap in Houston was discussed in 
Section 1.2.  The cross sections of two standard bent caps used by TxDOT to support Type IV 
and Type C prestressed girders are also shown in Figure 3.1.  The cross-sections used in several 
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testing programs that provided the basis for much of the current deep beam design provisions are 
illustrated at the far right of Figure 3.1.  It is clear that the sizes of bent caps in service are 
significantly different from that of the deep-beam specimens tested previously. 

 
   

Previous Research 
that led to Code 

Development

 
Figure 3.1: Scaled comparison between actual bent caps and beams included in past research 

programs. 

The testing program was divided into five series to isolate the primary objectives of the 
research project.  The purpose of Series I through IV was to address tasks 1 through 4 of the 
current project.  Series M consisted of five tests on 36”x48” specimens in which multiple 
objectives were evaluated.  The specimens in Series III and IV were tested at three different a/d 
ratios to specifically address task 6.  All of the specimens in the experimental program were used 
to address tasks 5, 7, and 8.  The titles of each series are as follows: 

• Series I: Distribution of Stirrups across the Beam Web (2 legs vs. 4 legs) 
• Series II: Triaxially Confined Nodal Regions 
• Series III: Minimum Web Reinforcement (see Figure 3.8 for definition) 
• Series IV: Depth Effect 
• Series M: Multiple Purpose 
An overview of the variables used in each test series is provided in Table 3.1.  A brief 

description of each testing series and the details of the test specimens used in each series are 
provided in Sections 3.2.1 to 3.2.5. 
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Table 3.1: Variables in Testing Program. 
Testing 
Series 

b 
in. 

d 
in. 

Support 
Plate† 

Load 
Plate† No. of Stirrup 

Legs ρv* ρh* a/d 
ratio

Se
ri

es
 I 

 
D

is
t. 

of
 

St
ir

ru
ps

 
ac
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ss

 
W

eb
 

21 38.5 16”x21” 20”x21” 

2
0.003 0.003 

1.84 
4
2

0.002 0.002 
4

Se
ri

es
 II

 
  

T
ri

ax
ia

lly
 C

on
fin

ed
 

N
od

al
 R

eg
io

ns
 

21 38.6 

10”x21” 20”x21”

2 

0.003 0.003 

1.84 

10”x21” 10”x7”
10”x21” 36”x21”
5”x7” 36”x21”
5”x7” 36”x21”

0.002 0.002 
10”x21” 10”x7”
10”x21” 10”x21”
5”x21” 20”x21”

Se
ri

es
 II

I 
  

M
in

im
um

 W
eb

 
R

ei
nf

or
ce

m
en

t 

21 38.6 16”x21” 20”x21” 

- 0.000 0.000 
1.84
2.47

2 

0.002 0.002 

1.84 

0.0025 0.0015
0.003 0.003 
0.001 0.001 
0.003 0.003 
0.002 0.002 
0.002 0.002 

1.20 
0.003 0.003 
0.002 0.002 

2.49 
0.003 0.003 

Se
ri

es
 IV

 
 

 
D

ep
th

 E
ff

ec
t 

21 

68.9 

16”x21” 

29”x21” 

2 

0.002 0.002 
1.85 

0.003 0.003 

24”x21” 
0.002 0.002 2.50
0.002 0.002 1.20 

19.5 
16.5”x21” 

0.003 0.003 
1.85 

0.002 0.002 
15.5”x21” 0.002 0.002 2.50
18”x21” 0.002 0.002 1.20

Se
ri

es
 M

 
  

 M
ul

tip
le

 
Pu

rp
os

e 

36 40 16”x36” 

24”x36”

4 

0.003 0.003 

1.85 

8”x12” 0.003 0.003 
24”x36” 0.009 0.003 
24”x36” 0.002 0.002 

24”x36” 2 0.003 0.003 
†  Load plate dimensions: [in direction of span] x [transverse to direction of span] 
*Actual reinforcement ratios differed slightly from targeted values 
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3.2.1 Series I: Distribution of Stirrups across Beam Web 
For the design of CTT nodes, AASHTO LRFD (2008) requires the use of multiple stirrup 

legs in order to utilize the entire width of a beam in determining available strut width (as shown 
in AASHTO LRFD 2008 Figure 5.6.3.3.2-1 (a)).  ACI 318-08 recommends additional stirrup 
legs across the width of wide beams for sectional shear.  In order to investigate these provisions, 
four tests were conducted on specimens with a 21”x44” cross-section.  Additional background 
information regarding this issue and the results of the four Series I tests are provided in Section 
4.3.   

According to AASHTO LRFD (2008), the width of a strut anchored by stirrups is limited 
to a distance equal to six longitudinal bar diameters from the centroid of the stirrups.  Therefore, 
multiple stirrup legs must be provided in order to fully utilize the section.  The reinforcement for 
the Series I specimens was configured in order to specifically evaluate this AASHTO LRFD 
effective strut width provision. An overview of the effective strut widths of the Series I 
specimens is shown in Figure 3.2.  The difference between the effective widths of the struts 
supported by two and four stirrup legs was 11.3 and 21-inches respectively (Figure 3.2), a 46-
percent difference.  

44”

21”5.6”

6db

Two Legs Four Legs

Shaded areas denote available strut width   
according to AASHTO LRFD (2008)

 
Figure 3.2: Effective width of strut anchored by reinforcement at the CCT node. 

The 21”x44” test specimens were designed such that shear was the critical mode of 
failure.  The width was proportioned in order to maximize the width of the specimen, while 
keeping it narrow enough to ease installation to and removal from the test setup.  Two 
distributions of web reinforcement were evaluated: 0.2% and 0.3% reinforcement in each 
direction.  The spacing of the reinforcement was kept relatively constant so that the only variable 
between companion tests was the number of stirrups distributed across the web.  Additional 
details of the Series I specimens are provided in Section 3.2.6 in Table 3.2. 
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Series I: Beam Details 

In order to distinguish Series I specimens from one another, the nomenclature presented 
in Figure 3.3 was developed. Each numeral is a variable within the testing series. Beam details 
other than those shown in the specimen I.D. (Figure 3.3) remained constant and are presented in 
Table 3.2.  

. 

I-03-4

Specimen I.D.

No. of Stirrup Legs

Reinforcement Ratio (nominal):
03 = 0.3% each way
02 = 0.2% each way

Series

I-03-4

Specimen I.D.

No. of Stirrup Legs

Reinforcement Ratio (nominal):
03 = 0.3% each way
02 = 0.2% each way

Series

 
Figure 3.3: Series I: description of nomenclature used for Specimen I.D. 

Geometric and reinforcement details for all the Series I beams are presented in Figure 3.4 
and Table 3.2.  The position of the longitudinal reinforcement in the section was controlled with 
steel chairs.  The clear cover was relatively small (¾” side cover and 1” top and bottom cover) 
for all of the 21” wide specimens when compared with standard TxDOT members.  These values 
were selected due to their agreement with the reinforcement layout and overall width restriction 
of the test specimens.  They match minimum cover for precast conditions which seemed 
appropriate since the specimens were cast in a laboratory with steel formwork and the use of 
form-attached vibrators.  No problems with consolidation were noticed in any of the specimens.  
Durability implications were not a concern for the test specimens. 

 
21”

44”
38.5”

71”42- #6 Bars

6- #11 Bars

Transverse
Reinforcement

(Table 3.2)

20” PL

16” PL

4” oc 4” oc

Clear Cover = ¾” (side); 1” (top and bottom)

7.9” 5.5”5.5”

 
Figure 3.4: Series I beam details. 

3.2.2 Series II: Triaxially Confined Nodal Regions 
Researchers (Hawkins, 1968; Adebar and Zhou, 1993; and MacGregor and Wight, 2005) 

agree that triaxial confinement from surrounding concrete can increase its compressive strength. 
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However, there is not a code provision in place allowing an increase in the strength of a triaxially 
confined nodal zone in ACI 318-08 or AASHTO LRFD (2008). Triaxial confinement within 
nodal zones is an important issue as the size of a bearing plate can have a pronounced effect on 
the capacity predicted from a STM.  Additional background information regarding this issue and 
the results of the Series II specimens are presented in Section 4.4. 

In order to investigate the effect of triaxial confinement within a deep beam nodal region, 
identical tests were conducted in which the only variable was the size of the bearing plate.  For a 
plate to be triaxially confined by surrounding concrete, its width must be substantially less than 
that of the beam.  Concurrently, it was important that the width of the test specimen was large 
enough such that there was a significant difference between a reduced and full size bearing plate.  
For the specimens tested in Series II, the width of the bearing plates used to achieve triaxially 
confined nodes was three times narrower than the width of the beam (e.g. from 21-inches to 7-
inches). Triaxial confinement was investigated at both the load (CCC node) and support (CCT 
node) bearing plates.  The plate sizes used for the eight tests conducted in Series II are illustrated 
in Figure 3.5.  All of the specimens had a 21”x42” cross-section. 

Load Plate

Support Plate Sizes Load Plate Sizes

CCT
Node

42”

21”

CCC
Node

71”
Support Plate

Plan View  
Figure 3.5: Plate sizes investigated within Series II. 

The 21-inch wide specimens were designed in the same manner as the Series I 
specimens; i.e. so that shear would be the dominant mode of failure. Two different quantities of 
web reinforcement were evaluated in Series II to evaluate its effect, if any, on triaxial 
confinement.  Additional details of the Series II specimens are provided in Table 3.2.   

Series II: Beam Details 

In order to distinguish Series II beams from one another, the nomenclature presented in 
Figure 3.6 was developed. Each numeral is a variable within the testing series. Beam details 
other than those shown in the specimen I.D. remained constant and are presented in Table 3.2. 
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II-03-CCC2021

Specimen I.D.

Node under Investigation (e.g. CCC)
Bearing Plate Size (e.g. 20”x21”)

Reinforcement Ratio (nominal):
03 = 0.3% each way
02 = 0.2% each way

Series

 
Figure 3.6: Series II: Description of nomenclature used for Specimen I.D. 

Geometric and reinforcement details for the Series II beams are presented in Figure 3.7.   
 

38.6”42”

12- #11 Bars

21”
6- #11 Bars

71”

Transverse
Reinforcement

(Table 3.2)

L

4” oc

See Table 3.2
for P Sizes

#5, Typ.

Clear Cover = ¾” (side); 1” (top and bottom)  
Figure 3.7: Series II beam details. 

3.2.3 Series III: Minimum Web Reinforcement 
The purpose of the Series III specimens was to determine the appropriate amount of 

minimum reinforcement considering both the strength and serviceability performance of deep 
beams.  In current design provisions, several different recommendations exist for minimum web 
reinforcement.  There is little consensus regarding whether minimum reinforcement should 
address both strength and serviceability considerations.  The results of the specimens tested in 
Series III are provided in Section 4.5. 

Twelve tests were conducted in Series III on 21”x42” specimens.  The specimens were 
tested at three different a/d ratios: 1.2, 1.85, and 2.5.  At an a/d ratio of 1.85, several specimens 
were tested in which the only variable was the quantity of vertical and horizontal web 
reinforcement. At a/d ratios of 1.2 and 2.5, reinforcement corresponding to 0.2% and 0.3% in 
each orthogonal direction was placed in companion specimens.    

The amount of web reinforcement in the test specimens was categorized by the 
reinforcement ratio definitions given in Figure 3.8.  The vertical and horizontal reinforcement 
was placed evenly throughout the shear span and the strut area, respectively.  The height of the 
strut was estimated by subtracting twice the distance from the extreme tension fiber to the 
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centroid of the tension reinforcement and twice the distance from the extreme compression fiber 
to the centroid of the compression reinforcement from the total height of the section (Van 
Landuyt, 2006).  This definition differed from the minimum reinforcement provisions in the 
STM section of AASHTO LRFD (2008) which bases the total amount of horizontal 
reinforcement on the gross concrete section (bw*h).  Since this reinforcement is intended 
primarily to reinforce bottle-shaped struts, it is appropriate to base the amount of reinforcement 
on the area of the bottle-shaped strut. 
 

vw

v
v sb

A
=ρ

bw

sv

hw

h
h sb

A
=ρ

A

A

sh

Ah

Av

Section A-A

 
Figure 3.8: Definition for vertical and horizontal web reinforcement ratios 

As in Series I and II, the specimens in Series III were designed such that shear was the 
critical failure mode.  Thus, the same longitudinal reinforcement (2.3%) was used which enabled 
the comparison of several tests across series.  The primary variables in Series III were the 
quantity of web reinforcement and the a/d ratio.  The spacing of the web reinforcement was not 
directly studied although some comparisons were made possible through the testing program.  
Other variables such as the size of the bearing plates were kept constant.  Complete details are 
summarized in Table 3.2. 

Series III: Beam Details 

In order to distinguish Series III beams from one another, the nomenclature presented in 
Figure 3.9 was developed. Each numeral is a variable within the testing series.  Beam details 
other than those shown in the specimen I.D. remained constant and are presented in Table 3.2. 
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III-1.85-03

Specimen I.D.

Reinforcement Ratio (nominal):
03  =  0.3% each way
025 = 0.25% vert., 0.15% horz.
02  =  0.2% each way
01  =  0.1% each way
00  =  0 % each way

a/d ratio

Series

 

Figure 3.9: Series III: Description of nomenclature used for Specimen I.D. 

Geometric and reinforcement details for the Series III beams are presented in Figure 3.10.  
Similar detailing was used in the Series II and III specimens.   

 

38.6”42”

12- #11 Bars

21”
6- #11 Bars

Varies
See Table 3.2

Transverse
Reinforcement

(Table 3.2)

L

4” oc

20” Load P

Clear Cover = ¾” (side); 1” (top and bottom)
L16” Support  P

 
Figure 3.10: Series III beam details. 

3.2.4 Series IV: Depth Effect 
The purpose of the Series IV specimens was to investigate the effect of member depth on 

the strength and serviceability performance of reinforced concrete deep beams.  Most of the bent 
caps in service in Texas are considerably larger (in width and in depth) than those in the 
literature (Figure 3.1).  It is necessary to understand the effect that member depth may have on 
the performance of deep beams to improve the design of actual structures.  Other researchers 
have concluded that the width of deep beams does not affect their performance provided that the 
beam is laterally stable and can be properly detailed (Kani et al., 1979).   

In Series IV, four tests were conducted on beams with a 21”x75” cross-section.  Four 
tests were conducted on beams with a 21”x23” cross-section.  At an a/d ratio of 1.85, a specimen 
was tested at each depth with 0.2% and 0.3% web reinforcement in each direction.  At a/d ratios 
of 1.2 and 2.5, specimens were tested at each depth with 0.2-percent web reinforcement.  The 
specimens were designed such that they could be directly compared with the 21”x42” specimens 
tested in Series III.  Complete details of the Series IV specimens are summarized in Table 3.2.   
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The size of the nodal regions (CCC and CCT) was kept relatively constant for the 
specimens with different depths that were tested at the same a/d ratio.  This decision was made to 
evaluate the effect of changing the depth of the member without proportionately changing the 
size of the nodal regions.  In this way, the depth of the member was the only variable between 
each test.  Additional discussion regarding the Series IV specimens and their test results is 
provided in Section 4.6.   

Series IV: Beam Details 

In order to distinguish Series IV beams from one another, the nomenclature presented in 
Figure 3.11 was developed. Each numeral is a variable within the testing series.  Beam details 
other than those shown in the specimen I.D. remained constant and are presented in Table 3.2. 

 

IV-2175-1.85-03

Specimen I.D.

Reinforcement Ratio (nominal):
03 = 0.3% each way
02 = 0.2% each way

Beam Size (e.g. 21”x75”)

Series

a/d Ratio

 
Figure 3.11: Series IV - Description of nomenclature used for Specimen I.D. 

Geometric and reinforcement details for the Series IV beams are presented in Figure 
3.12.  Similar beam parameters were used in the Series IV and Series III specimens to permit 
their direct comparison (Table 3.2).   
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23”

42”

75”

19.5”

38.6”

68.9”

21”

21”

21”

Series III Beams

Transverse Reinforcement
See Table 3.2

Transverse Reinforcement
See Table 3.2

16” Support PL

16” Support PL

Load P,  See Table 3.2L

Load P,  See Table 3.2L

See Table 3.2

Table 3.2

12-#11 Bars

22-#11 Bars

6-#8 Bars

12-#8 Bars

Clear Cover = ¾” (side); 1” (top and bottom)

16” Support PL

 
Figure 3.12: Series IV beam details. 

3.2.5 Series M: Multiple Purpose 
The Series M specimens were the first specimens fabricated and tested in the current 

project.  All of the Series M specimens had a 36” x 48” cross-section.  The primary variables in 
Series M were the amount of web reinforcement, the distribution of stirrups across the web, and 
the size of the load plate.  Five tests were conducted.  The results of these tests were used to 
design the rest of the experimental program (Series I through IV) and are included with the 
results of the other Series that addressed a similar objective.  The results from the Series M 
specimens were exceptionally valuable due to the size of the cross-section.    

The Series M specimens were also designed such that shear was the critical failure mode.  
There were some differences between the Series M specimens and those in the other series such 
as the beam width, the ratio of the longitudinal compression reinforcement to the effective area, 
the ratio of the longitudinal tension reinforcement to the effective area, and the concrete cover.  
A larger cover (2” all sides) was used in the Series M specimens as compared to those in Series I 
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through IV since these members were cast with wood formwork and without the benefit of form 
vibrators (Section 3.4.3).  Complete beam details for the Series M specimens are summarized in 
Table 3.2. 

Series M: Beam Details 

In order to distinguish Series M beams from one another, the nomenclature presented in 
Figure 3.13 was developed. Each numeral is a variable within the testing series. Beam details 
other than those shown in the specimen I.D. remained constant and are presented in Table 3.2. 
 

M-03-4-CCC2436

Specimen I.D.

Reinforcement Ratio (nominal):
09 = 0.9% vert., 0.3% horz.
03 = 0.3% each way
02 = 0.2% each way

Series

No. of Stirrup Legs

Node under Investigation (e.g. CCC)
Bearing Plate Size (e.g. 24”x36”)

 
Figure 3.13: Series M - description of nomenclature used for Specimen I.D. 

Geometric and reinforcement details for the Series M beams are presented in Figure 3.14.   
 

36”

40”

See Table 3.4
For P Sizes4- #11

27- #11 Bars 74”

48”

4” oc 4” oc

Transverse
Reinforcement

(Table 3.4)

L

16”x36” PL

14.8”8.4” 8.4”

 
Figure 3.14: Series M beam details. 

3.2.6 Summary of Test Specimen Details 
Thirty-seven beam tests were conducted in the current experimental program.  The deep 

beams tested represent some of the largest deep beam shear tests available in the literature.  As 
seen in Figure 3.15, the specimens from the current study populate the upper bound of the deep 
beam data in the literature as measured by the shear area of the beam (bwd).  As previously 
noted, the objectives of the current study necessitated the testing of specimens of comparable 
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size to field members.  A comparison between bent caps used in the State of Texas, the beams in 
the current study, and beams from previous research projects is provided in Figure 3.16.   

 

0
200
400
600

800
1,000
1,200
1,400
1,600

0.000 0.010 0.020 0.030 0.040

Vertical Reinforcement Ratio, ρv

S
he

ar
 A

re
a,

 b
w
·d

 (i
n2

) Current Study (37 tests)

Past Studies (868 tests)

 
Figure 3.15: Comparison of beams sizes between current and past studies. 

 

Present Study

Previous Research 
that led to Code 

Development

 
Figure 3.16: Scaled comparison of actual bent caps and beams included in current and past 

research programs. 

A summary of the details for the 37 tests in the experimental program is presented in 
Table 3.2.  The experimental results for the test specimens are provided and discussed in Chapter 
4.  The variables used in Table 3.2 are defined as follows: 
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bw = beam width, in. 
h =  beam height, in. 
d =  distance form extreme compression fiber to centroid of tensile reinforcement, in. 
ρl = ratio of longitudinal tensile reinforcement to effective area (As / bwd) 
ρl′ = ratio of longitudinal compression reinforcement to effective area (A′s / bwd) 
ρv = ratio of vertical web reinforcement to effective area (Av / bwsv) 
sv =  spacing of vertical web reinforcement, in. 
ρh = ratio of horizontal web reinforcement to effective area (Ah / bwsh) 
sh = spacing of horizontal web reinforcement, in. 
Load Plate = dimensions of the load bearing plate measured in the longitudinal 

and transverse direction of the beam (l x w), in. 
Support Plate = dimensions of the support bearing plate measured in the longitudinal 

and transverse direction of the beam (l x w), in. 
a/d ratio = shear span-to-depth ratio 



Table 3.2: Summary of all beam details. 

Beam I.D. bw 
in. 

h 
in. 

d 
in. ρl ρl′ ρv 

Size and 
Spacing 

(sv)
ρh 

Size and 
Spacing 

(sh) 

Support 
Plate 

in. 

Load 
Plate 

in. 

a/d 
ratio

I-03-2 21 44 38.5 0.0229 0.0116 0.0029 #4 @ 6.5” 0.0033 #4 @ 5.75” 16x21 20x21 1.84 
I-03-4 21 44 38.5 0.0229 0.0116 0.0030 #3 @ 7.0” 0.0033 #4 @ 5.75” 16x21 20x21 1.84 
I-02-2 21 44 38.5 0.0229 0.0116 0.0020 #4 @ 9.5” 0.0020 #4 @ 9.5” 16x21 20x21 1.84 
I-02-4 21 44 38.5 0.0229 0.0116 0.0021 #3 @ 10.0” 0.0020 #4 @ 9.5” 16x21 20x21 1.84 
II-03-CCC2021 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0045 #5 @ 6.6” 10x21 20x21 1.84 
II-03-CCC1007 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0045 #5 @ 6.6” 10x21 10x7 1.84 
II-02-CCC1007 21 42 38.6 0.0231 0.0115 0.0020 #5 @ 15.0” 0.0019 #4 @ 10.1” 10x21 10x7 1.84 
II-02-CCC1021 21 42 38.6 0.0231 0.0115 0.0020 #5 @ 15.0” 0.0019 #4 @ 10.1” 10x21 10x21 1.84 
II-03-CCT1021 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0045 #5 @ 6.6” 10x21 36x21 1.84 
II-03-CCT0507 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0045 #5 @ 6.6” 5x7 36x21 1.84 
II-02-CCT0507 21 42 38.6 0.0231 0.0115 0.0020 #5 @ 15.0” 0.0019 #4 @ 10” 5x7 36x21 1.84 
II-02-CCT0521 21 42 38.6 0.0231 0.0115 0.0020 #5 @ 15.0” 0.0019 #4 @ 10.1” 5x21 20x21 1.84 
III-1.85-00 21 42 38.6 0.0231 0.0115 0.000 - 0.000 - 16x21 20x21 1.84 
III-2.5-00 21 42 38.6 0.0231 0.0115 0.000 - 0.000 - 16x21 20x21 2.47 
III-1.85-02 21 42 38.6 0.0231 0.0115 0.0020 #5 @ 14.5” 0.0019 #4 @ 10.1” 16x21 20x21 1.84 
III-1.85-025 21 42 38.6 0.0231 0.0115 0.0024 #5 @ 12.0” 0.0014 #3 @ 7.6” 16x21 20x21 1.84 
III-1.85-03 21 42 38.6 0.0231 0.0115 0.0029 #5 @ 10.0” 0.0029 #5 @ 10.1 16x21 20x21 1.84 
III-1.85-01 21 42 38.6 0.0231 0.0115 0.0010 #4 @ 18.0” 0.0014 #3 @ 7.6” 16x21 20x21 1.84 
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Table 3.2 (cont.’d): Summary of all beam details 

Beam I.D. bw 
in. 

h 
in. 

d 
in. ρl ρl′ ρv 

Size and 
Spacing (sv) 

ρh Size and 
Spacing (sh) 

Support 
Plate 

in. 

Load 
Plate 

in. 

a/d 
ratio 

III-1.85-03b 21 42 38.6 0.0231 0.0115 0.0031 #4 @ 6.0” 0.0029 #5 @ 10.1” 16x21 20x21 1.84 
III-1.85-02b 21 42 38.6 0.0231 0.0115 0.0020 #4 @ 9.5” 0.0019 #4 @ 10.1” 16x21 20x21 1.84 
III-1.2-02 21 42 38.6 0.0231 0.0115 0.0020 #4 @ 9.5” 0.0019 #4 @ 10.1” 16x21 20x21 1.20 
III-1.2-03 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0029 #5 @ 10.1” 16x21 20x21 1.20 
III-2.5-02 21 42 38.6 0.0231 0.0115 0.0020 #4 @ 9.5” 0.0019 #4 @ 10.1” 16x21 20x21 2.49 
III-2.5-03 21 42 38.6 0.0231 0.0115 0.0031 #5 @ 9.5” 0.0029 #5 @ 10.1” 16x21 20x21 2.49 
IV-2175-1.85-02 21 75 68.9 0.0237 0.0129 0.0021 #4 @ 9.5” 0.0019 #4 @ 10.1” 16x21 29x21 1.85 
IV-2175-1.85-03 21 75 68.9 0.0237 0.0129 0.0031 #5 @ 9.5” 0.0029 #5 @ 10.1” 16x21 29x21 1.85 
IV-2175-2.5-02 21 75 68.9 0.0237 0.0129 0.0021 #5 @ 14.25” 0.0021 #5 @ 14.25” 16x21 24x21 2.50 
IV-2175-1.2-02 21 75 68.9 0.0237 0.0129 0.0021 #5 @ 14.25” 0.0021 #5 @ 14.25” 16x21 24x21 1.20 
IV-2123-1.85-03 21 23 19.5 0.0232 0.0116 0.0030 #4 @ 6.25” 0.0030 #4 @ 6.25” 16x21 16.5x21 1.85 
IV-2123-1.85-02 21 23 19.5 0.0232 0.0116 0.0020 #3 @ 5.25” 0.0017 #3 @ 6.25” 16x21 16.5x21 1.85 
IV-2123-2.5-02 21 23 19.5 0.0232 0.0116 0.0020 #3 @ 5.25” 0.0017 #3 @ 6.25” 16x21 15.5x21 2.50 
IV-2123-1.2-02 21 23 19.5 0.0232 0.0116 0.0020 #3 @ 5.25” 0.0017 #3 @ 6.25” 16x21 18x21 1.20 
M-03-4-CCC2436 36 48 40 0.0293 0.0043 0.0031 #5 @ 11” 0.0027 #5 @ 6.5” 16x36 24x36 1.85 
M-03-4-CCC0812 36 48 40 0.0293 0.0043 0.0031 #5 @ 11” 0.0027 #5 @ 6.5” 16x36 8x12 1.85 
M-09-4-CCC2436 36 48 40 0.0293 0.0043 0.0086 #5 @ 4” 0.0027 #5 @ 6.5” 16x36 24x36 1.85 
M-02-4-CCC2436 36 48 40 0.0293 0.0043 0.0022 #4 @ 10” 0.0022 #5 @ 8” 16x36 24x36 1.85 
M-03-2-CCC2436 36 48 40 0.0293 0.0022 0.0031 #7 @ 11” 0.0027 #5 @ 6.5” 16x36 24x36 1.85 

 
 



3.3 Testing Frame 
A new test setup was designed and constructed in the Phil M. Ferguson Structural 

Engineering Laboratory to load the test specimens to failure.  A key component of the new 
testing frame was a 96,000-pound steel platen or strong floor.  The strong floor was salvaged 
from a six-million pound capacity testing frame that had been decommissioned by the Navy and 
donated to the Ferguson Laboratory.  Illustrations of the final test setup are presented in Figure 
3.17 and Figure 3.18. The construction and installation of the strong floor is depicted in Figure 
3.19. Also, a picture of the test setup immediately prior to a test is presented in Figure 3.19. For 
additional details on the design and construction of the testing frame, refer to Huizinga (2007). 

 

 
Figure 3.17: Elevation view of test setup  

 

39 
 



 
Figure 3.18: Section view of test setup 
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(a)      (b) 

  
(c)       (d) 

 
(e) 

Figure 3.19: Installation of strong floor: (a) steel platen (b) floor excavation (c) fabrication of 
platen support (d) lowering of platen into position, and (e) test setup. 

The test setup was designed for an upside-down simply-supported beam test.  The load 
was applied via a 5 million pound capacity, double-acting hydraulic ram.  At each support, 6 – 3-
inch diameter, threaded rods resisted the applied load.  In the current configuration, the test setup 
can resist a shear force of approximately 1.5 million pounds or an applied load at midspan of 
approximately 3 million pounds.  
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At each support, pin connections were created with two 2-inch steel plates sandwiching a 
two-inch diameter steel bar.  The bar was welded to the bottom plate to simulate a pinned 
connection.  Horizontal movement was permitted by the flexibility of the 6 threaded rods at each 
support.  A thin layer of hydrostone was applied to the top surface of the test specimens at the 
location of the support plates to provide a planar reaction surface.  At the applied load, rotation 
was permitted with a 3-inch diameter steel bar.  The bar was allowed to roll freely between two 
four-inch thick steel plates.  A smaller ½-inch thick steel plate was placed on top of the upper 4-
inch plate to obtain the desired size of the load plate.  Hydrostone was also placed between this 
plate and the bottom surface of the test specimen to obtain a planar bearing surface.   

3.4 Fabrication of Specimens 
Specimens were constructed using conventional materials.  The use of steel formwork 

accelerated the fabrication process and provided dimensional accuracy.  In general, the assembly 
of the reinforcement cage, installation of strain gauges, placement of concrete, and removal of 
formwork took about two weeks to complete per specimen.  Beams were tested at a minimum of 
28-days after concrete placement.  

3.4.1 Steel Reinforcement 
Steel reinforcement (rebar) was domestic Grade 60 deformed bars meeting the 

requirements of ASTM A615. Cross sectional dimensions of the bars complied with the nominal 
sizes given in ASTM A615. 

Each rebar order delivered to the Ferguson Laboratory was accompanied with a set of 
four coupons of each bar size.  The tensile strength of the coupons was measured in accordance 
with ASTM A370.  At least three of the coupons were tested for each bar size.  The tensile 
strength of the longitudinal and web reinforcement for Series I, II, III, IV and M test specimens 
are provided in Table 4.1. 

3.4.2 Concrete Mixture Design 
Typically, TxDOT engineers specify the compressive strength of concrete used for a bent 

cap to be between 3600 and 5000-psi. As a result, the specified compressive strength of concrete 
used for the experimental program was designed to be within the same range. The actual 
measured compressive strength of concrete ranged between 3120 and 5330-psi. Concurrent with 
the placement of concrete for each beam, standard 4”x8” cylinders were prepared in accordance 
with ASTM C31 and tested in accordance with ASTM C39. Proportions of the concrete mixture 
are presented in Table 3.3. 
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Table 3.3: Concrete mixture proportions 

Material Quantity 
Type I Portland Cement 300 to 317 lb/cy 
Fly Ash 79 to 83 lb/cy 
CA: ¾” River Rock 1800 to 1850 lb/cy 
FA: Sand 1370 to 1515 lb/cy 
Water 29 to 31 gallons/cy 
HRWR* Admixture 15 to 20 oz/cy 
Set Retardant Admixture 6 oz/cy 
Water/Cement Ratio 0.62 to 0.68 
Slump 4 to 8 inches 

*HRWR: High Range Water Reducing (i.e. Superplasticizer) 

3.4.3 Construction of Specimens 
The reinforcing steel was supplied by a local steel manufacturer.  All of the steel was 

delivered in the specified lengths and with the appropriate bends.  The reinforcement cages were 
assembled in the laboratory and upon completion, were moved to the casting area.  The 
specimens were cast in the same orientation as they were tested.  Since the beams were loaded 
from beneath, the primary tension steel was located at the top of the section.    

The concrete used to fabricate the specimens was provided from a local ready-mix 
supplier. Upon the arrival of concrete at the Ferguson Laboratory, a slump test was conducted 
according to ASTM C143. If necessary, additional water was added to increase the slump to 
approximately 6 ± 2-inches. In all cases where water was added, the additional amount did not 
exceed the amount of water that was held back at the batch plant (as indicated on the batch 
tickets). Twelve to twenty 4-inch diameter cylinders were prepared in accordance with ASTM 
C31. The cylinders were covered with a plastic sheet and cured under the same ambient 
conditions as the beam specimens. 

For the 21”x75” and the 36”x48” specimens, two ready-mix trucks were required to 
supply enough concrete to cast each of the specimens.  Each truck was filled with the same 
mixture design from the same batch plant.  In every case, the second truck was scheduled to 
arrive approximately 30-minutes after the first truck.  This schedule kept the idling time for the 
second truck at a minimum and eliminated the presence of a cold joint.  Standard 4-inch diameter 
cylinders were prepared from the concrete in each truck.  The concrete strength from one truck 
was generally within 20-percent of the concrete strength of the other.  The compressive strength 
values reported for these large specimens were the weighted average of the results of three 
cylinders from each truck on the day of the test.   

All specimens were fabricated relatively quickly and with accurate dimensional 
tolerances due to the use of steel formwork.  External pneumatic vibrators attached to a bracket 
that moved along the length of the formwork and internal rod vibrators, or stingers, placed in the 
concrete from the top were used to help consolidate the concrete. After the placement of 
concrete, the beams were covered with a plastic sheet and cured under the ambient laboratory 
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conditions. An illustration of the fabrication procedure from assembly of reinforcing cages to 
removal of formwork for a 21”x42” specimen is presented in Figure 3.20. 

 

  
(a)      (b) 

  
(c)      (d) 

  
(e)      (f) 

Figure 3.20: Fabrication of a typical beam: (a) assembly of reinforcement cage (b) placement of 
cage in formwork (c) forms in place prior to concrete placement (d) placement of concrete (e) 

beam curing (f) test specimen after the removal of forms. 

The fabrication of the 21”x23” and the 21”x75” specimens was carried out in a similar 
fashion to that of the standard 21”x42” specimens.  The steel cages were tied in the laboratory 
and lifted with a spreader beam and crane to the casting area.  For the 23-inch deep specimens, 
smaller 24-inch tall steel side forms were used to cast the beams.  For the 75-inch specimens, the 
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24-inch side walls were bolted to the top of the original 52-inch tall side forms with 33 – 5/8-
inch diameter bolts.  A couple of pictures illustrating the fabrication of a 21”x75” specimen are 
provided in Figure 3.21.   

 

 
(a) 

 
(b) 

Figure 3.21: Fabrication of a 21”x75” beam: (a) movement of reinforcement cage into 
formwork (b) placement of concrete into steel formwork 

 
The fabrication of the 36”x48” specimens was accomplished with wooden formwork.  

Numerous crossties and wooden kickers were used to provide lateral stability to the formwork.  
Only internal rod vibrators were used to aid in the consolidation of the concrete.  For this reason, 
a clear cover of 2-inches was provided for these specimens.  A couple of pictures illustrating the 
fabrication of a 36”x48” specimen are provided in Figure 3.22. 
 

 
(a) (b) 

Figure 3.22: Fabrication of a 36”x48” beam: (a) tied reinforcement cage (b) placement of 
concrete into wooden formwork 
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  After casting, all of the specimens were moved into the test setup with an overhead 
crane.  Two-inch diameter steel bars were inserted into PVC sleeves that were cast in the 
specimen.  Large steel cables were looped around the steel bars immediately adjacent to the side 
of the specimen to prevent bending of the bars.  The specimen was then lifted and placed in the 
test setup with an overhead, 25-ton capacity crane. 

3.5 Instrumentation  
Several different instruments were used to obtain data during the tests in the experimental 

program.  The instruments included steel and concrete electrical strain gauges, linear 
potentiometers, load cells, and crack comparator cards.  Details regarding each of these devices 
are provided in this section.   

3.5.1 Strain Measurements: Reinforcing Bars 
Strain gauges were affixed to the transverse and longitudinal reinforcement in order to 

measure the change in strain. The gauge type was FLA-3-11-5LT manufactured by Tokyo Sokki 
Kenkyujo Co. These gauges are intended for general purpose mild steel applications. The width 
and length of the gauges were 1.5- and 3-mm, respectively, with a resistance of 120-ohms (± 
0.5) (Figure 3.23).  The surface of the reinforcement was lightly sanded and polished to provide 
a relatively smooth surface for the application of the strain gauges.  Care was taken not to 
significantly reduce the cross section of the reinforcement.  The gauges were glued to the 
reinforcement, sealed with acrylic, protected with a neoprene pad, and taped to further isolate 
them from the water in the concrete.  

 

   
Figure 3.23: Installation of strain gauge for measuring steel strains. 

Typical locations of internal strain gauges for the Series I through IV specimens are 
illustrated in Figure 3.24.  Only one test region is shown in each of the sketches in Figure 3.24.  
The 36”x48” Series M beams had internal gauges in a similar arrangement to the Series II 
specimens.   
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Gauges on Internal 
and External Stirrups

Gauges at Load Point
(extreme layer)  

(a) Series I 

Gauges on Stirrups

Gauges at Load Point
(extreme layer)

(b) Series II 

Gauges on Stirrups

Gauges at Load Point
(extreme layer)

Gauges at Back Face of 
CCT Node (both layers)

 
(c) Series III – a 

Gauges on Stirrups and Horizontal Bars

Gauges at Load Point and along 
Shear Span (extreme layer)  

(d) Series III – b & IV

Figure 3.24: Typical internal strain gauge locations for each series 

Strain gauges were attached to the stirrups along the assumed centerline of the inclined 
strut in all of the test specimens (Figure 3.24). The purpose of locating a gauge along the strut 
centerline was to measure steel strains at or close to the primary diagonal splitting crack.  Four 
stirrups were instrumented within the test regions of the Series I beams (Figure 3.24(a)).  In each 
of these locations, both external and internal stirrups legs were instrumented.  None of the Series 
II, III, or IV beams contained internal stirrups.  For those beams, both legs of each external 
stirrup shown in Figure 3.24 were instrumented.  In addition, for most of the Series III and all of 
the Series IV specimens, the horizontal reinforcement was instrumented at the intersection with 
the assumed diagonal strut.  An example of this arrangement is provided in Figure 3.24 (d). 

The strain in the primary tension reinforcement was also monitored in each specimen.  
For the Series I through IV specimens, the longitudinal strain was measured in at least three of 
the bars in the outermost layer at the location of the applied load (Figure 3.24).  The purpose of 
providing gauges at this location was to monitor the maximum strain in the reinforcement as the 
beam was loaded to failure.   

Additional strain gauges were attached to the longitudinal reinforcement in the Series III 
and IV specimens.  In most of the Series III specimens and in all of the Series IV specimens, 
strain gauges were applied to the longitudinal bars along the test region (Figure 3.24 (d)).  The 
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purpose of these gauges was to monitor the strain in the primary tension tie throughout the shear 
span.  Other researchers have monitored this strain to compare the behavior of the test specimen 
to an assumed strut-and-tie model (Rogowsky et al., 1986, Quintero-Febres et al., 2006, and Tan 
et al., 2007).  In a single-panel strut-and-tie model, the force in the primary tension tie is constant 
throughout the shear span.  Therefore, the data from this instrumentation in the Series III and IV 
beams was used to assess the applicability of a single-panel STM for several a/d ratios and 
specimen sizes.   

In specimens III-1.85-02 and III-1.85-025, all twelve longitudinal bars were instrumented 
at the back face of the CCT node (Figure 3.24 (c)).  The purpose of measuring the strain at the 
back face of the CCT node was to examine the accuracy and conservatism of the modeling 
assumptions typically made to determine the back face dimension. The depth of the back face of 
a CCT node is commonly assumed to be equal to twice the distance from the exterior of the 
beam to the centroid of the tension reinforcement (Section 2.3). Often times, the distance is quite 
small; resulting in a small area to resist the applied force assumed from a STM. By measuring 
the internal straining of the bars, the amount of stress applied to the back face of the CCT node 
could be quantified.  Similar strain measurements were taken from strain gauges applied to the 
surface of the concrete (Section 3.5.2). 

3.5.2 Strain Measurements: Concrete Surface 
Strain gauges were affixed to the surface of the beam as well. The gauge type was PL-60-

11-5LT manufactured by Tokyo Sokki Kenkyujo Co. These gauges are intended for general 
purpose concrete surface applications. The gauges have a width of 8-mm, a length of 60-mm and 
a resistance of 120-ohms (± 0.5) (Figure 3.25).  The surface of the concrete was lightly sanded to 
remove the outer paste and expose any minor voids.  Then, a thin coat of epoxy was applied to 
the cleaned surface.  Care was taken to apply the epoxy as smooth as possible.  After 
approximately 24-hours, the epoxy was sanded and cleaned with acid and base solutions 
provided by the manufacturer of the strain gauges.  The gauges were then glued into place. 
 

   
Figure 3.25: Installation of a concrete surface gauge for measuring concrete strains. 

The back face of CCT nodes were instrumented with concrete surface strain gauges for 
all of the Series I specimens and the following specimens within Series II and III: II-03-
CCT1021 and II-03-CCT0507; III-1.85-00, III-1.85-02, and III-1.85-025. The location of these 
concrete gauges is illustrated in Figure 3.26. 
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Figure 3.26: Concrete strain gauge locations 

The purpose of measuring external strains was to verify the modeling assumption used to 
proportion the back face of a CCT node. By measuring the strain of the concrete, the accuracy 
and conservatism of hydrostatic and non-hydrostatic node geometry assumptions could be 
examined. The strain gauges affixed to the reinforcement at the CCT back face (Section 3.5.1) 
were located in the same plane as the surface gauges in order to compare the values from the two 
locations. 

3.5.3 Load and Displacement Measurements 
500-kip capacity load cells were placed between the transfer beam and the reaction nuts 

at all twelve rod locations, six at each support (Figure 3.27). Therefore, it was possible to directly 
measure the reaction at each support. The position of the load cells on top of the transfer beam is 
illustrated in Figure 3.27. 

 

 

Reaction Nuts 

Threaded Support 
Rods 

500 Kip 
Load Cells 

Transfer 
Girder 

Figure 3.27: Load cells measure the reaction in each rod. 

Four 6-inch linear potentiometers were used to measure the displacement of a beam 
during testing. Linear potentiometers were located at the supports, load point, and centerline of 
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the beam. The locations of the linear potentiometers are shown in Figure 3.28. A photograph of 
the linear potentiometer used to measure the load plate displacement is presented in Figure 3.29. 

 
 

CLCL

Linear Potentiometer Locations

 
Figure 3.28: Linear potentiometer locations. 

 
Figure 3.29: Linear potentiometer used to measure the displacement at the load point. 

The purpose of the linear potentiometers was to measure the deflections of the beam 
throughout the test.  The test specimens underwent rigid body motion as they were lifted off of 
their supports at the start of the test and as the 3-inch diameter support rods elongated. The 
displacement measured at the supports was used to subtract the rigid body motion from the beam 
deformations.  An illustration of the rigid body motion and beam deformation early in the test is 
presented in Figure 3.30.  An illustration of the rigid body motion and beam deformation after 
both transfer girders engaged the reaction nuts is presented in Figure 3.31.  It is important to note 
that the shear in the test region was accurately measured throughout this loading history due to 
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the location of the load cells on each support rod.  The beam displacement at the location of the 
load throughout the test, ΔBEAM, was determined according to Equation 3-1. 

 

ΔNEAR
ΔFAR

ΔBEAM

ΔRBM

Load
Point

αL (1 – α )·L

Reaction
Point

Reaction
Point

 
Figure 3.30: Diagram of beam displacements due to rigid body motion and flexural and shear 

deformations early in the test 

ΔNEAR
ΔFAR

ΔBEAM

ΔRBM

Load
Point

αL (1 – α )·L

Reaction
Point

Reaction
Point

 
Figure 3.31: Diagram of beam displacements due to rigid body motion and flexural and shear 

deformations after all reaction nuts are engaged 

( ) ( FARNEARFARRBM 1 )ΔΔαΔΔ −⋅−+=  (3.1) 

RBMLOADBEAM ΔΔΔ −=  

Where, 
ΔRBM = Displacement due to rigid body motion 
ΔNEAR = Recorded displacement at near reaction point 
ΔFAR = Recorded displacement at far reaction point 
ΔLOAD = Recorded displacement at load point 
ΔBEAM = Displacement due to flexural and shear deformations 

3.5.4 Crack Width Measurements 

Diagonal crack width measurements were collected for the test specimens as part of the 
experimental program. At each load increment, the maximum width of any diagonal crack was 
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recorded on each face of the shear span under investigation.  The measurements were obtained 
by graduate students with the use of a crack comparator card (Figure 3.32).  The measurements 
from the two students were averaged producing diagonal crack width data at each load increment 
for each face of the test specimen.  No distinction was made between flexure-shear cracks or 
web-shear cracks.  As long as the crack formed a significant angle with respect to the vertical, it 
was considered a diagonal crack.  In general, the maximum width of a diagonal crack was near 
the midheight of the member.  A picture illustrating the crack width measurement for a 21”x75” 
test specimen is shown in Figure 3.32.   Due to the size of these specimens, scaffolding was 
needed to access the specimen. 
 

IV-2175-1.85-03

 
Figure 3.32: Example of crack width measurement technique 

3.6 Test Procedure 
Beams were loaded monotonically in 50 to 150-kip increments depending on the size of 

the specimen.  Generally, the amount of load in each increment was taken as 10-percent of the 
expected ultimate capacity.  After each load increment, cracks were marked and the width of the 
widest diagonal shear crack on each face of the beam was recorded by two graduate students. 
Photographs were taken after each load increment, and the entire test was recorded with a video 
camera. 

Two tests were conducted on each beam.  First, the beam was loaded near one support 
corresponding to the appropriate a/d ratio.  The behavior of the specimen was monitored until a 
shear failure was reached in the test region.  Then, external post-tensioned clamps were installed 
to strengthen the previously sheared portion of the beam.  The hydraulic actuator was moved to 
the opposite end of the beam and positioned based on the appropriate a/d ratio.  The beam was 
loaded again, and the behavior of the second test region was monitored.  An illustration of the 
process of testing one side of a beam, securing the failure zone with clamps, and testing the other 
side is presented in Figure 3.33. 
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Test Region A

Test Region B

Failure Crack

Failure Crack

External Clamps

(a)

(b)

 
Figure 3.33: Each end of a beam is loaded to failure resulting in two tests: (a) shear failure in 

Test Region A (b) and shear failure in Test Region B with external post-tensioned clamps in Test 
Region A 

During the first test of each 42-inch specimen, the low-shear span was subjected to shear 
up to 40-percent of its ultimate capacity.  Under this amount of load and corresponding moment, 
the specimen generally cracked.  Therefore, the second test of each 42-inch beam was conducted 
on a pre-cracked shear span.  As a result, the load at first diagonal cracking was only obtained 
for the first test of each 42-inch specimen.  For the 23-inch specimens, the region for the second 
test remained uncracked during the first test due to the low level of shear and moment in the 
region of the second test.  For the two 75-inch specimens, the size of the specimen was chosen 
such that the resulting a/d ratios on each side of the beam matched the appropriate a/d ratios of 
the experimental program.  Therefore, two tests were conducted simultaneously for these two 
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specimens.  Both sides of the beam were monitored during the start of the test.  After one side of 
the beam failed, the applied load was removed and external post-tensioned clamps were attached 
to the failed shear span as before.  Then, the load was reapplied at the same location until the 
other side of the beam failed.  In both cases, the external clamps provided enough additional 
shear strength to obtain a shear failure in the opposite span.  Pictures illustrating the test 
sequence procedure for IV-2175-2.5-02 and IV-2175-1.2-02 are provided in Figure 3.34.   
 

Failure Crack

Failure 
Crack

(a)

(b)

External 
Clamps

Test Region A

Test Region B

 
Figure 3.34: Hydraulic ram was not moved for 75-inch specimens: (a) shear failure in Test 

Region A (b) shear failure in Test Region B with external post-tensioned clamps in Test Region A 

 Nineteen (19) beams were tested in the aforementioned manners, i.e. two tests on each 
beam.  One test on a 36”x48” specimen was a pilot test in which the size of the load plate was 
changed twice prior to reaching failure in the specimen.  The results of this test are not included 
in this report since the bearing plate dimensions were not constant in the test.  As such, 37 valid 
tests were conducted in the experimental program.    

The photographs of the test regions in this report are generally flipped so that the shear 
region is viewed in a conventional manner; i.e. with the tension steel at the bottom of the beams, 
and the load applied from the top.  A typical figure and corresponding photograph location are 
presented in Figure 3.35.   
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(a)

(b)

Picture Location

Vtest = 500 kip
10.7√fc′·bw·d
0.19 fc′·bw·d

 
Figure 3.35: (a) Photographs are orientated upside-down in order to present test results in 

conventional manner; (b) actual picture location. 

3.7 Summary 
In this chapter, the details of the experimental program were provided.  The experimental 

program was designed to address several objectives in the current project.  Specifically, the test 
specimens were designed to evaluate the effect of (1) the distribution of stirrups across the beam 
web, (2) triaxially-confined nodal regions, (3) minimum web reinforcement, and (4) member 
depth on the strength and serviceability performance of reinforced concrete deep beams.  Due to 
the nature of these objectives, specimens of comparable size to field members were designed and 
tested.  Thirty-seven tests were conducted in all on beams with the following cross-sections: 
21”x23”, 21”x42”, 21”x44”, 21”x75”, and 36”x48”.  The sizes of the test specimens were shown 
to be among the largest deep beams available in the literature. 

In addition, the details of the testing procedure were provided in this chapter.  Two tests 
were conducted on each beam with the aid of external post-tensioned clamps.  During each test, 
several instruments were monitored.  They included 500-kip capacity load cells on each support 
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rod, numerous electrical strain gauges on the rebar and on the concrete surface, and linear 
potentiometers measuring the deflection of the beam.  Also, the maximum width of diagonal 
cracks was recorded during each load increment on both sides of the test region.  

 The test results for the experimental program are presented in Chapter 4.  Based on the 
data obtained from the experimental program and from the evaluation database, the results from 
additional objectives of the current project are presented in Chapter 5. 

56 
 



Chapter 4.  Experimental Results 

4.1 Overview 
In this chapter, the experimental results of the testing program are presented in detail.  

Specifically, the following four tasks are addressed.   
• Distribution of stirrups across the web (Section 4.3) 
• Triaxially confined nodal zones (Section 4.4) 
• Minimum web reinforcement (Section 4.5) 
• Effect of member depth (Section 4.6) 

Prior to the discussion of these individual tasks, a summary of the experimental results 
for all of the test specimens is provided for quick reference.  In addition, important information 
regarding the evaluation of the strength and serviceability data is given to aid the reader.   

4.2 Summary of Experimental Results 
The experimental results for the 37 tests conducted in the experimental program are 

presented in Table 4.1.  Other important details of the test specimens were provided previously 
in Table 3.2.  The variables used in Table 4.1 are defined as follows: 

bw = beam width, in. 

d =  distance from extreme compression fiber to centroid of tensile reinforcement, 
in. 

fc′ = compressive strength of concrete at the time of testing measured in 
accordance with ASTM C39 (Section 3.4.2), psi. 

fyl = yield strength of longitudinal reinforcement measured in accordance with 
ASTM A370 (Section 3.4.1), ksi. 

fyv = yield strength of vertical web reinforcement measured in accordance with 
ASTM A370 (Section 3.4.1), ksi. 

fyh = yield strength of horizontal web reinforcement measured in accordance with 
ASTM A370 (Section 3.4.1), ksi. 

a/d ratio =  shear span-to-depth ratio 

Vcrack =  shear carried in the test region when the first diagonal crack formed, kip 
 Specific details regarding the determination of the diagonal cracking load 

are presented in Section 4.2.2 

Vtest = maximum shear carried in test region, including the estimated self weight of 
the specimen and transfer girders, kip 

 Specific details regarding the determination of the applied shear force are 
presented in Section 4.2.1 
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Table 4.1: Summary of experimental results. 
Beam I.D. bw 

in. 
d 
in. 

fc′ 
psi 

fyl 
ksi 

fyv 
ksi 

fyh 
ksi 

a/d 
ratio 

Vcrack 
kip db'f wc ⋅

Vcrack Vcrack 
/ Vtest 

Vtest 
kip db'f

V

wc

test
⋅

 
db'f

V

wc

test
⋅

I-03-2 21 38.5 5240 73 67 67 1.84 144 2.5 0.25 569 0.13 9.7 
I-03-4 21 38.5 5330 73 73 67 1.84 - - - 657 0.15 11.1 
I-02-2 21 38.5 3950 73 67 67 1.84 121 2.4 0.27 454 0.14 8.9 
I-02-4 21 38.5 4160 73 73 67 1.84 - - - 528 0.16 10.1 
II-03-CCC2021 21 38.6 3290 64 65 65 1.84 139 3.0 0.28 500 0.19 10.7 
II-03-CCC1007 21 38.6 3480 64 65 65 1.84 - - - 478 0.17 10.0 
II-02-CCC1007 21 38.6 3140 69 64 63 1.84 - - - 335 0.13 7.4 
II-02-CCC1021 21 38.6 4620 69 67 62 1.84 132 2.4 0.40 329 0.09 6.0 
II-03-CCT1021 21 38.6 4410 66 71 71 1.84 - - - 636 0.18 12.1 
II-03-CCT0507 21 38.6 4210 66 71 71 1.84 146 2.7 0.24 598 0.18 11.1 
II-02-CCT0507 21 38.6 3120 69 64 63 1.84 94 2.1 0.23 401 0.16 8.9 
II-02-CCT0521 21 38.6 4740 69 67 62 1.84 - - - 568 0.15 10.2 
III-1.85-00 21 38.6 3170 66 - - 1.84 98 2.1 0.27 365 0.14 8.0 
III-2.5-00 21 38.6 3200 66 - - 2.47 - - - 82 0.03 1.8 
III-1.85-02 21 38.6 4100 69 64 62 1.84 112 2.2 0.23 488 0.15 9.4 
III-1.85-025 21 38.6 4100 69 64 73 1.84 - - - 516 0.16 9.9 
III-1.85-03 21 38.6 4990 69 64 63 1.84 137 2.4 0.33 412 0.10 7.2 
III-1.85-01 21 38.6 5010 69 63 73 1.84 - - - 273 0.07 4.8 
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Beam I.D. bw 
in. 

d 
in. 

f′c 
psi 

fyl 
ksi 

fyv 
ksi 

fyh 
ksi 

a/d 
ratio 

Vcrack 
kip db'f

V

wc

crack

⋅

Vcrack 
/ Vtest 

Vtest  
kip db'f

V

wc

test
⋅

 
db'f

V

wc

test
⋅

III-1.85-03b 21 38.6 3300 69 62 67 1.84 114 2.4 0.24 471 0.18 10.1 
III-1.85-02b 21 38.6 3300 69 62 62 1.84 - - - 468 0.17 10.1 
III-1.2-02 21 38.6 4100 66 60 60 1.20 165 3.2 0.20 846 0.25 16.3 
III-1.2-03 21 38.6 4220 66 68 68 1.20 - - - 829 0.24 15.7 
III-2.5-02 21 38.6 4630 66 62 62 2.49 105 1.9 0.35 298 0.08 5.4 
III-2.5-03 21 38.6 5030 66 65 65 2.49 - - - 516 0.13 9.0 
IV-2175-1.85-02 21 68.9 4930 68 66 66 1.85 216 2.1 0.28 763 0.11 7.5 
IV-2175-1.85-03 21 68.9 4930 68 66 66 1.85 218 2.1 0.26 842 0.12 8.3 
IV-2175-2.5-02 21 68.9 5010 68 64 64 2.50 144 1.4 0.28 510 0.07 5.0 
IV-2175-1.2-02 21 68.9 5010 68 64 64 1.20 262 2.6 0.21 1223 0.17 11.9 
IV-2123-1.85-03 21 19.5 4160 66 66 66 1.85 60 2.3 0.18 329 0.19 12.5 
IV-2123-1.85-02 21 19.5 4220 66 81 81 1.85 65 2.4 0.19 347 0.20 13.0 
IV-2123-2.5-02 21 19.5 4570 65 58 64 2.50 51 1.8 0.32 161 0.09 5.8 
IV-2123-1.2-02 21 19.5 4630 65 58 64 1.20 124 4.5 0.21 592(f) 0.31 21.2 
M-03-4-CCC2436 36 40 4100 67 61 61 1.85 354 3.8 0.31 1128 0.19 12.2 
M-03-4-CCC0812 36 40 3000 65 63 63 1.85 - - - 930 0.22 11.8 
M-09-4-CCC2436 36 40 4100 67 61 61 1.85 - - - 1415(f) 0.24 15.3 
M-02-4-CCC2436 36 40 2800 65 63 63 1.85 256 3.4 0.23 1102 0.27 14.5 
M-03-2-CCC2436 36 40 4900 68 62 62 1.85 - - - 1096(i) 0.16 10.9 
(f) Maximum shear carried in specimen upon the occurrence of concrete crushing at the compression face.  
(i) Test was stopped due to initiation of yielding of the tensile reinforcement and crushing of concrete at the compression face. 

Table 4.1 (cont.’d): Summary of experimental results. 
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4.2.1 Evaluation of Strength Data 
The shear strength of the test specimens, Vtest in Table 4.1, was the shear at the critical 

section at the maximum applied load.  The critical section was defined as the point halfway 
between the support and the applied load in the test region of interest.  At this location, a portion 
of the beam weight and the weight of one transfer girder was added to the load cell readings from 
the near support to obtain the appropriate shear.  The location of and the calculations for Vtest are 
provided in Figure 4.1.  In Figure 4.1, RA and RB denoted the reactions measured by the load 
cells.  PTR represents the weight of each blue transfer girder (7.8-kips), and PD represents the 
weight of the test specimen.  For the 23-inch specimens, a spacer was provided between the 
transfer girder and the spacing that effectively increased PTR from 7.8-kips to 8-kips.   

 

ωDL

a L - a

L

PL + PD + 2PTR

RA RB

PTR PTR

a/2

LH LH

Vtest = ωDL·(LH + a/2) + RA + PTR

PL = RA + RB

PD = ωDL·(2LH + L)

L = 255.25”

LH = 38.375”

PTR = 7.8 kip

WHERE,

ω36x48 = 1.80 kip/ftω21x42 = 0.92 kip/ft

ω21x44 = 0.96 kip/ft

ω21x23 = 0.49 kip/ft ω21x75 = 1.63 kip/ft

critical section

 
Figure 4.1: Force and shear force diagram for typical beam test. 

 
It should be noted that three specimens in the experimental program failed in flexure.  

These specimens are denoted with an (f) or (i) in Table 4.1.  The test results were considered 
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valid since a strut-and-tie analysis inherently considers both shear and flexural failures.  
Furthermore, beams are often designed such that flexure governs.  For these reasons, it was 
determined that the results from these specimens should be included in all of the analyses.  
Where appropriate, a flexural failure note was attached to the data from these specimens.  In 
general, the rest of the specimens in the experimental program failed in shear.  For the beams 
loaded with an a/d ratio < 2, the failure was consistent with a direct-strut transfer mechanism.  
That is, failure ensued after crushing along the strut or at the nodal regions.  For the beams 
loaded with an a/d ratio > 2, the failure was consistent with a sectional shear failure.  The 
specific failure modes of many of the specimens are discussed in the individual sections of 
Chapter 4 and 5. 

Traditionally, the shear capacity of test specimens is normalized by the cross-sectional 
dimensions and the strength of concrete to account for variations in section size and concrete 
strength.  For experimental loads that are associated with the tensile strength of concrete, such as 
the diagonal cracking load or the sectional shear (diagonal tension) strength of a member, it is 
appropriate to normalize the value by 'f c .  For experimental loads that are associated with the 
compression strength of concrete, such as the ultimate capacity of a deep beam, it is appropriate 
to normalize the value by fc′.  In Table 4.1, the diagonal cracking loads of the test specimens are 
normalized by 'f c bwd, and the ultimate capacity of the test specimens are normalized by both 

fc′bwd and 'f c bwd.  Regarding the ultimate capacity, both normalization techniques were 
utilized since different modes of failures were observed in the test specimens.  At low a/d ratios 
(< 2.0), the mode of failure was generally consistent with the crushing of a direct strut between 
the load and the support.  Normalizing the capacity by fc′bwd was appropriate for these 
specimens.  At higher a/d ratios (> 2.0), the mode of failure was often consistent with a sectional 
shear (or diagonal tension) failure.  Normalizing the capacity by 'f c bwd was appropriate for 
these specimens.  It should be noted that the only difference between these normalization 
techniques is the degree with which the strength of concrete is taken into account.      

One exception to the aforementioned normalization techniques is for deep beams of 
significantly different depths.  Normalizing the shear capacity of a deep beam by fc′bwd suggests 
that the capacity of the member is a function of the section size.  A strut-and-tie model analysis 
would suggest that the strength of a deep beam is a function of the nodes, struts, and ties, not the 
depth explicitly.  As such, when comparing the strength of deep beams with significantly 
different depths, normalizing the capacity by fc′bwd can impose unwanted errors.  This issue is 
addressed clearly in Section 4.6.  When comparing the strength of deep beams with similar 
depths however, normalizing the capacity by fc′bwd is appropriate and is therefore used 
throughout this report. 

4.2.2 Evaluation of Serviceability Data 
In the experimental program, the maximum width of diagonal cracks and the diagonal 

cracking loads were obtained to measure serviceability performance.   
The first cracking load was determined by a sudden increase in strain measured by 

gauges affixed to the stirrups and confirmed by visual observation.  Upon examination of the 
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data, the magnitude of shear at which the stirrup strains increased substantially was considered to 
be the first cracking load.  This load was confirmed with the diagonal cracking load obtained by 
visual inspection during each test.  In all cases, the first diagonal crack extended beyond the mid-
depth of the member.  At each load increment, the beam was inspected and cracks were marked 
and measured.  In general, the first diagonal crack formed at a 45-degree angle with respect to 
the load plate.  It usually extended from a pre-existing flexural crack or formed simultaneously 
with a flexure crack.  Regardless, any crack that formed at a considerable angle with respect to 
the vertical was considered a diagonal crack.  An example of the determination of the first 
cracking load is presented in Figure 4.2.  The ‘E’ and ‘W’ symbols in the figure represent the 
east and west side of the beam. 

0

50

100

150

200

250

300

350

400

0 0.0002 0.0004 0.0006 0.0008 0.001

Observed
First Crack

Diagonal 
Cracking 
Load 
(121 kip)

Stirrup Strain (in/in)

Sh
ea

r (
ki

p)

1
2

3
4

E3
E2 E1

E4

W4 W2

W3

I-02-2

 
Figure 4.2: Visual and experimental determination of first cracking load. 

As noted in Section 3.6, the diagonal cracking loads were only obtained for the first test 
of each 42-inch specimen.  The region for the second test of each 42-inch specimen was cracked 
during the first test.  Diagonal cracking loads were obtained for both tests on the 23- and 75-inch 
specimens due to the explanation provided in Section 3.6.  

The maximum width of the diagonal cracks in each specimen was also monitored 
throughout the test to evaluate the serviceability performance of deep beams.  In general, the 
maximum width of a diagonal crack was near the midheight of the member.  As noted in Section 
3.5.4, the maximum width of any diagonal crack was recorded at each load increment by 
graduate students using crack comparator cards.  Measurements were obtained on each face by 
two students and were averaged.  Therefore, in the presentation of crack width data, at a given 
load level, two crack width values generally exist.  These values represent the crack width on 
each face of the test specimen as an average of two independent measurements.  If two data 
points do not exist at a given load level, then the maximum width of the diagonal cracks were 
identical on both sides of the test region.  An example of the presentation of crack width data is 
given in Figure 4.3.  An approximate service load level and a benchmark crack width are 
presented with the crack width data.  Explanations for these values are given later in this section. 
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Figure 4.3: Sample crack width data for all series 

In this report, the crack width data is plotted versus the percent of the maximum applied 
load.  This method was chosen to be consistent with the correlation of crack width to capacity 
objective of the current project (Section 5.5).  Also, it was evident from the trends in the data that 
the width of diagonal cracks was proportional to the percent of maximum applied load.     

To evaluate the serviceability data obtained in the experimental program, criteria were 
needed.  In ACI 318-95, spacing of flexural reinforcement was based off of limiting flexural 
crack widths for structures with exterior exposure to 0.013-inches and with interior exposure to 
0.016-inches (ACI-318-95).  In subsequent versions of ACI-318, the specific reference to these 
crack width limits were removed, primarily due to “the inherent variability in cracking” (ACI 
318 Committee Closure, 1999).  It was determined that specifying distinct limits for crack widths 
was impractical.  Similar limits were found in ACI 224R-01: Control of Cracking in Concrete 
Structures (ACI 224R-01).  A tolerable crack width of 0.012-inches was suggested for moist 
conditions; a tolerable crack width of 0.016-inches was suggested for dry conditions.  These 
values are listed in Table 4.2.   

In the concrete design recommendations developed by the fédération international du 
béton (fib; i.e. international concrete federation), the same tolerable crack widths that existed in 
ACI 224R-01 were provided.  Again, they were a function of the exposure condition of the 
member.  Even though these limits were intended for flexural crack widths, they provide the only 
available guidance for tolerable crack widths in reinforced concrete structures.  The tolerable 
crack widths are shown in Table 4.2. 
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Table 4.2: Tolerable widths of flexural cracks 
Exposure Condition ACI 224R-01 (in.) fib (1999) (in.) 

Dry air, protective membrane, indoors 0.016 0.016 
Humidity, moist air, soil, cyclic wet and dry 0.012 0.012 

    
In addition, an internal discussion amongst the members of the project team determined 

that a crack width of 0.016-inches, in general, is the typical width at which attention is garnered 
in TxDOT (Vogel, 2008).  Based on this discussion and the crack width limits set forth in ACI 
318-95 and fib, a crack width of 0.016-inches was used as a benchmark to compare the 
serviceability performance of the specimens in the current project.  It should be emphasized that 
since crack widths are highly variable, it is not appropriate to assess the data with a strict limit.  
The limit of 0.016-inches should be used as an approximate boundary between acceptable and 
unacceptable performance.  

In conjunction with the tolerable crack width limit, an approximate service load as a 
function of the ultimate capacity of the test specimen was used to evaluate the crack width data.  
In a study by Tan and Lu (1999), the serviceability load was taken as the load at which the width 
of a diagonal crack reached a tolerable crack width limit, such as 0.016-inches.  However, in the 
current project, it was determined that a service load independent of crack widths should be used.  
In a study by Grob and Thürlimann (1976), the service load was assumed to be equal to the 
theoretical capacity of the specimen divided by a global safety factor of 1.8.  A similar approach 
to estimate the service load was used in the current study as detailed in Figure 4.4. 

 
ϕ Nominal Capacity   ≈   η Service Load

Service Load

Nominal Capacity
≈ 

ϕ
η

Assumptions: 1). Load Case: 1.25DL + 1.75LL
2). DL = 75% of Service Load

LL = 25% of Service Load
3). Nominal = 2/3 Experimental

η = 1.4 

Service Loads

Experimental Capacity
≈ 

0.70
1.4

2/3 =   0.33

ϕ = strength reduction factor, 0.70
η = load factor
DL = dead load
LL = live load  

Figure 4.4: Estimate of service load as a function of experimental capacity 
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As shown in Figure 4.4, the LRFD strength equation can be re-written such that the ratio 
of the strength reduction factor (ϕ) to the load factor (η) is approximately equal to the ratio of the 
service load to the nominal capacity.  The ϕ factor for compression elements in a strut-and-tie 
model is 0.70 in AASHTO LRFD (2008).  The η factor is a function of the load case and the 
distribution of the loads for that particular case.  If the following two assumptions are made, then 
η equals approximately 1.4: 

• Strength I in AASHTO LRFD governs design, 1.25DL + 1.75LL. 
• 75-percent of the service load is DL; 25-percent of the service load is LL. 

Lastly, if it is assumed that the experimental capacity is approximately 1½ times the 
nominal capacity, then the service load should be about 1/3 of the experimental capacity.  This 
final assumption was justified through the strut-and-tie analysis of the database discussed in 
Section 5.2.  It is clear that several assumptions are needed to estimate the service load as a 
function of the ultimate capacity of deep beams.  Error in any of these assumptions can shift the 
estimated service load up or down accordingly.  As such, it is important to treat this value (0.33) 
as a general representation of the service load on a deep beam.   

In the following four sections, the experimental results as they relate to the four distinct 
tasks listed in Section 4.1 are discussed in detail. 

 

4.3 Distribution of Stirrups across the Web 

4.3.1 Background 
According to the Commentary of ACI 318-08 (§ R11.5.7):  

Research has shown that shear behavior of wide beams with substantial flexural 
reinforcement is improved if the transverse spacing of stirrup legs across the section is 
reduced. 

The preceding recommendation only appears in the Commentary of the ACI 318-08 
specifications – within the portion that includes sectional shear design provisions.  Within the 
main body of the code and in Appendix A, the distribution of transverse reinforcement across the 
web is not required. The research cited by ACI 318-08 is that conducted by Leonhardt and 
Walther (1961); and Anderson and Ramirez (1989) and is discussed later in this section. 

According to Eurocode 2 (§ 9.3.2), the transverse spacing, swt, of shear reinforcement is 
limited to: 

swt ≤ d ≤ 31-inches [Vu< 0.2 Vn] 
swt ≤ 0.3·d ≤ 8-inches [Vu> 0.67 Vn] 

This requirement is for a conventionally loaded beam. It is not referenced in the deep 
beam portion of Eurocode 2. The requirement is similar to the recommendation proposed by 
Leonhardt and Walther (1961). The background of this study is presented as follows. 

AASHTO LRFD (2008) specifications contain a provision that directly penalizes a deep 
beam design if stirrups are not distributed across the web (AASHTO Article 5.6.3.3.2 and Figure 
5.6.3.3.2-1 (a)). According to AASHTO LRFD (2008), the width of a strut framing into a CTT 
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node is reduced if stirrups are not distributed across the web. This requirement is illustrated in 
Figure 4.5. It is important to note that the requirement is only for a strut framing into a CTT node 
and only required in the STM section of the code. 

 
Figure 4.5: AASHTO LRFD requirement for a strut anchored by reinforcement (AASHTO 

LRFD, 2008 and Brown et al. 2006). 

Limiting the width of a strut framing into a CTT node may be unnecessarily conservative 
given that, in practice, most CTT nodes are smeared (Section 2.4.3). Also, this AASHTO LRFD 
(2008) provision is only applicable when designing a D-region. Yet, when the a/d ratio is less 
than two, a direct strut is the predominant mechanism of shear transfer; the use of a CTT node is 
not necessary. The applicability of using a direct strut or multiple-panel model for the design of a 
D-region is an issue that is further addressed as part of this research project. One of the goals of 
the current research program is to investigate the AASHTO LRFD provision that limits the width 
of a strut framing into a CTT node. Previous research that has focused this issue is as follows. 

Leonhardt and Walther (1961) 
Leonhardt and Walther (1961) theorized that an oblique strut in a deep beam acts like a 

beam supported at the stirrup legs (Figure 4.6). As a result, the researchers theorized that more 
intermediate supports (i.e. stirrup legs) would have the effect of increasing the shear capacity of 
the beam. 
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Figure 4.6: The oblique strut supported by vertical stirrup legs (taken from Leonhardt and 

Walther, 1961). 

The researchers recommended spacing stirrups across the web at 20-cm (7.9-inches) for 
beams with high shear stresses and at 40-cm (15.7-inches) for beams with low shear stresses. 
Also, they recommended limiting the maximum spacing of stirrups across a beam web to a 
distance less than the beam’s effective depth, d. 

However, the widest beam that the researchers tested was 12-inches in sectional shear. 
Leonhardt and Walther (1961) admitted that their tests were not sufficient to make a 
determination on the effect of stirrup distribution across the web: 

More attention in the future will have to be paid to the distribution of the stirrups. These 
tests were concerned with fairly narrow webs (up to 12-inches). 

Hsuing and Frantz (1985) 
Hsuing and Frantz (1985) tested five beams with varying widths and stirrup distribution. 

Cross-sectional details of the beams are illustrated in Figure 4.7. 
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Figure 4.7: Details of specimens tested by Hsuing and Frantz (1985). 

All of the specimens were tested with a shear span to depth ratio of 3.0. Each beam had 
identical longitudinal and transverse reinforcement ratios (1.8% tension, 0.2% compression, and 
0.2% transversely).The stirrup spacing was held constant by bundling the stirrups for beams B, 
C, and E. The concrete strength was the same for all five specimens at the time of testing. 

The ratio of measured to predicted capacities was 0.98, 0.89, 1.01, and 1.03 for beams A 
through D (Beam E was loaded to only 80% of its ultimate capacity). The researchers concluded 
that there was no significant influence on the relative shear strength caused by the beam width or 
distribution of stirrups. 
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Hsuing and Frantz (1985) noted that Beam C had narrower crack widths than Beam D up 
to 90% of their respective capacities. They suggested that this was due to the fact that Beam C 
contained more reinforcement than Beam D at the location of crack measurement (i.e. at the 
beam surface). 

In order to investigate the difference in crack widths between Beams C and D, Beam E 
was fabricated and loaded to 80% of its capacity; the main shear crack was epoxy injected; and 
the load was sustained as the epoxy cured. After the epoxy had cured, the beam was unloaded 
and the web was cored at the location of the main shear crack. The variation in crack width 
through the web was examined in order to ascertain if a lack of distributed stirrups results in 
wider interior crack widths. The researchers found that: 

Although the center region of the cores usually contained the larger crack widths, it was 
not possible to conclude that a significant variation in crack width existed along the core 
length in this beam that had stirrups located only along the edges. 

The fact that crack widths did not vary through the web is inconsistent with the previous 
suggestion that the crack widths in Beam C were narrower than those of Beam D because more 
reinforcement was located at the surface. The researchers did not provide an explanation for this 
discrepancy. 

The beams tested by Hsuing and Frantz (1985) had an a/d ratio of 3.0. The current 
research program is focused on deep beams with an a/d ratio less than 2.5. Therefore, the 
research conducted by Hsuing and Frantz (1985) is significant but inconclusive in regards to the 
effect that stirrup distribution has on the strength and serviceability behavior of deep beams (a/d 
< 2.5). 

Anderson and Ramirez (1989) 
Anderson and Ramirez (1989) tested four 16-inch wide specimens with varying stirrup 

distribution.  All of the specimens were tested with a shear span to depth ratio of 2.65. Each 
beam had identical longitudinal and transverse reinforcement ratios (2.3% tension, 1.0% 
compression, and 0.4% transversely). Cross sectional details of the beams are illustrated in 
Figure 4.8. 
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Figure 4.8: Details of specimens tested by Anderson and Ramirez (1989). 
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Anderson and Ramirez (1989) theorized that a lack of distributed stirrups across the 
width of the web could result in a concentration of compression stresses at the intersection 
between the stirrup and longitudinal tensile reinforcement. This situation could lead to premature 
failure due to the crushing of concrete within the nodal zone. 

The beams tested by Anderson and Ramirez (1989) did not fail due to crushing in the 
CTT nodal zone. However, the researchers found that longitudinal bar strains were higher for 
interior bars when stirrups were distributed across the web; indicating that distributing the 
transverse reinforcement utilizes the interior longitudinal bars more effectively. As a result, the 
researchers concluded that stirrups should be distributed transversely across the web for wide 
beams with multiple longitudinal bars. 

Upon examination of their data, the significance in the shear strength differences is found 
to be questionable (Figure 4.8). The ratio of measured to calculated capacities varied between 
1.05 and 1.30 for beams W1 through W4. The multiple stirrup specimens (W2 and W4) had a 
relatively higher capacity beyond the nominal value; however, the compressive strength of 
concrete for these specimens was also relatively higher. If the beam capacities are normalized by 
their concrete compressive strength, the maximum difference in their normalized capacity is less 
than 8-percent (Figure 4.8); an insignificant amount given the degree of scatter associated with 
shear testing. In addition, all of the specimens carried more shear than predicted by ACI 318-08. 
Therefore, considering that the strength of all the specimens was safely estimated and given the 
nominal difference in strength, the benefit of providing multiple stirrup legs is questionable. 

Anderson and Ramirez (1989) did not specifically evaluate the strut width limitation 
specified by AASHTO LRFD (2008). AASHTO LRFD (2008) limits the designer to use an 
effective strut width that extends at a maximum of six longitudinal bar diameters from the 
centroid of a stirrup (Figure 4.5).  Under this provision, the full width of the beams with two-
legged stirrups tested by Anderson and Ramirez could be utilized (Figure 4.9).  The distance 
from the centroid of the stirrup to the center of the cross-section was only 5.6 longitudinal bar 
diameters.  Therefore, since all of the specimens tested by Anderson and Ramirez satisfy the 
CTT strut width limitation in AASHTO LRFD (2008), they cannot be used to evaluate it.   
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Figure 4.9: Effective strut width of specimens tested by Anderson and Ramirez (1989). 

Finally, the specimens tested by Anderson and Ramirez (1989) had an a/d ratio of 2.65. 
These beams are not considered deep beams and would be designed using sectional methods.  It 
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is not necessary to use STM to design these beams; therefore, an effective strut width limitation 
is not required according to AASHTO LRFD (2008).  In summary, it can be concluded that the 
previous research did not evaluate the effects of distributing transverse reinforcement in deep 
beams; a topic of interest to the current research program. 

4.3.2 Strength Results  
The purpose of the Series I and M testing programs were to evaluate the benefit of 

distributing stirrups across the web for beams subjected to deep beam shear. In order to 
accomplish this objective, six tests were conducted on the three beams illustrated in Figure 4.10. 

 

I-02-2 (Test #1)
2 Legs
ρv = ρh = 0.2%

I-02-4 (Test #2)
4 Legs
ρv = ρh = 0.2%

I-03-2 (Test #1)
2 Legs
ρv = ρh = 0.3%

I-03-4 (Test #2)
4 Legs
ρv = ρh = 0.3%

a/d = 1.84 a/d = 1.84

a/d = 1.84 a/d = 1.84

Flexural Yielding
Test Halted

M-03-2-CCC2436
2 Legs
ρv = ρh = 0.3%

M-03-4-CCC2436
4 Legs
ρv = ρh = 0.3%

a/d = 1.85 a/d = 1.85

 
Figure 4.10: Summary of tests studying distribution of stirrups across web. 

The test specimens illustrated in Figure 4.10 were designed and detailed such that a 
similar reinforcement ratio existed in companion tests but with a different number of stirrup legs, 
2 or 4.  The spacing of the stirrups was also kept reasonably similar between companion tests 
such that the size of the bars varied.  Thus, the difference between concentrating stirrups near the 
member side face and distributing them across the web, while maintaining a similar 
reinforcement ratio, was directly evaluated in this task.  Details on the design, fabrication and 
testing of the Series I and M test specimens are given in Chapter 3.  
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The stirrup configuration was selected in order to evaluate the AASHTO LRFD (2008) 
provision described in Figure 4.5.  In summary, the provision limits the width of a strut framing 
into a CTT node to six times the diameter of the main longitudinal reinforcement on either side 
of the stirrup.  Based on this requirement, Series I specimens that contain two stirrup legs have 
an effective strut width of 5.6-inches on each side of the beam (Figure 4.11).  If a designer 
wishes to utilize the full beam width, then four stirrup legs must be provided.  Cross sectional 
details of the specimens that contain stirrups with two and four legs are illustrated in Figure 4.11. 

 

48”

36”10.6”

6db

Two Legs Four Legs

Series M Test Specimens

44”

21”5.6”

6db

Two Legs Four Legs

Shaded areas denote available strut width   
according to AASHTO LRFD (2008)

Series I Test Specimens  
Figure 4.11: Effective strut widths at CTT nodes for specimens with 2-leg and 4-leg stirrups 

The results of the six tests conducted in this task are provided in Table 4.3.  The shear 
capacity of the four Series I specimens is presented with the final cracking patterns in Figure 
4.12. The side of each beam with two stirrup legs was tested first; the side with four stirrup legs 
was tested second. Therefore, the specimens that contained four stirrup legs are denoted as pre-
cracked to indicate that minor flexural cracks were present prior to testing. 
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Table 4.3: Test Results: Series I 

Specimen I.D. fc′ 
(psi) 

Vtest
† 

(kip) db'f
V

wc

test  
db'f

V

wc

test  Vcrack 
(kip) db'f

V

wc

crack  

I-03-2 5240 569 9.7 0.13 144 2.5 
I-03-4 5330 657 11.1 0.15 - - 
I-02-2 3950 454 8.9 0.14 121 2.4 
I-02-4 4160 528 10.1 0.16 - - 

M-03-4-CCC2436 4100 1128 12.2 0.19 354 3.8 
M-03-2-CCC2436 4900 1096f 10.9 0.16 - - 
† See Section 4.2.1 for determination of critical shear value, Vtest 

f Test was stopped prior to failure of the specimen due to the onset of yielding of the tensile reinforcement 
and crushing of concrete in the compression zone 

 
It is important to note that Specimen M-03-2-CCC2436 did not experience shear failure. 

The test was halted upon the onset of yielding of the flexural tensile reinforcement and crushing 
of the concrete in the compression region.  As a result, the maximum shear value reported (Vtest) 
in Table 4.3 is the amount of shear carried in the beam upon the onset of flexural failure. 
Nonetheless, results are reported for this specimen because they are note-worthy with regard to a 
36-inch wide deep beam reinforced with two and four stirrup legs. 

The crack patterns at failure for the Series I specimens (Figure 4.12) indicate that a direct 
strut or single-panel mechanism was the predominant mechanism for shear transfer and the mode 
of failure.  Parallel cracks between the load point and support delineated the boundary of the 
strut.  Crushing occurred in the compression region adjacent to the load point and along the strut.  
Subsequently, normalizing the capacity of a specimen by the compressive strength of concrete is 
more appropriate than the square root of the compressive strength as noted in Section 4.2.1.  
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Vtest = 569 kip
= 9.7 √fc′·bw·d
= 0.13 fc′·bw·d

 

Vtest = 657 kip
= 11.1 √fc′·bw·d
= 0.15 fc′·bw·d

 
(a) I-03-2     (b) I-03-4  [pre-cracked] 

Vtest = 454 kip
= 8.9 √fc′·bw·d
= 0.14 fc′·bw·d

Vtest = 454 kip
= 8.9 √fc′·bw·d
= 0.14 fc′·bw·d

 

Vtest = 528 kip
= 10.1 √fc′·bw·d
= 0.16 fc′·bw·d

 
(c) I-02-2      (d) I-02-4  [pre-cracked] 

Figure 4.12: Series I test specimens at failure. 
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The normalized capacity of the Series I specimens varied between 0.13 and 0.16fc′·bw·d 
(Table 4.3).  The specimens with 4 stirrup legs failed at approximately 15% higher normalized 
shear stress than the specimens with 2 stirrup legs.  However, considering the well-documented 
variability in shear strength, a difference of 15% is not very significant.  With additional testing, 
this trend may disappear.    

A similar conclusion can be reached based on the examination of the two Series M test 
specimens.  The test with four stirrup legs, M-03-4-CCC2436, had a normalized shear capacity 
of 0.19·fc´·bw·d.  The maximum shear carried for the beam with two stirrup legs, M-03-2-
CCC2436, was 0.16·fc´·bw·d.  Again, considering the inherent variability in deep beam shear 
strength, the difference in shear capacity between the two 36”x48” specimens is largely trivial. 
As a result, stirrup distribution did not appear to have a significant influence on the capacity of a 
36-inch wide deep beam. 

Effectiveness of Longitudinal Tension Reinforcement 

Anderson and Ramirez (1989) tested the effectiveness of distributing stirrups across a 
beam’s web for 16”x16” specimens. The researchers concluded that stirrups should be 
distributed across the web. The main justification for their recommendation was the observation 
that strains on interior longitudinal bars were higher for beams with distributed stirrups than for 
those without. Note, the research conducted by Anderson and Ramirez (1989) investigated the 
effect of distributed reinforcement on the behavior of beams loaded in sectional shear (a/d = 
2.65). Stirrups are more effective in a sectional shear region (i.e. multiple-panel truss model) 
than a deep beam region (i.e. single-panel truss model). Nonetheless, upon examination of their 
results, the difference in capacity between specimens is debatable (as previously discussed). 
Series I beams were loaded in deep beam shear (a/d = 1.85). Thus, stirrup distribution is 
expected to have an even lesser effect on the behavior of these specimens. 

In concurrence with Anderson and Ramirez (1989), the magnitudes of the strains at the 
outer-most layer of the longitudinal bars were measured as part of the Series I program. The 
strain data is presented in Figure 4.13. Upon examination of the strain data presented in Figure 
4.13, it can be concluded that the detailing of stirrups had no influence on the distribution of 
longitudinal strains for Series I test specimens. 
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Longitudinal Reinforcement (I-02-2)

0

100

200

300

400

500

600

700

800

900

0 0.0005 0.001 0.0015 0.002 0.0025 0.003
Strain (in/in)

A
pp

lie
d 

Lo
ad

 (k
ip

)

LN1

LN5

LN7

LN9

εy

1 5 73 9

Longitudinal Reinforcement (I-02-2)

0

100

200

300

400

500

600

700

800

900

0 0.0005 0.001 0.0015 0.002 0.0025 0.003
Strain (in/in)

A
pp

lie
d 

Lo
ad

 (k
ip

)

LN1

LN5

LN7

LN9

εy

1 5 73 9

 

Longitudinal Reinforcement (I-02-4)
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Figure 4.13: Measured longitudinal strains within the outermost layer of tension reinforcement.
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4.3.3 Serviceability Results 
In addition to the strength data, serviceability data were collected for each of the tests 

within Series I, including the first cracking load and crack widths at each load increment. As the 
first cracking load is associated with the tensile strength of concrete, values presented in Table 
4.3 are normalized with respect to the square root of the compressive strength of concrete.  
Unfortunately, it was not possible to compare the first cracking load of specimens with two 
stirrup legs to those with four stirrup legs because both tests were conducted on opposite sides of 
the same beam. In other words, the second test region was pre-cracked during the first test.  
Therefore, the load at first diagonal cracking was determined for the specimens with two stirrup 
legs only (I-02-2 and I-03-2).  The diagonal cracking loads of these specimens are evaluated with 
those of other beams with varying amounts of transverse reinforcement in Section 4.5.3.  Based 
on similar findings in the current experimental program (Sections 4.4.3 and 4.5.3), it is unlikely 
that the transverse distribution of stirrups would affect the diagonal cracking load of deep beams.  
Prior to cracking, all deep beams regardless of the amount or distribution of transverse 
reinforcement behave elastically.    

Crack patterns at approximately 90% of capacity and corresponding crack width data are 
presented in Figure 4.14 for specimens with 0.3% transverse reinforcement in each direction and 
in Figure 4.15 for specimens with 0.2% in each direction. The crack widths measured on each 
beam face are presented at individual load increments and normalized by the ultimate capacity of 
the specimen. 
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Figure 4.14: Crack pattern at approximately 90% of capacity and crack width behavior: 0.3% transverse reinforcement in 

each direction. 
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Figure 4.15: Crack pattern at approximately 90% of capacity and crack width behavior: 0.2% transverse reinforcement in 

each direction. 
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Upon a comparative examination of the crack width data and crack maps of specimens 
with 0.3% transverse reinforcement in the vertical and horizontal directions (Figure 4.14), the 
following conclusion can be reached: the serviceability performance of beams with two stirrup 
legs is equivalent to those with four stirrup legs.  When the maximum diagonal crack widths are 
compared at an estimated service load of 33-percent of ultimate (Section 4.2.2), a negligible 
difference is observed on average. 

Upon an examination of the crack width data and crack maps of specimens with 0.2% 
transverse reinforcement in the vertical and horizontal directions (Figure 4.15), the following 
conclusion can be reached: specimens detailed with four stirrup legs demonstrated narrower 
diagonal crack widths with more crack distribution compared to specimens detailed with two 
stirrup legs.  However, the difference in crack width was most evident at loads higher than 
estimated service loads (33-percent).  Also, it is interesting to note that the specimens with 0.2% 
web reinforcement had maximum diagonal crack widths at the first cracking equivalent to the 
tolerable crack width limit of 0.016-inches.  On the contrary, the specimens with 0.3% web 
reinforcement had significantly narrower crack widths at first cracking (Figure 4.14).  The effect 
of the quantity of transverse reinforcement on diagonal crack width is discussed in detail in 
Section 4.5.3.   

Similarly, crack width data for the Series M specimens is presented in Figure 4-16. 
Cracking data for the specimens presented in Figure 4-16 is not normalized by their shear 
capacity, as Specimen M-03-2-CCC2436 did not experience a shear failure.  
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Figure 4-16. Shear carried in a test specimen versus the corresponding maximum 
diagonal crack width. 

Upon examination of the crack width data presented in Figure 4-16 it can be concluded 
that the serviceability performance for these beams was not detrimentally affected by reducing 
the distribution of stirrups from four to two legs across the web. 

The objective of the Series I and M testing programs were to investigate the strength and 
serviceability effects caused by the distribution of stirrups across the web. For additional 
information relating the quantity of transverse reinforcement to the corresponding serviceability 
behavior, refer to Section 4.5.3. 
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4.3.4 Evaluation of Specimens with Current Code Expressions 
A comparison between the experimental shear strength and nominal capacity calculated 

per the ACI 318-08 and AASHTO LRFD (2008) STM provisions is illustrated in Figure 4.17 for 
both a one-panel and two-panel truss model. The values were normalized by the compressive 
strength of concrete at the time of testing. The difference in the estimations obtained from one-
panel truss models is attributed to the different efficiency factors specified in the ACI 318-08 and 
AASHTO LRFD (2008) provisions. The strength estimations obtained through the use of a two-
panel truss model were the same for the ACI 318-08 and AASHTO LRFD (2008) provisions as 
the estimate is governed by the yield capacity of the vertical tie (i.e. stirrups). 
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Figure 4.17: Comparison of experimental capacity with ACI 318 and AASHTO LRFD one and 

two-panel STM calculations. 

Upon comparison of the experimental and estimated capacities presented in Figure 4.17, 
it can be concluded that the shear capacity estimated by the ACI 318-08 and AASHTO LRFD 
(2008) STM provisions was conservative for beams that contained 0.2% and 0.3% 
reinforcement. In addition, both provisions estimated similarly conservative capacities regardless 
of whether or not two or four stirrup legs were provided. 

The difference between experimental and calculated shear capacities presented in Figure 
4.17 illustrates the inappropriateness of using a two-panel truss model in a deep beam region. 
The nominal capacity calculated using a two-panel model was approximately five times less than 
the actual capacity. Also, the failure of the Series I specimens was preceded by the crushing of 
concrete near the load plate and along the strut (Figure 4.12). This type of behavior is better 
represented by a one-panel STM. As a result, the nominal capacity calculated using a one-panel 
model was more appropriate. 
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This point can be illustrated with the following example presented in Figure 4.18. 
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Figure 4.18: Comparison between one and two-panel STM: per ACI 318. 

For the example shown, the capacity of a two-panel STM is controlled by the vertical tie 
if the transverse reinforcement ratio is less than 1.1%; an unrealistically high percentage. In other 
words, the capacity of the preceding D-region is usually controlled by the capacity of the vertical 
tie when modeled with a two-panel STM. 

For this example, in order for the capacity calculated from a two-panel truss model to 
govern over that calculated from a one-panel truss model, a vertical reinforcement ratio of over 
0.6% would have to be provided; a fairly large amount. In general, a one-panel truss is more 
appropriate than a two-panel truss when modeling a deep beam region (a/d < 2) with a STM.  
More information regarding the most appropriate model to use for beams loaded with an a/d ratio 
< 2, refer to Section 5.3. 

4.3.5 Summary 
In this task, the difference between concentrating stirrups near the member side face (2 

legs) and distributing them across the web (4 legs), without changing the reinforcement ratio, 
was evaluated.   Four tests were conducted on beams with a 21”x44” cross-section and a shear 
span-to-depth ratio of 1.85.  Two tests were conducted on a 36”x48” cross-section and a shear 
span-to-depth ratio of 1.85.  The strength and serviceability performance of members with 2- and 
4-legged stirrups were compared.  Transverse reinforcement ratios of 0.2% and 0.3% 
reinforcement were evaluated. Based on the test results, the following conclusions are reached: 

• Distributing stirrup legs across the width of the web had a small, but insignificant 
influence on the strength of the specimen. 

• Distributing stirrup legs across the width of the web did not have a significant 
influence on the maximum width of diagonal cracks for specimens with 0.3% 
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transverse reinforcement in both the horizontal and vertical directions at service loads 
or higher. 

• Distributing stirrup legs across the width of the web reduced the maximum diagonal 
crack widths of beams reinforced with 0.2% transverse reinforcement in both the 
horizontal and vertical directions at loads greater than service (> 40% capacity).  Near 
service loads, the width of diagonal cracks was similar for beams with 0.2% 
transverse reinforcement distributed in 2 or 4 legs. 

The impetus for this research task was to evaluate the AASHTO provision that limits the 
width of the strut framing into a CCT node in a deep beam.  Based on the findings of the 
experimental program, the AASHTO LRFD (2008) provision was found to be inappropriate. The 
provision only is applicable when a multiple panel truss model is used.  It was determined that a 
single panel model is more appropriate when the a/d ratio is less than two (Section 5.3).  
Additionally, if a two-panel STM is used to model a D-region, the capacity of the interior 
vertical tie force is likely to govern.  This further illustrates the inappropriateness of the 
provision.  As such, the limitation on the width of a strut framing into a CTT node should be 
removed from the AASHTO LRFD Bridge Design Specifications (2008). 
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4.4 Triaxially Confined Nodal Zones 

4.4.1 Background 
Another objective of the current research program is to determine the effect of triaxially 

confined nodal regions on the strength and serviceability behavior of deep beams. It is a well 
known fact that the strength and ductility of concrete is higher under triaxial compression than it 
is under uniaxial compression (Figure 4.19).  
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Figure 4.19: Stress-strain curve for concrete cylinder under triaxial compression (MacGregor 

and Wight, 2005). 

In concrete structures, confining stresses are achieved with closely spaced hoops or spiral 
reinforcement, or additional concrete surrounding the loaded area. When concrete is loaded 
uniaxially, it expands in the transverse directions. If reinforcement or additional concrete is 
provided to confine the expansion, the offsetting transverse stresses provide triaxial confinement. 
As a result, the strength of the confined region is increased. 

In STM, nodal zones are generally either biaxially or triaxially confined. Biaxial or two-
dimensional confinement occurs when a load plate extends between opposite sides of a loaded 
area (Figure 4.20b). As a result, the lateral spread of compression is confined in two opposing 
planes. Triaxial confinement occurs when a load plate is surrounded by concrete on all sides. In 
this case, the lateral spread of compression is confined in all directions transverse to the loading 
direction. Figure 4.20 illustrates the differences between biaxial and triaxial confinement. 
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  (a)      (b) 

Figure 4.20: Bearing load under (a) triaxial (b) biaxial confinement. 

Many researchers recognized the fact that the bearing capacity of triaxially confined 
concrete can be increased. ACI 318-08 and AASHTO LRFD (2008) contain provisions 
permitting an increase in the design bearing strength of concrete when the loaded area is smaller 
than the supporting area. The AASHTO LRFD (2008) specifications express the effective 
compressive strength of concrete in bearing, fcb, as follows (the ACI 318-08 expression is 
essentially identical). 

m'f85.0f ccb ⋅=  (4.1) 

2
A
Am

1

2 ≤=  

Where, 
m  = confinement modification factor 
fc′ = specified compressive strength of concrete, psi 

The definition of A2 and A1 is illustrated in Figure 4.21. 
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Figure 4.21. Application of frustum to find A2 in stepped or sloped supports (taken from ACI 

318-08). 

The ACI 318-08 and AASHTO LRFD (2008) specifications allow the bearing capacity of 
concrete to be increased due to triaxial confinement. However, these design provisions do not 
explicitly allow a similar increase in the nodal regions of a strut-and-tie model. Both provisions 
contain the following note with regard to triaxial confinement: 

Unless confining reinforcement is provided within the nodal zone and its effect is 
supported by tests and analysis, the calculated effective compressive stress… shall not 
exceed the value given…[in Table 5.1 and Table 5.2] 
The preceding provision is attributed to the research conducted by Bergmeister et al. 

(1993). The researchers made recommendations for the design of bursting reinforcement 
required around a post-tensioned anchorage zone. Their design expression allows an increase in 
the bearing capacity of an anchorage zone when closed stirrups and hoops are provided 

In contrast to ACI 318 and AASHTO LRFD, fib (1999) contains the following provision 
allowing the designer to increase the effective strength of concrete at all nodal boundaries when 
triaxial confinement is present: 

For nodes with secured triaxial compression due to local compression… the increased 
strength values for multiaxial states of stress may be applied to individual node 
surfaces… 
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The confinement factor specified in fib (1999) is expressed in Equation 4.2 and illustrated 
Figure 4.22.  
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Figure 4.22: Definition of triaxial confinement geometries used in fib (1999). 

Current STM efficiency factors have been mostly calibrated with beams whose bearing 
plates extended the full width of the beam; yet often times, in practice, bearing plates do not 
extend the full width. As a result, if a designer is using ACI 318-08 or AASHTO LRFD (2008) 
for a deep beam design, excessively large bearing plates may be necessary as provisions do not 
allow for an increase in nodal strength due to triaxial confinement. A goal of the current research 
program is to examine the influence that triaxial confinement has on the strength and 
serviceability behavior of deep beams. Past research related to this topic is presented as follows. 

Leonhardt and Walther (1961), Furuuchi et al (1998) 
Leonhardt and Walther (1961) and Furuuchi et al. (1998) investigated the effects of 

reduced load plate size on the shear strength of deep slab specimens. The cross-sectional 
dimensions of the test specimens were 8”x20” (Figure 4.23). 

20”

8”

 
Figure 4.23: Detail of Leonhardt and Walter (1961) and Furuuchi et al. (1998) test specimens. 

The specimens tested by Leonhardt and Walther (1961) contained longitudinal 
reinforcement in the tensile zone and were otherwise unreinforced. The a/d ratio varied between 
2.5 and 4.4. The specimens tested by Furuuchi et al. (1998) contained longitudinal reinforcement 
in the top and bottom side of the beam, but did not contain any shear reinforcement. The a/d ratio 
varied between 1.25 and 2.25. 

The specimens tested by Leonhardt and Walther (1961) failed at both the concentrated 
and line-load side. According to the researchers: 
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…since there appears to be no special reason for this different failure behavior… it must 
be assumed that the shear strength does not differ much for the two types of loading and 
that the occurrence of failure on the one or other side is probably decided by minor local 
differences in the quality of concrete. 

Furuuchi et al. (1998) derived an expression for effectively increasing the load plate 
width. The researchers found that the effective width of the load or support plate could be 
increased by a factor of two to three, but not more than the beam width. 

The specimens tested by Leonhardt and Walther (1961) and Furuuchi et al. (1998) can 
not be used to fully address one of the primary objectives of this research project; an examination 
of the effects of triaxially confined nodal regions. Specimens tested by Leonhardt and Walther 
(1961) were only tested under sectional shear forces; therefore, it is expected that the size of the 
plate would have little influence on the shear capacity. A goal of the current research program is 
to examine the effect of varying both the load plate and the support plate for deep beams. 
Furuuchi et al. (1998) tested beams with an a/d ratio less than 2.5 and varied both support and 
load plates; however his specimens were only 6-inches deep and did not contain transverse 
reinforcement. An objective of the current research program is to test large-scale specimens that 
are a realistic representation of deep beams used in practice. 

Hawkins (1968) 
Hawkins (1968) tested 230 concrete cubes in uniaxial compression and developed an 

expression to predict their capacity. The loading geometry, specimen size, and type and strength 
of concrete were varied. The majority of the specimens were 6-inch cubes. The cubes were 
loaded with a ¾-inch thick bearing plate with an area that was between one to thirty-six times 
smaller than the area of the cube face. 

Based on the findings of the research program, Hawkins (1968) proposed an increase in 
the compressive strength of concrete according to the following expression. 

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
−+ 1

A
A

'f
K1

1

2

c

 (4.3) 

Where, 
K = constant depending on concrete characteristics 

According to Hawkins (1968), the material constant, K, varies between 50 and 65. 

Accordingly, if the compressive strength of concrete is equal to 2500 to 4000-psi; then the 
c'f

K  

term is essentially equal to 1.0 (i.e. 502500 =  and 634000 = ). By setting the 
c'f

K  term 

equal to one, Equation 4.3 is simplified such that the bearing strength factor is equal to
1

2

A
A ; 

which is the same factor adopted by the ACI 318-08 and AASHTO LRFD (2008) provisions for 
bearing (Equation 4.1). 

Adebar and Zhou (1993) 
Adebar and Zhou (1993) tested concrete cylinders of varying geometry and load plate 

dimensions in uniaxial compression in order to determine an effective increase in compressive 
strength resulting from triaxial confinement. The tests consisted of plain concrete cylinders that 
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were loaded in the axial direction to mimic an unreinforced strut. A detail of their test specimens 
is illustrated in Figure 4.24. 

d

H

fb

 
Figure 4.24: Detail of the specimens tested by Adebar and Zhou (1993) 

The researchers varied the diameter of the load plate, cylinder, and height of the cylinder 
in order to derive an expression for a confined CCC node and strut. The recommendation made 
by Adebar and Zhou (1993) is as follows. 

( )βα ⋅⋅+⋅⋅≤ 21'f6.0f cb  (4.4) 
Where, 

 0.11
A
A

33.0
1

2 ≤⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
−⋅=α  

0.11
d
H33.0 ≤⎟

⎠
⎞

⎜
⎝
⎛ −⋅=β  

fb = allowable bearing stress, psi 
α = factor for confinement of surrounding concrete 
β = factor for aspect ratio of strut 
H = length of the strut from the face of the node, in. 
d = width of strut, measured at the nodal interface, in. 
A1 = area of strut at nodal interface, in2 
A2 = area of strut at point of maximum spreading, in2 

A lower bearing stress limit of 0.6fc′ was selected as an appropriate limit when there is a 
lack of confinement. The upper limit of 1.8 fc′ was selected to correspond approximately to the 
ACI 318-08 bearing capacity limit (Equation 4.1). 

The recommendation provided by Adebar and Zhou (1993) is based solely on isolated 
strut specimens. A goal of the current research program is to calibrate efficiency factors for 
actual beam specimens. Also, the researchers only considered struts bound by CCC nodes. In a 
truss model, struts are typically bounded by both CCC and CCT nodes. The current research 
program examines the effects of triaxial confinement at both the CCC and CCT nodal zones. 

Brown et al. (2006) 
Brown et al. (2006) conducted ten tests on seven specimens with reduced support plate 

widths. An illustration of the beams tested by the researchers is shown in Figure 4.25. The beam 
cross-sections were either 18”x18” or 30”x18”.  
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Figure 4.25: Detail of specimens tested by Brown et al. (2006). 

The researchers varied the width of the beam specimens and kept the bearing plates the 
same size. According to the provisions of STM, if the strut width is kept constant, then the beams 
should have the same strength regardless of their width. This was not the case; the wider beam 
specimens carried almost twice the load. Unfortunately, all of the wide beam specimens failed in 
sectional shear in the long span (Figure 4.25); whereas the narrow beams failed in deep beam 
shear in the short span (Figure 4.25). The researchers addressed this discrepancy by 
demonstrating that the amount of shear force carried by the wide specimens in the deep beam 
side was more than twice shear carried by the narrow beams. Additionally, only the CCT node 
was investigated by Brown et al. (2006). Therefore, the results of their tests cannot be used to 
fully address the objectives of this research study. 

In summary, previous research studying the effects of triaxial confinement on the 
behavior of deep beams is found to be inconclusive for the purpose of this research study. The 
current research program is designed to provide the necessary additional information. Also, very 
little information exists on the crack width or serviceability behavior of deep beams; another 
objective of the current project.  

4.4.2 Overview of Testing: Series II and Series M 
The purpose of the Series II testing program was to evaluate and quantify the benefits 

provided by triaxial confinement in the nodal regions of a beam subjected to deep beam shear. 
To achieve this goal, five beams were fabricated and tested in the Ferguson Structural 
Engineering Laboratory. Two ends of a beam were tested resulting in a total of ten tests. Eight 
tests were conducted on beam specimens with a 21”x42” cross-section. Two tests were 
conducted on larger beams with a 36”x48” cross-section (Series M). As explained earlier, Series 
M beam specimens were designed as multiple purpose test specimens. Two tests conducted on 
Series M test specimens relate to triaxially confined nodes. Therefore, the results of these tests 
are included in the comparative analysis presented in this chapter. 

Within the Series II testing program, most of the details of the beam specimens were kept 
constant. The primary experimental variables were the size of the load and support plates and the 
amount of transverse reinforcement. The two transverse reinforcement ratios that were 
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investigated were 0.3% and 0.2% in the vertical and horizontal direction. For the experimental 
program, the length of a bearing plate is defined as the dimension of the plate measured along the 
span; the width of a bearing plate is defined as the dimension measured transverse to the span. 
All plate dimensions are reported with the length-dimension first, then the width-dimension (i.e. 
length x width). Details of the design of the Series II and Series M beams are included in Section 
3.2. A summary of the ten tests is illustrated in Figure 4.26 and Figure 4.27. 
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II-03-CCC2021

II-02-CCC1007

II-02-CCC1021

20”x21”

10”x7”

10”x21”

Specimen I.D. Transverse ρ

0.3% Each Way

0.2% Each Way

0.2% Each Way

Load Plate Tests

5”x21”

5”x7”

10”x21”

Specimen I.D. Support Plate TestsTransverse ρ

II-02-CCT0521

II-02-CCT0507

II-03-CCT1021

0.2% Each Way

0.2% Each Way

0.3% Each Way

42”

21”

II-03-CCC1007

10”x7”

0.3% Each Way

5”x7”

II-03-CCT05070.3% Each Way

a/d = 1.85 a/d = 1.85

 
Figure 4.26: Summary of tests within Series II: 21”x42” specimens. 
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M-03-4-CCC2436 M-03-4-CCC0812
ρv = ρh = 0.3% ρv = ρh = 0.3%

24”x36” 8”x12”

48”

36”

a/d = 1.85 a/d = 1.85
 

Figure 4.27: Summary of tests within Series M: 36”x48” specimens. 

Note, for three of the CCT nodal tests shown in Figure 4.26, the size of the non-critical 
load plate (CCC node) was 36”x21”. A very large load plate was purposely selected in order to 
ensure that the CCT nodal region would be critical. The non-critical load plate for specimen II-
02-CCT0521 was smaller (20”x21”).  However, it was large enough to ensure that the CCT 
nodal region was critical; as evident from the shear capacity and serviceability performance of 
these test specimens. 

In order to address the research objective related to triaxially confined nodes, strength 
and serviceability data was collected for each test. A summary of the strength results and first 
diagonal cracking loads are presented for Series II and M beams in Table 4.4. Values are 
normalized by the compressive strength and square root of the compressive strength of concrete 
in the same manner as described in Section 4.2. First diagonal cracking loads are not presented 
for the second test conducted on each specimen. 
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Table 4.4: Test Results: Series II 

Specimen I.D. fc′ 
(psi) 

Vtest 
(kip) db'f

V

wc

test  Vcrack
(kip) db'f

V

wc

crack  'f
f

c

b † 

II-03-CCC2021 3290 500 0.19 139 3.0 0.50 
II-03-CCC1007 3480 478 0.17 - - 2.71 
II-02-CCC1007 3140 335 0.13 - - 2.11 
II-02-CCC1021 4620 329 0.09 132 2.4 0.47 
II-03-CCT1021 4410 636 0.18 - - 0.69 
II-03-CCT0507 4210 598 0.18 146 2.8 4.05 
II-02-CCT0507 3120 401 0.16 94 2.1 3.68 
II-02-CCT0521 4740 568 0.15 - - 1.14 

M-03-4-CCC2436 4100 1128 0.19 354 3.8 0.45 
M-03-4-CCC0812 3000 930 0.22 - - 4.55 

† fb/fc′ = maximum stress in bearing over specified concrete compressive strength 

4.4.3 Strength Results 
The shear capacity of the Series II specimens is presented with the cracking patterns at 

failure in Figure 4.28 and Figure 4.29. Recall, two tests were conducted on each beam specimen. 
The second test conducted on each specimen is marked as pre-cracked in Figure 4.28 and Figure 
4.29 to indicate that some cracks were present prior to testing. 
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Vmax = 500 kip
10.7√fc′·bw·d
0.19 fc′·bw·d

 

Vmax = 478 kip
10.0√fc′·bw·d
0.17 fc′·bw·d

 
(a) II-03-CCC2021    (b) II-03-CCC1007  [pre-cracked] 

Vmax = 335 kip
7.4√fc′·bw·d
0.13 fc′·bw·d

 

Vmax = 329 kip
6.0√fc′·bw·d
0.09 fc′·bw·d

 
  (c) II-02-CCC1007  [pre-cracked]    (d) II-02-CCC1021 

Figure 4.28: Series II specimens with various bearing plate sizes at the CCC node at failure.  
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Vmax = 636 kip
11.8√fc′·bw·d
0.18 fc′·bw·d

 

Vmax = 598 kip
11.4√fc′·bw·d
0.18 fc′·bw·d

 
  (a) II-03-CCT1021  [pre-cracked]    (b) II-03-CCT0507 

Vmax = 401 kip
8.9√fc′·bw·d
0.16 fc′·bw·d

 

Vmax = 568 kip
10.2√fc′·bw·d
0.15 fc′·bw·d

 

Figure 4.29: Series II specimens with various bearing plate sizes at the CCT node at failure. 

   (c) II-02-CCT0507    (d) II-02-CCT0521  [pre-cracked] 



 
The crack patterns at failure (shown in Figure 4.28 and Figure 4.29) indicate that the 

formation of a direct strut was the predominant shear transfer mechanism. Parallel cracks 
between the load point and support delineate the approximate boundary of the strut. Crushing 
occurred in the compression region adjacent to the load point and along the strut. Therefore, 
normalizing the capacity values by the compressive strength of concrete is more appropriate than 
the square root of the compressive strength. Normalization is necessary to account for the 
unintended differences in the compressive strength of concrete of the specimens at the time of 
testing. 

The normalized capacity of specimens with different support plate (CCT node) 
dimensions varied between 0.15 fc′·bw·d and 0.18fc′·bw·d (Table 4.4). This difference is within the 
range of scatter expected with deep beam shear testing.  At failure, the stress applied to the 
bearing plate ranged from 0.7 to 1.1·fc′ for cases in which the CCT nodes were unconfined, and 
0.45 to 0.5·fc′ for cases in which the CCC nodes were unconfined. For cases in which 
confinement was provided at the CCT and CCC nodes, the applied bearing stress was as high as 
4.1 and 4.6·fc′, respectively. Therefore, it can be concluded that triaxial confinement allowed the 
application of bearing stresses much higher than the compressive strength of concrete. 

The normalized capacity of specimens with support plates of 10”x21” and 5”x21” was 
0.18 fc′·bw·d and 0.15fc′·bw·d, respectively (Table 4.4).  This difference is minimal considering the 
inherent scatter in deep beam shear testing.  It is unclear why there was not a greater difference 
in capacity between these tests since the size of the support plate was reduced by a factor of 2 
without the benefit of triaxial confinement.  It is possible that despite efforts to the contrary, the 
stress conditions at the CCT node did not govern the behavior of these specimens.  This topic 
may require future research.   

The normalized capacity of specimens with different load plate (CCC node) dimensions 
varied between 0.09fc′·bw·d and 0.19fc′·bw·d (Table 4.4). Such a significant difference must be 
attributed to more than the scatter associated with shear testing. Both load plate dimensions and 
reinforcement details varied among these specimens; the influence of these variables is examined 
in further detail. 

Upon further examination, it can be concluded that the shear capacity of the specimens 
where the CCC nodes were triaxially confined benefitted from this triaxial confinement. Table 
4.5 presents pairs of specimens considered to be nominally identical to each other in all aspects 
other than the load plate size. 

Table 4.5. Effect of Triaxial Confinement for CCC Specimens. 

Specimen Comparison Load Plate Size 
(l x w) db'f

V

wc

test  'f
f

c

b † 

M-03-4-CCC2436 
M-03-4-CCC0812 

24”x36” 
8”x12” 

0.19 
0.22 

0.45 
4.55 

II-03-CCC2021 
II-03-CCC1007 

20”x21” 
10”x7” 

0.19 
0.17 

0.50 
2.71 

II-02-CCC1007 
II-02-CCC1021 

10”x7” 
10”x21” 

0.13 
0.09 

2.11 
0.47 

† fb/fc′ = maximum stress in bearing over specified concrete compressive strength 
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An examination of the pairs of test results listed in Table 4.5 illustrates that triaxial 
confinement provided for bearing stresses higher than the compressive strength of concrete; 
thereby allowing beam specimens with less than full-width bearings to reach their full shear 
capacity. 

The shear capacity was significantly influenced by the length of the load plate. Upon 
comparison of specimens II-03-CCC2021 and II-02-CCC1021, it is observed that a reduction in 
the length of an unconfined load plate from 20”x21” to 10”x21” significantly reduced the shear 
capacity.  It must be noted that both of these specimens contained different amounts of transverse 
reinforcement (0.3% versus 0.2%).  However, it is shown in Section 4.5.2 that the differences in 
shear capacity of specimens with either 0.3% or 0.2% transverse reinforcement are negligible at 
a/d ratios of 1.85.  Reinforcement in excess of that required to maintain equilibrium of the direct, 
bottle-shaped strut does not significantly increase the capacity.  Therefore, it can be concluded 
that the length of a load plate at a CCC node has a significant influence on the shear capacity of a 
deep beam. 

4.4.4 Serviceability Results 
First cracking loads and crack width data were collected from Series II test specimens. 

The initial diagonal cracking load was only recorded for the first test conducted on each beam 
specimen.  No pair of first tests exists to isolate the effect of plate size on the diagonal cracking 
load of deep beams.  Variables that affect the first diagonal cracking load are discussed in detail 
in Section 5.4. 

Crack patterns at approximately 90% of capacity and corresponding crack width data are 
presented in Figure 4.30 through Figure 4.33. The crack widths measured on each face are 
presented at individual load increments and normalized by the ultimate capacity of the test 
specimen. The purpose of presenting the crack data in Figure 4.30 through Figure 4.33 is to 
present a relative comparison between specimens with confined and unconfined bearing plates. 
For information with regard to an acceptable crack width and corresponding serviceability load 
level, refer to Section 4.2.2. 
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Figure 4.30: Serviceability data for triaxially confined CCC nodes: Crack patterns and widths at approximately 90% of capacity; 
0.3% transverse reinforcement in each direction. 

 

Max Diagonal Crack Width (in)

%
 U

lti
m

at
e 

C
ap

ac
ity

33% 

0.016 

ρv = 0.003
ρh = 0.0045

Diagonal Crack Width, in. 

98 



 

II-03-CCT1021 (Pre-Cracked)
V = 581 kip (91% Vmax)

42”

71”10”x21”
 

0%
10%
20%
30%
40%
50%
60%
70%
80%
90%

100%

0.00 0.02 0.04 0.06 0.08 0.10
Max Diagonal Crack Width (in)

%
 U

lti
m

at
e 

C
ap

ac
ity

II-03-CCT1021 II-03-CCT0507

ρv = 0.003
ρh = 0.0045

Diagonal Crack Width, in. 

33% 

0.016 

 

 

II-03-CCT0507
V = 543 kip (91% Vmax)

42”

71”5”x7”
  

 

Figure 4.31: Serviceability data for triaxially confined CCT nodes: Crack patterns and widths at approximately 90% of capacity; 
0.3% transverse reinforcement in each direction. 
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Figure 4.32: Serviceability data for triaxially confined CCC nodes: Crack patterns and widths at approximately 90% of capacity; 
0.2% transverse reinforcement in each direction. 

 

Max Diagonal Crack Width (in)
%

 U
lti

m
at

e 
C

ap
ac

ity

33% ρv = 0.002
ρh = 0.002

0.016 

Diagonal Crack Width, in. 

100 



Figure 4.33: Serviceability data for triaxially confined CCT nodes: Crack patterns and widths at approximately 90% of capacity; 
0.2% transverse reinforcement in each direction.
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II-02-CCT0507
V = 383 kip (96% Vmax)
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II-02-CCT0521 (Pre-Cracked)
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By examining the crack width data presented in Figure 4.30 through Figure 4.33, the 
following observations can be made. For specimens reinforced with a transverse reinforcement 
ratio of 0.3% in each direction, the size of the load or support plate – triaxially confined or not – 
did not have a significant influence on the serviceability behavior. For specimens reinforced with 
a transverse reinforcement ratio of 0.2% in each direction, the serviceability performance as 
quantified by crack patterns and widths was less regular or predictable. In fact, as shown in 
Figure 4.33, the maximum diagonal crack widths for the specimens with 0.2% reinforcement 
exceeding the tolerable crack width limit of 0.016-inches at the estimated service load (33% of 
ultimate).  Therefore, from a serviceability standpoint, a transverse reinforcement ratio of 0.3% 
in each direction provided a more desirable and consistent performance.  It should be noted that 
the effect of transverse reinforcement on the serviceability performance of deep beams is 
discussed in detail in Section 4.5.3. 

4.4.5 Evaluation of Specimens with Current Code Expressions 
A comparison between the experimental capacities and nominal capacities calculated per 

the ACI 318-08 and AASHTO LRFD (2008) provisions is illustrated in Figure 4.34 for the 
specimens with varying load plate dimensions at the CCC node; and in Figure 4.35 for the 
specimens with varying support plate dimensions at the CCT node. The values were normalized 
by the compressive strength of concrete at the time of testing. The difference in the capacities 
estimated by using the ACI 318-08 and AASHTO LRFD (2008) provisions is attributed to the 
different efficiency factors for a single-panel truss model. 
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Figure 4.34: Comparison of experimental capacity with ACI 318-08 and AASHTO LRFD (2008) 

one-panel STM calculations: CCC specimens. 
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Figure 4.35: Comparison of experimental capacity with ACI 318-08 and AASHTO LRFD (2008) 

one-panel STM calculations: CCT specimens. 

Upon examination of the experimental and calculated capacities presented in Figure 4.34 
and Figure 4.35, the following observations can be made. 

The AASHTO LRFD (2008) STM provisions are generally more conservative than ACI 
318-08. This is likely a result of the fact that the AASHTO LRFD (2008) efficiency factor at the 
CCT strut-to-node interface reduces as the a/d ratio increases. 

The calculated capacity of Specimen II-03-CCC1007 and II-02-CCC1007 was controlled 
by the efficiency of the strut-to-node interface at the CCC node. The efficiency factor at this 
boundary is 0.85 according to AASHTO LRFD (2008) and 0.64 according to ACI 318-08. Thus, 
for this case, ACI 318-08 is more conservative than AASHTO LRFD (2008). 

The nominal capacity calculated per the ACI 318-08 and AASHTO LRFD (2008) 
provisions are overly conservative. The conservatism increases substantially when small bearing 
plates that triaxially confine the CCC or CCT nodes are provided. This is due to the fact that the 
capacity calculated by using a STM is directly related to the size of the nodal regions (i.e. size of 
the bearing plates). Based on these observations, it is proposed that the allowable stresses in 
triaxially confined nodal regions be increased according to Equation 4.5. 

2A
Am

1

2 ≤=  (4.5) 

m = triaxial confinement modification factor 
The definition of A2 and A1 is illustrated in Figure 4.21. 
ACI 318-08 §10.14 and AASHTO LRFD (2008) Article 5.7.5 allow for an increase in the 

bearing capacity of concrete when triaxial confinement is present. However, there is not a 
provision in place within the STM provisions allowing for a similar increase in the capacity of all 
six nodal faces in a STM. Thus, it is proposed that the allowable stress at each face of a triaxially 
confined nodal region be increased by the factor specified in ACI 318-08 and AASHTO LRFD 
(2008) allowing an increase in the bearing capacity of concrete (Equation 4.5). The implications 
of increasing the capacity according to Equation 4.5 are presented in Figure 4.36 for ACI 318-08 
and Figure 4.37 for AASHTO LRFD (2008). 
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The ratio of experimental to calculated capacities are presented for all beams within 
Series II and M whose bearing plates were narrower than the width of the beam (note, a value 
greater than one represents a beam whose nominal design strength was conservatively 
estimated). 
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Figure 4.36: Conservatism of ACI 318 STM calculation with and without an increase in capacity 

due to triaxial confinement. 
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Figure 4.37: Conservatism of AASHTO LRFD STM calculation with and without an increase in 

capacity due to triaxial confinement. 

Based on the data and results of calculations presented in Figure 4.36 and Figure 4.37, it 
can be concluded that the proposal of increasing the permissible capacity of triaxially confined 
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nodal regions results in more accurate estimations without compromising conservatism (all 
experimental / capacity > 1.0). A similar comparison is conducted for all the beams in the filtered 
database that have a bearing plate narrower than their width (i.e. specimens with triaxially 
confined nodes). The results from these specimens are illustrated in Figure 4.38 for ACI 318-08 
and Figure 4.39 for AASHTO LRFD (2008). Once again, it can be concluded that calculations 
that allow for an increase in nodal capacity due to triaxial confinement are more accurate without 
compromising conservatism. 
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Figure 4.38: ACI 318-08 STM calculations for all beams in database that contain triaxially 

confined nodal regions. 

0

2

4

6

8

10

12

14

AASHTO LRFD STM Calculation

AASHTO LRFD Calculation w/ increase 
due to triaxial confinement

1

Brown et al. (2006) Furuuchi et al. (1998) Present Study

C
on

se
rv

at
iv

e

Unnecessary
Conservatism

(N = 21)

E
xp

er
im

en
ta

l C
ap

ac
ity

C
al

cu
la

te
d 

C
ap

ac
ity

 
Figure 4.39: AASHTO LRFD (2008) STM calculations for all beams in database that contain 

triaxially confined nodal regions. 
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4.4.6 Summary 
The purpose of the Series II testing program was to investigate the effects of triaxial 

confinement in CCC and CCT nodal regions. Two tests on a 36”x48” beam specimen and eight 
on 21”x42” specimens were conducted at a shear span-to-depth ratio of 1.85. Two transverse 
reinforcement ratios were investigated: 0.2% and 0.3% in the vertical and horizontal directions. 

Based on the results of the testing program, the following conclusions are reached: 
• A CCC or CCT node, triaxially confined by surrounding concrete, can achieve 

bearing stresses much higher than the compressive strength of concrete. 
• Reducing the length of a full-width load plate at the CCC node significantly 

reduced the shear capacity.  
• Reducing the length of a full-width support plate at the CCT node did not have a 

significant influence on the shear capacity.  This finding was not expected.  It is 
possible that the stress conditions at the CCT node did not govern for these tests 
despite efforts to the contrary. 

• The serviceability performance (maximum diagonal crack widths) of a deep beam 
(a/d = 1.85) was not influenced by the size of the bearing plate at the CCC or CCT 
node, nor was it influenced by presence or absence of triaxial confinement of the 
bearing plate – provided that the beam contained a ratio of 0.3% transverse 
reinforcement in each direction. 

• For specimens that contained a ratio of 0.2% transverse reinforcement in each 
direction, the serviceability behavior was more sensitive to the bearing plate 
configuration and reinforcement details. 

• Increasing the ACI 318-08 or AASHTO LRFD (2008) efficiency factors 
prescribed at all nodal faces by the bearing capacity factor [i.e. triaxial 
confinement modification factor, m, (Equation 4.5)], results in more accurate 
STM calculations with less unnecessary conservatism (Figure 4.36 through Figure 
4.39). 
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4.5 Minimum Web Reinforcement 
In this task, the effect of web reinforcement on the strength and serviceability behavior of 

reinforced concrete deep beams was evaluated.  The purpose of the task was to recommend 
minimum horizontal and vertical reinforcement that ensured adequate strength and serviceability 
performance.   

4.5.1 Background 
Minimum reinforcement provisions that pertain to deep beam design or strut-and-tie 

model design are compared for several different design specifications.  For reference, two other 
provisions in AASHTO LRFD that specify web reinforcement are discussed as well.   

AASHTO LRFD 2008 and CHBDC 2006  

There are two different minimum horizontal and vertical reinforcement requirements for 
deep beam design in AASHTO LRFD 2008.  The first requirement is in the strut-and-tie model 
section (5.6.3.6) of the specification.  An orthogonal grid of reinforcement is required at each 
face such that the ratio of the total reinforcement to the gross concrete area is equal to 0.003 
(0.3%).  The spacing of the reinforcement is limited to 12-inches.  In the commentary, the 
following excerpt is found: 

 
This reinforcement is intended to control the width of cracks and to ensure a 
minimum ductility for the member so that, if required, significant 
redistribution of internal stresses is possible.  

(AASHTO C5.6.3.6, 2008) 

From this note in the commentary, it is evident that strength and serviceability were 
considered in this provision.  The same minimum reinforcement is required in the Canadian 
Highway Bridge Design Code (CHBDC, 2006). 

In Section 5.13.2.3, another minimum reinforcement provision for deep beams exists.  
Equation 5.13.2.3-2 in AASHTO LRFD is rewritten as Equation 4.6 in this report in terms of the 
reinforcement ratio.   

yv

s

fsb
A

φ
12.0

≥
 

(4.6)
  

 
with As = area of steel within a distance s (in.2) 
 bv = width of web (in.) 
 s = spacing of reinforcement (in.) 
 φ = resistance factor, 1.0 for tension members in STM 
 fy = yield strength of reinforcing steel (ksi.) 
 
When fy is equal to 60-ksi and φ is equal to 1.0 (Section 5.5.4.2), a minimum 

reinforcement ratio of 0.002 is required.  Both vertical and horizontal reinforcement must meet 
Equation 4.6 and must be well distributed.  Maximum spacing for the vertical reinforcement is 
d/4 or 12-inches; maximum spacing for horizontal reinforcement is d/3 or 12-inches, where d is 
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the effective depth of the section.  There is no indication in AASHTO LRFD (2008) as to 
whether this provision was based on strength or serviceability requirements. 

CSA A23.3-04 and fib (CEB-FIP) 1999 

The same minimum reinforcement requirements for deep beams are listed in the 
Canadian Building code and the fib recommendations.  An orthogonal grid of reinforcement is 
required at each face such that the ratio of the total reinforcement to the gross concrete area is 
equal to 0.002 (0.2%) (CSA A23.3-04 11.4.5, 2004 and fib 7.3.2, 1999).  There is no indication 
in either document as to the specific purpose of the reinforcement, i.e. for strength or both 
strength and serviceability.  Maximum spacing is restricted to 12-inches. 

ACI 318-08 

There are two minimum reinforcement provisions that pertain to deep beam design in 
ACI 318-08.  If the deep beam design provisions in section 11.8 are used, then reinforcement 
ratios of 0.0025 and 0.0015 are required in the vertical and the horizontal directions, 
respectively.  Maximum spacing of the reinforcement in both cases shall not exceed d/5 or 12-
inches.  It is interesting to note that 0.25% reinforcement was required in the horizontal direction 
and 0.15% reinforcement was required in the vertical direction for this provision in ACI 318-71 
through ACI 318-95.  Data obtained from research conducted by Rogowosky et al. in 1986 
indicated that vertical reinforcement was more effective than horizontal reinforcement in terms 
of the shear strength of deep beams.  As such, the provision was changed.  No indication of 
serviceability performance was indicated in the paper by Rogowsky et al. (1986).  In the 
commentary, however, it is stated that the maximum spacing was reduced to 12-inches from 18-
inches because “the steel is provided to restrain the width of the cracks” (ACI 318-08 R11.8.4, 
2008).  Therefore, while this provision may not be based on serviceability considerations, ACI 
318 acknowledges that the minimum reinforcement requirement should address serviceability. 

If the strut-and-tie requirements of Appendix A are used in deep beam design, then the 
minimum reinforcement provisions for concrete struts apply.  If a concrete strut efficiency factor, 
βs, of 0.75 is used, then reinforcement satisfying Equation 4.7 must be provided.  This 
reinforcement is “related to the tension force in the concrete due to the spreading of the strut” 
and is depicted in Figure 4.40 (ACI 318-08 RA.3.3).  Due to the sin αi term, this requirement 
favors the placement of reinforcement perpendicular to the axis of the strut, or the assumed 
inclination of the diagonal cracks.  However, there is no requirement for a minimum amount of 
reinforcement in either the horizontal or vertical directions.  It is up to the discretion of the 
designer.  If the same amount of reinforcement is desired in both directions, then Equation 4.7 
requires a reinforcement ratio of approximately 0.0022 in each direction for the range of 
applicable values of theta, i.e. between 25 and 65 degrees.  If a more efficient placement of 
reinforcement is desired with a minimum of 0.0015 in each direction, the required reinforcement 
ratio in the horizontal and vertical directions are those depicted in Figure 4.41 and Figure 4.42, 
respectively.   
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Figure 4.40: Deep beam showing nomenclature for Equation 4.7 
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with As = area of reinforcement in the i-th later crossing strut (in.2) 
 bs = width of strut perpendicular to the plane of reinforcement (in.) 
 si = spacing of reinforcement in i-th layer adjacent to surface of the member (in.) 
 αi = angle between axis of strut and i-th layer of reinforcement 
 
If a lower concrete strut efficiency factor, βs, of 0.60 is used with the strut-and-tie method 

of ACI Appendix A, no minimum reinforcement is required.  It is assumed that the tensile 
strength of the concrete can resist the transverse tension in the bottle-shaped struts depicted in 
Figure 4.40.  With a lower efficiency factor, deep beams without transverse reinforcement can be 
designed according to ACI Appendix A.  Relying on the tensile strength of concrete does not 
seem appropriate.   

TxDOT 4371 Minimum Reinforcement Recommendations 

In TxDOT Project 4371, an equation for minimum reinforcement was developed based 
on strength.  Specifically, the reinforcement required to resist the transverse tension forces 
associated with spreading compressive stresses in a bottle-shaped strut is calculated with 
Equation 4.8 (Figure 4.40).  The equation is a function of the force in the strut and the slope of 
the angle of dispersion of the compressive stresses in the strut, m.  It was recommended that this 
slope be calculated with a variable angle of dispersion model developed by Schlaich and 
Weischede (1982).  When applied to the database, an equivalent reinforcement ratio 
perpendicular to the strut axis of 0.0015 (0.15%) is required by Equation 4.8 on average.  
Therefore, in general, half as much reinforcement is required according to Equation 4.8 
compared to Equation 4.7.  This difference is primarily attributed to the variable angle of 
dispersion used in the 4371 approach as opposed to ACI which assumes that the slope of the 
angle of dispersion, m, is 2.  In the project 4371 report, it was stated that the amount of 
reinforcement according to Equation 4.8 was intended for strength only; additional research was 
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recommended to determine the serviceability demand.  More detailed information of the 4371 
minimum reinforcement recommendation and the variable angle of dispersion model can be 
found elsewhere (Brown et al., 2006).    
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(4.8)

  
with νR = efficiency factor for reinforced struts developed in Project 4371 
 f 'c = compressive strength of the concrete (psi) 
 Ac = minimum cross-sectional area of the strut (in.2) 
 θ = angle of strut with respect to the horizontal 
 fy = yield strength of web reinforcement (psi) 
 b = width of strut (in.) 
 d = effective depth of the strut (in.) 
 m = slope of the angle of dispersion 
  

Other minimum reinforcement provisions in AASHTO LRFD 

In addition to the aforementioned provisions for deep beams, there are other minimum 
web reinforcement requirements for reinforced concrete members.  Two relevant provisions 
include minimum transverse reinforcement required for members analyzed with a sectional shear 
model (i.e. Vc + Vs) and minimum skin reinforcement required for the webs of members with 
large depths.  For simplicity, only the AASHTO versions of these provisions are presented.   

In the sectional shear design provisions of AASHTO LRFD 2008, Equation 4.9 is listed.  
With this equation, it is ensured that enough steel is present in the member to resist half of the 
concrete contribution to shear strength when performing a sectional analysis.  When the 
compressive strength of the concrete is 4-ksi and the yield strength of the steel is 60-ksi, a 
reinforcement ratio of 0.001 (0.1%) is specified with Equation 4.9.  This provision is solely 
based on strength considerations. 
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with Av = area of transverse reinforcement within a distance s (in.2) 
 f 'c = compressive strength of the concrete (ksi) 
 bv = width of web (in.) 
 s = spacing of transverse reinforcement (in.) 
 fy = yield strength of the reinforcement (ksi) 
 
In Section 5.7.3.4 of AASHTO LRFD, another requirement for web reinforcement exists 

(2008).  It is reproduced as Equation 4.10.  This provision applies to members with depths 
greater than 36-inches.  The reinforcement must be distributed within the distance de/2 from the 
tension face of the member at a spacing of de/6 or 12-inches, where de is the effective member 
depth.  The purpose of this provision is to restrain flexural cracks throughout the tension region 
of members of large depth.  As such, it is based on serviceability considerations.  It is important 
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to note that the area of reinforcement calculated in Equation 4.10 is the amount per face and per 
foot of section height.   

4
)300.012(dA esk

pss AA +
≤−≥

 
(4.10)

 
with Ask = area of skin reinforcement on each side face in in.2 / ft. of height 
 de = effective member depth (in.) 
 As = area of tension reinforcement (in.2) 
 Aps = area of prestressed reinforcement (in.2) 
 
Equation 4.10 can be rewritten in terms of the reinforcement ratio based off the full width 

of the section and the tension region of the member (de/2).  In this way, it can be directly 
compared to the aforementioned minimum reinforcement requirements.  The rewritten equation 
is presented as Equation 4.11.  Values computed with Equation 4.11 are plotted with assumed 
values of bw with respect to the effective depth of the member in Figure 4.41.   
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with ρg_sk = reinforcement ratio calculated from total web reinforcement according 
Equation 4.10 and distributed within half the member depth 

 bw = width of web (in.) 
 

Comparison of minimum reinforcement provisions 

The aforementioned provisions for minimum reinforcement in the horizontal and vertical 
directions are compared in Figure 4.41 and Figure 4.42, respectively.  The minimum 
reinforcement requirement of Project 4371 was omitted from the following plots due to the large 
number of variables that are required to plot it.  For some of the other provisions, minor 
assumptions were necessary to plot the equations in each graph.  These assumptions are listed in 
Table 4.6. 
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Figure 4.41: Minimum horizontal reinforcement for deep beams in several specifications 
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Figure 4.42: Minimum vertical reinforcement for deep beams in several specifications 
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Table 4.6: Assumptions made to plot minimum web reinforcement provisions 

Use  Provision ρh (%) ρv (%) Assumption for plotting 

D
ee

p 
B

ea
m

s AASHTO & CHBDC STM 0.3 0.3 N/A 
AASHTO Deep Beam 0.2 0.2 fy = 60 ksi 

CSA / fib 0.2 0.2 N/A 
ACI Deep Beams 0.15 0.25 N/A 

ACI STM function of θ Minimum ρh & ρv = 0.0015 

O
th

er
 AASHTO sectional N/A 0.1 f 'c = 4 ksi & fy = 60 ksi 

AASHTO skin function 
of de 

N/A bw = de & bw = de/2 

 
In Figure 4.41 and Figure 4.42, it is evident that the minimum reinforcement provisions 

in several building and bridge design specifications differ for deep beams.  The required 
minimum reinforcement in AASHTO LRFD 2008 and CHBDC 2006 corresponding to 0.003 in 
each direction is the most stringent requirement.  In the commentary of AASHTO LRFD, it is 
stated that 0.003 in both directions is for both strength and serviceability considerations.  The 
other minimum reinforcement requirements for deep beams plotted in Figure 4.41 and Figure 
4.42 range from 17% to 50% lower.  The minimum reinforcement provision in the ACI STM 
specification (Equation 4.7 and blue line in above figures) is a function of the axis of the 
diagonal strut, or the a/d ratio for single-panel models.  When the angle of the strut with respect 
to the horizontal approaches the lower limit (a/d ≈ 2), the ACI STM reinforcement is very similar 
to those in the ACI deep beam section (ρv = 0.0025, ρh = 0.0015).  At a/d ratios close to 1 (θ = 
45-degrees), the ACI STM reinforcement approaches the minimum reinforcement provisions in 
the Canadian Building Code and fib (0.2% in each direction).  Thus, these minimum 
reinforcement requirements do not differ greatly; they are similar to 0.2% in each direction.  It is 
not clear in the commentary of these specifications if 0.2% is intended to address strength and 
serviceability requirements.   

 In Figure 4.41 and Figure 4.42, two other minimum reinforcement provisions that do not 
explicitly address deep beam behavior are plotted for reference. The AASHTO sectional shear 
requirement for minimum reinforcement (Equation 4.9) is considerably lower than those for deep 
beams (Figure 4.42).  The reason for this discrepancy is that deep beams are strongly influenced 
by shear behavior whereas Bernoulli beams are often governed by flexure.  The AASHTO skin 
reinforcement provision (Equation 4.11) is also compared to minimum reinforcement 
requirements for deep beams (Figure 4.41).  It is clear that the quantity of required skin 
reinforcement increases with increasing depth of the member.  For most applications, the 
reinforcement according to this provision will be less than or equal to a ρh of 0.002.  It is 
important to note that this provision is intended to restrain the width of flexural cracks which are 
oriented perpendicular to the reinforcement.  

In the current task, the strength and serviceability performance of deep beams with 
reinforcement corresponding to 0.2% in each direction, 0.3% in each direction, and several other 
distributions were compared. 
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4.5.2 Strength Results 
The effect of web reinforcement on the strength of deep reinforced concrete members 

was determined with the evaluation database and through the current experimental program. 

Strength Results from the Evaluation Database  

The experimental strength of the 179 beams in the evaluation database was plotted versus 
the horizontal and vertical reinforcement ratio of the member in Figure 4.43 and Figure 4.44, 
respectively.  The data was sorted into 5 groups by a/d ratio.  All of the beams in the evaluation 
database have at least an angular summation of web reinforcement equal to or greater than 0.1%.  
Based on Brown et al., this amount of reinforcement was considered to be the minimum required 
to satisfy equilibrium in the bottle-shaped strut (2006).  As such, the following plots were used to 
assess the effect of additional web reinforcement on the strength of deep beams. 
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Figure 4.43: Effect of horizontal reinforcement on strength of beams in evaluation database 
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Figure 4.44: Effect of vertical reinforcement on strength of beams in evaluation database 

 
In Figure 4.43, it is clear that horizontal reinforcement has little effect on the shear 

strength of deep beams.  This conclusion was echoed by many previous researchers.  Smith and 
Vantsiotis (1982), Rogowsky et al. (1986), Oh and Shin (2001), Tan et al. (1997), and Brown et 
al. (2006) concluded that horizontal reinforcement did not have an appreciable effect on the 
shear strength of deep beams, especially for a/d ratios exceeding 1.0.  Kong et al. noted that 
horizontal reinforcement was only effective at low a/d ratios (0.35) and if it was spaced near the 
tension reinforcement (1970).  With this arrangement, the horizontal reinforcement improves the 
distribution of the stresses in the primary tension tie, but does not reinforce the bottle-shaped 
strut. 

In Figure 4.44, the effect of vertical reinforcement on the shear strength of deep beams is 
illustrated.  For a/d ratios less than or equal to 1.5, a negligible increase in shear strength is seen 
for increasing amounts of vertical reinforcement.  The same observation was made by De Paiva 
and Seiss (1965), Rogowsky et al. (1986), and Brown et al. (2006).  For a/d ratios approaching 
and exceeding 2.0, a slight increase in shear strength is seen for increasing amounts of vertical 
reinforcement (Figure 4.44).  This conclusion was reached by several researchers as well (Kong 
et al., 1970, Smith and Vantsiotis, 1982, Oh and Shin, 2001, and Tan et al., 1997).  In short, the 
effect of web reinforcement on the shear strength of deep beams can be classified as nominal and 
is most evident at higher a/d ratios (a/d > 1.5). 

It is clear that web reinforcement does not play the same role in deep beam behavior as it 
does in Bernoulli beam behavior.  The purpose of web reinforcement, in terms of a single-panel 
strut-and-tie analysis, is to resist the transverse tensile forces developed in a bottle-shaped strut.  
Increasing the amount of web reinforcement above the amount required to resist these transverse 
stresses does not significantly improve the shear strength of the member.  As the a/d ratio 
increases and the behavior of the beam transitions from a deep beam to a Bernoulli beam, the 
effectiveness of vertical reinforcement increases. 

The effect of web reinforcement on the diagonal cracking load as a percentage of the 
ultimate strength was also assessed with the evaluation database.  Normalizing the diagonal 
cracking load with the ultimate strength of the member quantifies the strength after first diagonal 
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cracking.  The results are plotted in Figure 4.45 and Figure 4.46 versus the quantity of web 
reinforcement in each orthogonal direction.  In Figure 4.45, a slight trend with ρv exists.  With 
increasing amount of vertical reinforcement, the diagonal cracking load as a function of the 
ultimate strength slightly decreases.  This trend indicates that vertical reinforcement in addition 
to that required for equilibrium does slightly affect the strength of deep beams by providing 
reserve strength after first cracking.  Additional vertical reinforcement improves the distribution 
of stress in the deep beam leading to a more robust member.  In Figure 4.46, a trend with the 
amount of horizontal reinforcement is not apparent for the data as a whole.  However, the trend 
of the data from the current project suggests a similar, but reduced benefit with respect to ρh as to 
ρv.  In both cases, it appears that additional reinforcement provides additional redistribution 
capacity in the member.  For a handful of specimens with less crack control reinforcement than 
0.2-% in each orthogonal direction, the reserve strength after first cracking was exceptionally 
small. 
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Figure 4.45: Effect of vertical web reinforcement on strength after first cracking 
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Figure 4.46: Effect of horizontal web reinforcement on strength after first cracking 

Strength Results from the Experimental Program  

In the current experimental program, numerous tests were conducted in which the amount 
of web reinforcement was the primary variable.  Most of these tests were performed at a shear-
span-to-depth (a/d) ratio of 1.85.  Two specimens were tested at an a/d ratio of 1.2; three 
specimens were tested at an a/d ratio of 2.5.  The majority of the testing for this task was 
performed within Series III in which different quantities of web reinforcement were provided in 
each test region.  Tests conducted within other series in which the quantity of web reinforcement 
was the only variable were also used in the current task.  All of the tests in the experimental 
program that were relevant to the minimum web reinforcement task are listed in Table 4.7.  The 
experimental shear strength and the amount of web reinforcement for each specimen are 
provided.  It should be noted that the reinforcement ratios were calculated using the equations 
provided in Section 3.2.3.  The vertical reinforcement was spaced evenly throughout the test 
region.  The horizontal reinforcement was placed evenly throughout the effective strut area.  The 
horizontal and vertical spacing of the reinforcement was not a primary variable in the testing 
program.    
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Table 4.7: Summary of strength results for specimens in minimum reinforcement task 

Beam I.D. bw 
in. 

d 
in. ρv 

Bar 
size 

sv 
in. ρh 

Bar 
size  

sh 
in. 

a/d 
ratio 

Vtest  
kip db'f

V

wc

test
⋅

 
db'f

V

wc

test
⋅

I-03-2 21 38.5 0.0029 #4 6.5 0.0033 #4 5.75 1.84 569 0.13 9.7 
I-03-4 21 38.5 0.0030 #3 7.0 0.0033 #4 5.75 1.84 657 0.15 11.1 
I-02-2 21 38.5 0.0020 #4 9.5 0.0020 #4 9.5 1.84 454 0.14 8.9 
I-02-4 21 38.5 0.0021 #3 10 0.0020 #4 9.5 1.84 528 0.16 10.1 
II-03-CCC2021 21 38.6 0.0031 #5 9.5 0.0045 #5 6.6 1.84 500 0.19 10.7 
III-1.85-00 21 38.6 0 - - 0 - - 1.84 365 0.14 8.0 
III-2.5-00 21 38.6 0 - - 0 - - 2.47 82 0.03 1.8 
III-1.85-02 21 38.6 0.0020 #5 14.5 0.0019 #4 10.1 1.84 488 0.15 9.4 
III-1.85-025 21 38.6 0.0024 #5 12 0.0014 #3 7.6 1.84 516 0.16 9.9 
III-1.85-03 21 38.6 0.0029 #5 10 0.0029 #5 10.1 1.84 412 0.10 7.2 
III-1.85-01 21 38.6 0.0011 #4 18 0.0014 #3 7.6 1.84 273 0.07 4.8 
III-1.85-03b 21 38.6 0.0032 #4 6 0.0029 #5 10.1 1.84 471 0.18 10.1 
III-1.85-02b 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 1.84 468 0.17 10.1 
III-1.2-02 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 1.20 846 0.25 16.3 
III-1.2-03 21 38.6 0.0031 #5 9.5 0.0029 #5 10.1 1.20 829 0.24 15.7 
III-2.5-02 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 2.49 298 0.08 5.4 
III-2.5-03 21 38.6 0.0031 #5 9.5 0.0029 #5 10.1 2.49 516 0.13 9.0 
IV-2175-1.85-02 21 68.9 0.0020 #4 9.5 0.0019 #4 10.1 1.85 763 0.11 7.5 
IV-2175-1.85-03 21 68.9 0.0031 #5 9.5 0.0029 #5 10.1 1.85 842 0.12 8.3 
IV-2175-2.5-02 21 68.8 0.0021 #5 14.25 0.0021 #5 14.25 2.5 510 0.07 5.0 
IV-2175-1.2-02 21 68.9 0.0021 #5 14.25 0.0021 #5 14.25 1.2 1223 0.17 11.9 
IV-2123-1.85-03 21 19.5 0.0030 #4 6.25 0.0030 #4 6.25 1.85 329 0.19 12.5 
IV-2123-1.85-02 21 19.5 0.0020 #3 5.25 0.0017 #3 6.25 1.85 347 0.20 13.0 
M-03-4-CCC2436 36 40 0.0031 #5 11 0.0027 #5 6.5 1.85 1128 0.19 12.2 
M-09-4-CCC2436 36 40 0.0086 #5 4 0.0027 #5 6.5 1.85 1415(f) 0.24 15.3 
M-02-4-CCC2436 36 40 0.0022 #4 10 0.0022 #5 8 1.85 1102 0.27 14.5 
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Specimens tested at a/d ratio of 1.85  

To evaluate the behavior and strength of a beam without web reinforcement, test III-1.85-
0 was conducted.  Pictures from the test are shown in Figure 4.47.  For the duration of the test, a 
single, diagonal (flexure-shear) crack that extended from the load to the support dominated the 
behavior of the specimen.  The crack increased in length and width with increasing applied load.  
At the maximum applied load, a parallel shear crack formed accompanied with a loud popping 
sound (Figure 4.47 (d)).  The formation of this crack represented the splitting of the compression 
strut due to transverse tensile stresses.  Since there was not any web reinforcement to transfer 
stresses across this crack, the beam could not resist any additional load after the parallel crack 
formed.  Failure occurred at an applied shear of 365-kips or 0.14f ′cbwd.   

 
 

 
(a). V = 0.27Vmax 

 
(b). V = 0.51Vmax 

 
(c). V = 0.71Vmax 

 
(d). V = Vmax 

Figure 4.47: Crack development in specimen without web reinforcement, III-1.85-0 

 
The behavior observed in test III-1.85-0 was consistent with a single-panel strut-and-tie 

model.  The failure of the specimen was a result of the diagonal splitting of the compression 
strut.  As such, the results of this test illustrated the primary role of web reinforcement in deep 
beams in regards to strength: to resist the transverse tensile stresses created in bottle-shaped 
struts.  The shear strength of III-1.85-0 is compared to the shear strength of the other Series III 
beams in Figure 4.49.   

In Figure 4.48, pictures of specimen III-1.85-03b are shown to illustrate the crack 
propagation in a typical test for a specimen with web reinforcement.  At approximately 25-
percent of the maximum applied load, the first diagonal shear crack formed in the test region.  It 
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extended from the tip of a flexural crack.  With additional applied load, parallel shear cracks 
developed and grew in length and width.  The presence of web reinforcement in the member (ρv 
= ρh = 0.003) allowed for these parallel cracks to form.  At the maximum applied load, extensive 
diagonal cracking was present in the deep beam region of the member.  Crushing of the concrete 
occurred in several places along the strut and in the nodal regions.  The effect of web 
reinforcement on the crack distribution and overall appearance of the member throughout its 
loading history is evident with the comparison of Figure 4.47 and Figure 4.48.  Crack width 
information is discussed in detail in Section 4.5.3.   
 

 

 
(a). V = 0.25Vmax 

 
(b). V = 0.49Vmax 

 
(c). V = 0.73Vmax 

 
(d). V = Vmax 

Figure 4.48: Crack development in specimen with 0.3% in each direction, III-1.85-03b 

Several reinforcement arrangements were evaluated in the current task.  Simplified 
versions of the minimum reinforcement provisions discussed in Section 4.5.1 were used 
specifically in the test specimens (Table 4.8).  Note the two different horizontal reinforcement 
ratios according to the STM provisions of AASHTO LRFD (2008) and CHBDC (2006).  These 
two ratios were the result of the literal interpretation of each provision and the revised 
interpretation discussed in Section 3.2.3.  The literal interpretation consisted of a total amount of 
horizontal reinforcement equal to 0.003 times the gross concrete section.  Distributing this 
amount of reinforcement within the effective strut area of the specimen produced a 
reinforcement ratio of 0.0045.  The revised interpretation consisted of a total amount of 
horizontal reinforcement equal to 0.003 times the effective strut area.  As such, both of these 
arrangements were evaluated in the current task.  As noted in Table 4.7, a few other 
reinforcement distributions in addition to those listed in Table 4.8 were evaluated in this task as 
well. 
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Table 4.8: Amount of web reinforcement from several provisions used in current task   

Minimum Reinforcement Provisions ρv ρh 

TxDOT 4371 0.001 0.001 
CSA, fib, AASHTO Deep Beam 0.002 0.002 
ACI Deep Beam 0.0025 0.0015 
AASHTO, CHBDC STM (Section 3.2.3) 0.003 0.003 
AASHTO, CHBDC STM 0.003 0.0045 

 
The strength results of several specimens with varying amounts of web reinforcement are 

provided in Figure 4.49.  These tests were conducted in Series III and IV at an a/d ratio of 1.85.  
Specimens of the same size with different amounts of reinforcement failed at similar normalized 
shear stresses.  Specifically, companion specimens of three different sizes (21”x23”, 21”x42”, 
and 21”x75”) with reinforcement ratios corresponding to 0.2% or 0.3% in each direction failed at 
nearly identical levels of applied stress.  In addition, the 21”x42” specimen with 0.25% 
reinforcement in the vertical direction and 0.15% reinforcement in the horizontal direction failed 
at a comparable shear stress as its companion specimen with 0.2% reinforcement in each 
direction.  Since the mode of failure was generally the crushing of the direct strut between the 
load and the support, increasing the quantity of web reinforcement did not play an appreciable 
role in the capacity of the members.  In general, the test results depicted in Figure 4.49 (at an a/d 
ratio of 1.85) agree favorably with those obtained from the database. 
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Figure 4.49: Strength results of Series III and IV specimens at a/d ratio of 1.85 
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The unreinforced specimen (III-1.85-0) failed at only a slightly smaller normalized shear 

stress than the reinforced beams.  For this specimen, the tensile strength of the concrete was 
sufficient to resist the transverse tensile stresses in the bottle-shaped strut until an applied load 
comparable with that of the reinforced beams was placed on the member.  However, relying on 
the tensile strength of concrete to consistently resist these tensile stresses is not advised.   

The strength results from one beam consisting of tests III-1.85-01 and III-1.85-03 are 
provided in Figure 4.50.  These results are discussed separately from those displayed in Figure 
4.49 due to the unusually low experimental strength values for each test, particularly those of III-
1.85-03.  III-1.85-03 failed at a shear of 0.10f ′cbwd, while a nominally identical specimen, III-
1.85-03b, failed at a shear of 0.18f ′cbwd.  The reason for this discrepancy is unclear since a 
similar mix design, grade of steel, fabrication technique, and testing procedure was used in all 
tests.  At the same time, there is no reason to discount the validity of this test.  At a minimum, 
the range of potential scatter in shear strength is illustrated by test III-1.85-03. 

Comparing the experimental strength to the calculated strength of test III-1.85-03 shows 
that the strength was conservatively calculated using the proposed STM provisions discussed in 
Section 5.2 (Figure 4.50).  This was not true for test III-1.85-01.  Since the calculated strength of 
each specimen was identical, the difference in conservatism between the two was the result of 
the low experimental strength of test III-1.85-01.  The lower amount of web reinforcement was 
the primary reason for the reduction in shear strength.  Unlike the previously-discussed tests, the 
amount of web reinforcement in III-1.85-01 (ρv = ρh ≈ 0.001) significantly affected the 
experimental strength.  The appearance of the beam at ultimate further supports this claim.  As 
shown in the test pictures in Figure 4.50, the failure mode of III-1.85-03 was consistent with the 
crushing of a direct strut between the load and the support; whereas, the failure mode of III-1.85-
01 had a sectional-shear appearance to it.  There was not enough reinforcement to distribute the 
diagonal cracks within the test region.  In general, a strut-crushing failure will occur at a higher 
applied stress than the stress corresponding to a sectional-shear failure.   
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Figure 4.50: Strength results comparison of III-1.85-01 and III-1.85-03 
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In short, the results of tests III-1.85-01 and III-1.85-03 demonstrated two important 

points.  First, significant scatter (50%) can exist for the experimental shear strength of deep 
beams.  Second, while the amount of reinforcement does not generally affect the shear strength 
of deep beams, there may be cases where it can.  If the quantity of web reinforcement is low (ρv 
≈ ρh ≈ 0.001) and the transverse spacing is relatively high (sv = 18-in. ≈ d/2), then the concrete 
strut may not be able to develop its full design strength.   In the case of III-1.85-01, the strength 
was unconservatively estimated.   

In Series M, three 36”x48” specimens were tested with different quantities of web 
reinforcement (Table 4.7).  The results of these tests (Figure 4.51) were similar to those from 
Series III and IV depicted in Figure 4.49.  The amount of web reinforcement did not play an 
appreciable role in the strength of the specimens.  In fact, the specimen with 0.2% in each 
direction (M-02-4-CCC2436) failed at a higher normalized shear stress than the specimen with 
0.3% in each direction (M-03-4-CCC2436).  However, it should be noted that these tests were 
conducted on different beams where the compressive strength of the concrete, f 'c, was 2,800-psi 
and 4,100-psi, respectively.  The shear force at ultimate was similar for the two tests: 1,102-kips 
for the beam with 0.2% steel, and 1,128-kips for the beam with 0.3% steel.  Therefore, no 
discernible difference in strength was observed for the beams in Series M with either 0.2% or 
0.3% web reinforcement in each direction.   

M-03-4-CCC2436 and M-09-4-CCC2436 were companion tests conducted on the same 
beam.  The only difference between the two tests was ρv equaled 0.003 and 0.009, in M-03-4-
CCC2436 and M-09-4-CCC2436, respectively.  Increasing the amount of web reinforcement by 
300% altered the failure mode from shear to flexure, but only increased the capacity of the 
member by approximately 25%.   
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Figure 4.51: Applicable strength results from Series M 

 
The quantity of web reinforcement was varied in Series I as well.  The results from this 

series further supported the aforementioned findings in regards to the effect of web 
reinforcement on the strength of deep beams.  The experimental strength results of the four 
beams in Series I are plotted in Figure 4.52.  No discernible difference in strength was observed 
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for the beams with either 0.2% or 0.3% in each orthogonal direction and with either 2- or 4-
legged stirrups. 
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Figure 4.52: Applicable strength results from Series I 

Specimens tested at other a/d ratios: 1.2 and 2.5 

In addition to an a/d ratio of 1.85, the effect of web reinforcement on the strength of deep 
beams was also evaluated at other a/d ratios.  In Series III, two spans were tested at an a/d ratio 
of 1.2; three spans were tested at an a/d ratio of 2.5.   

The two beams tested at an a/d ratio of 1.2 provided very consistent results with those 
tested at an a/d ratio of 1.85.  As seen in Figure 4.53, the failure mode of each beam was the 
crushing of the direct strut between the load and support.  There was no difference in strength 
between the beams with 0.2% or 0.3% in each orthogonal direction. 
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Figure 4.53: Strength results from specimens tested at a/d ratio of 1.2 

 
Of the three specimens tested with an a/d ratio of 2.5, one did not have any web 

reinforcement (III-2.5-0).  This test was the companion test of III-1.85-0.  During the test of III-
1.85-0, post-tensioned clamps were attached to the low-shear span (future region of test III-2.5-
0) to prevent a premature failure.  The condition of the test region for III-2.5-0 after the III-1.85-
0 test is shown in Figure 4.54 (a).  The condition of the test region at the maximum applied shear 
is provided in Figure 4.54 (b).  It is evident from the failure picture that this beam failed due to 
sectional shear, i.e. diagonal tension.  No evidence of crushing in the test region existed.  The 
failure shear for this specimen was considerably low.  In fact, it failed at dbf' wc8.1 , 

approximately 10% less than the ACI sectional shear equation for Vc ( dbf' wc2 ) (ACI, 2008).  
It is possible that the precracked condition of the shear span contributed to the unconservative 
failure load.  Nevertheless, the results of III-2.5-0 supports two conclusions.  First, excluding 
transverse reinforcement from a concrete beam can be dangerous.  Second, at an a/d ratio of 2.5, 
a single-panel STM may not be appropriate.  The behavior of III-2.5-0 was consistent with a 
sectional shear model, not a single-panel strut-and-tie model.  This conclusion was not 
unexpected since both AASHTO LRFD (2008) and ACI 318-08 limit the treatment of deep 
beams to an a/d ratio ≤ 2.0.  It should be noted that deep beam behavior has been reported in 
experiments up to an a/d ratio of 2.5 (Section 5.3).   
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(a). V = 0 (pre-cracked) 

 
(b). V = Vmax 

Figure 4.54: Crack development in III-2.5-0 

The other two specimens tested at an a/d ratio of 2.5 had 0.2% (III-2.5-02) and 0.3% (III-
2.5-03) crack control reinforcement in each orthogonal direction.  The strength results and failure 
pictures for these two tests are presented in Figure 4.55.  From this figure, it is evident that an 
increase in strength and a change in behavior existed as the amount of web reinforcement 
increased from 0.2% to 0.3% in each direction.  The cracking pattern and failure picture for III-
2.5-02 was very consistent with the sectional shear, or diagonal tension, failure seen in III-2.5-0.  
A single diagonal shear crack dominated the test region up until failure.  Very little parallel 
diagonal cracking was observed.  On the contrary, III-2.5-03 behaved more like a deep beam.  
Extensive redistribution of diagonal cracks occurred with increasing applied load, presumably 
due to the additional amount of web reinforcement.  Near ultimate, a parallel shear crack formed 
along the axis of the assumed compression strut between the load and the support as observed in 
tests at smaller a/d ratios.  An increase in load-carrying capacity of approximately 60% 
accompanied the change in failure mode.   
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Figure 4.55: Strength results from specimens tested at an a/d ratio of 2.5 

 



127 
 

The comparison of III-2.5-02 to III-2.5-03 revealed that the quantity of web 
reinforcement becomes relevant at higher a/d ratios (a/d > 2).  The behavior of the test region is 
transitioning from strut-and-tie action to sectional shear behavior.  Vertical reinforcement 
improves the sectional shear strength of reinforced concrete beams.  In test III-2.5-03, the 
vertical reinforcement enabled significant redistribution to occur increasing the load-carrying 
capacity of the member.  The final failure mode of this specimen was consistent with a 
combination of sectional shear and strut-and-tie behavior.  It should be noted that the beneficial 
effect of web reinforcement on the strength of beams tested at a/d ratios in excess of 2 was also 
observed through the analysis of the database as discussed in Section 4.5.2 (Figure 4.44).  
Additional information regarding the transition of deep beam behavior to sectional shear 
behavior is provided in Section 5.3.   

4.5.3 Serviceability Results 
The effect of web reinforcement on the serviceability of deep reinforced concrete beams 

was also investigated within this task.  As previously discussed, the diagonal cracking loads and 
the width of diagonal cracks were used to assess the serviceability performance of deep beams.   

Serviceability Results from the Evaluation Database 

Very little crack width data was available in the literature.  However, the load at first 
diagonal cracking was recorded for numerous specimens in the evaluation database (59).  The 
diagonal cracking loads were normalized by the 'f c bwd and were plotted versus the 
reinforcement ratio in each direction in Figure 4.56 and Figure 4.57.  The results in these figures 
did not reveal any effect of the quantity of reinforcement on the normalized diagonal cracking 
loads.  This finding was plausible since reinforced concrete members behave elastically prior to 
cracking.  The strain in the concrete at first cracking is very small preventing any effect of the 
reinforcement to be observed until cracks develop.  
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Figure 4.56: Effect of vertical reinforcement on the diagonal cracking load 
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Figure 4.57: Effect of horizontal reinforcement on the diagonal cracking load  

Serviceability Results from the Experimental Program 

The diagonal cracking loads for each specimen relevant to the current task are provided 
in Table 4.9.  The strength data for the same specimens in Table 4.9 were provided in Table 4.7.  
As noted in Section 3.6, it was only possible to obtain the cracking load for the first test on each 
42-, 44-, and 48-inch specimen.  The first cracking loads for both tests conducted on the 75- and 
23-inch specimens were measured.   
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Table 4.9: Summary of serviceability results for specimens in minimum reinforcement task 

Beam I.D. bw 
in. 

d 
in. ρv 

Bar 
size 

sv 
in. ρh 

Bar 
size  

sh 
in. 

a/d 
ratio 

Vcrack  
kip db'f

V

wc

crack

⋅

I-03-2 21 38.5 0.0029 #4 6.5 0.0033 #4 5.75 1.84 144 2.5 
I-03-4 21 38.5 0.0030 #3 7.0 0.0033 #4 5.75 1.84 - - 
I-02-2 21 38.5 0.0020 #4 9.5 0.0020 #4 9.5 1.84 121 2.4 
I-02-4 21 38.5 0.0021 #3 10 0.0020 #4 9.5 1.84 - - 
II-03-CCC2021 21 38.6 0.0031 #5 9.5 0.0045 #5 6.6 1.84 139 3.0 
III-1.85-00 21 38.6 0 - - 0 - - 1.84 98 2.1 
III-2.5-00 21 38.6 0 - - 0 - - 2.47 - - 
III-1.85-02 21 38.6 0.0020 #5 14.5 0.0019 #4 10.1 1.84 112 2.2 
III-1.85-025 21 38.6 0.0024 #5 12 0.0014 #3 7.6 1.84 - - 
III-1.85-03 21 38.6 0.0029 #5 10 0.0029 #5 10.1 1.84 137 2.4 
III-1.85-01 21 38.6 0.0011 #4 18 0.0014 #3 7.6 1.84 - - 
III-1.85-03b 21 38.6 0.0032 #4 6 0.0029 #5 10.1 1.84 114 2.4 
III-1.85-02b 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 1.84 - - 
III-1.2-02 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 1.20 165 3.2 
III-1.2-03 21 38.6 0.0031 #5 9.5 0.0029 #5 10.1 1.20 - - 
III-2.5-02 21 38.6 0.0020 #4 9.5 0.0019 #4 10.1 2.49 105 1.9 
III-2.5-03 21 38.6 0.0031 #5 9.5 0.0029 #5 10.1 2.49 - - 
IV-2175-1.85-02 21 68.9 0.0020 #4 9.5 0.0019 #4 10.1 1.85 216 2.1 
IV-2175-1.85-03 21 68.9 0.0031 #5 9.5 0.0029 #5 10.1 1.85 218 2.1 
IV-2175-2.5-02 21 68.9 0.0021 #5 14.25 0.0021 #5 14.25 2.5 144 1.4 
IV-2175-1.2-02 21 68.9 0.0021 #5 14.25 0.0021 #5 14.25 1.2 262 2.6 
IV-2123-1.85-03 21 19.5 0.0030 #4 6.25 0.0030 #4 6.25 1.85 60 2.3 
IV-2123-1.85-02 21 19.5 0.0022 #3 5.25 0.0017 #3 6.25 1.85 65 2.4 
M-03-4-CCC2436 36 40 0.0031 #5 11 0.0027 #5 6.5 1.85 354 3.8 
M-09-4-CCC2436 36 40 0.0086 #5 4 0.0027 #5 6.5 1.85 - - 
M-02-4-CCC2436 36 40 0.0022 #4 10 0.0022 #5 8 1.85 256 3.4 
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As shown in Table 4.9, the diagonal cracking loads of several specimens with different 
amounts of web reinforcement were measured.  Information regarding the measurement of the 
diagonal cracking loads was provided in Section 4.2.2.  The load at first diagonal cracking 
normalized by the 'f c bwd for each of these specimens is plotted in Figure 4.58.  The results 
indicated that the quantity of web reinforcement has no effect on the diagonal cracking load.  
This finding was in agreement with the results from the evaluation database.  As previously 
mentioned, the amount of reinforcement does not affect the behavior of reinforcement concrete 
members until after the beam has cracked.  It is interesting to note that the normalized diagonal 
cracking loads of the 36”x48” specimens were considerably greater than those of the 21”x23”, 
21”x42”, 21”x44”, and 21”x75” specimens.  It is likely that the higher longitudinal 
reinforcement ratio in the 36”x48” specimens (2.9% vs. 2.3%) contributed to the higher 
normalized diagonal cracking loads.  Since the first diagonal crack was generally a flexure-shear 
crack, the amount of reinforcement at the tip of the flexural crack affects the diagonal cracking 
load.  Additional information regarding the factors affecting the load at first diagonal cracking is 
provided in Section 5.4.   
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Figure 4.58: Diagonal cracking loads of specimens in current task 

The serviceability performance of the test specimens was also evaluated with the 
maximum width of the diagonal cracks.  As noted in Section 3.5.4, the crack widths were 
measured during each load increment with a crack comparator card.  The maximum diagonal 
crack widths were recorded for each side of the test specimen and were plotted versus the percent 
of the maximum applied load.  Plotting the data in this manner was appropriate to permit 
specimens of different sizes and with different concrete strengths to be placed on the same plot.  
Also, this approach was consistent with another objective of the current research study: to 
correlate the maximum diagonal crack width with the residual capacity of the member (Section 
5.5).   
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Maximum diagonal crack widths for six 21”x42” specimens tested at an a/d ratio of 1.85 
are presented in Figure 4.59.  Several important observations can be made regarding this figure.  
First, it is clear that the quantity of web reinforcement directly influences the width of diagonal 
cracks.  As the amount of reinforcement crossing the diagonal crack increases, the width of the 
diagonal crack decreases for a given percent of applied load.  Therefore, the specimen with 0.3% 
reinforcement in the vertical direction and 0.45% reinforcement in the horizontal direction (II-
03-CCC2021) had the narrowest diagonal cracks throughout its loading history.  The 
effectiveness of horizontal reinforcement was evaluated with this test as well.  Comparing the 
crack widths of specimens II-03-CCC2021 and III-1.85-03b demonstrated that additional 
horizontal reinforcement effectively restrained diagonal crack widths at high a/d ratios (1.85).  
While it was emphasized in the literature and through the use of the database (Figure 4.43) that 
additional horizontal reinforcement had a negligible impact on the strength of deep beams, these 
crack width data suggested that horizontal reinforcement may be important for serviceability.  
Comparing the crack widths of specimens III-1.85-02 and III-1.85-025 did not reveal significant 
differences.  This observation was not unexpected due to minimal differences in the spacing of 
the reinforcement required to target the reinforcement ratio in each specimen.  The spacing of the 
#5 stirrups for these two specimens only differed by 2.5-inches.  As a result of these findings and 
of the format of several existing minimum reinforcement provisions, equal reinforcement in each 
orthogonal direction was targeted as the most effective and most practical solution for minimum 
web reinforcement in deep beams. 
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Figure 4.59: Diagonal crack widths for 6 - 21”x42” specimens tested at a/d of 1.85 

 
The crack width data in Figure 4.59 can be compared to the crack width limit of 0.016-

inches (Section 4.1.2).  At first diagonal cracking, the maximum crack width for III-1.85-02 and 

Diagonal Crack Width, in. 
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III-1.85-02b exceeded the 0.016-inches limit.  On the contrary, at the first cracking of specimens 
II-03-CCC2021 and III-1.85-03b, the maximum crack width was only approximately 0.009-
inches.  The diagonal crack width did not reach 0.016-inches in these specimens until 30- to 40-
percent of the maximum applied load was reached.  For the unreinforced specimen (III-1.85-0), 
the maximum diagonal crack width was also less than 0.016-inches at first diagonal cracking.  
However, it is clear from Figure 4.59 that the crack width increased rapidly for a minimal 
increase in applied load.  The data in Figure 4.59 can also be evaluated with respect to the 
estimated service load on the structure of 33% of the maximum applied load (Section 4.2.2).  At 
this level, the specimens with 0.3% web reinforcement or greater in each direction had diagonal 
crack widths at or less than 0.016-inches.  The specimens without any reinforcement or with 
0.2% reinforcement had maximum crack widths of 0.038- and 0.028-inches respectively.  It 
should be noted that the crack width limit of 0.016-inches and the estimated service load (33% of 
ultimate) should be not be treated as definite limits.  They should be used as general benchmarks.  
Nevertheless, the data in Figure 4.59 clearly indicated that the specimens with at least 0.3% in 
each direction performed much better than those with less reinforcement.     

The crack patterns at approximately 90% of the maximum applied load for four of the 
aforementioned tests are provided in Figure 4.60.  In a general sense, the crack patterns of each 
test specimen agree favorably with the maximum diagonal crack width data presented in Figure 
4.59.  At a given load stage, as the distribution of diagonal cracking, i.e. the number of parallel 
diagonal cracks, increased, the maximum diagonal crack width decreased.  Comparing the crack 
patterns of test III-1.85-03b and II-03-CCC2021 further illustrated the benefit of horizontal 
reinforcement.  While horizontal reinforcement was shown in the literature and through the use 
of the database (Figure 4.43) to be less effective than vertical reinforcement in terms of strength, 
the data from these tests suggested that it is important for limiting diagonal crack widths.  This 
finding supported keeping the quantity of minimum web reinforcement the same in each 
orthogonal direction.   
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(a). III-1.85-0 

 
(b). III-1.85-02b 

 
(c). III-1.85-03b 

 
(d). II-03-CCC2021 

Figure 4.60: Crack patterns of four specimens at approximately 90% of capacity 

 
The crack width data from tests III-1.85-01 and III-1.85-03 are presented in Figure 4.61 

with the data from Figure 4.59.  The maximum diagonal crack width data from III-1.85-03 
agreed favorably with the data from the other specimen with the same web reinforcement (III-
1.85-03b) even though they failed at considerably different normalized shear stresses.  On the 
other hand, the crack width data from III-1.85-01 did not match the trend with reinforcement 
quantity that was otherwise represented in Figure 4.61.  The reason for this discrepancy was the 
difference in failure modes between III1.85-01 and the rest of the tests.  As discussed previously 
(Figure 4.50), the failure mode of III-1.85-01 more closely resembled a sectional shear failure 
than a deep beam failure, primarily due to insufficient web reinforcement.    
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Figure 4.61: Diagonal crack widths for 8 – 21”x42” specimens tested at a/d of 1.85 

Consistent load transfer mechanisms were required to compare diagonal crack width data 
when normalizing the applied load by the maximum applied load.  If the crack width data in 
Figure 4.61 was plotted versus the applied shear, the trend in Figure 4.62 resulted.  This trend 
illustrated that regardless of the load transfer mechanism, maximum diagonal crack widths are a 
function of the applied shear and the quantity of web reinforcement.  However, as previously 
discussed, plotting crack width data versus the percent of maximum applied load was more 
useful for the current project.     
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Figure 4.62: Diagonal crack widths of 8 – 21”x42” specimens versus applied shear 

Several other tests were conducted at an a/d ratio of 1.85 within the experimental 
program to evaluate the difference between 0.2% and 0.3% web reinforcement in each 
orthogonal direction.    The crack width data for these tests is provided in Figure 4.63 through 
Figure 4.66.  The data in these figures can be used to compare the maximum diagonal crack 
widths for the 21”x75” specimens, the 36”x48” specimens, and the four 21”x44” specimens with 
either 2 or 4 legged stirrups.  In all cases, the same general conclusions regarding the effect of 
web reinforcement on maximum diagonal crack widths can be reached.  Providing 0.3% 
reinforcement in each orthogonal direction better restrained the diagonal crack widths throughout 
the loading history of the member and at first cracking, in general.  At the estimated service load 
(33% of ultimate), the maximum diagonal crack widths for the specimens with 0.3% 
reinforcement in each direction were generally at or below the tolerable crack width limit of 
0.016-inches.  The crack widths for the specimens with 0.2% reinforcement were generally 
greater than the tolerable crack width limit.   

Diagonal Crack Width, in. 
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Figure 4.63: Diagonal crack widths for 21”x75” specimens with 0.2% and 0.3% reinforcement 
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Figure 4.64: Diagonal crack widths for 36”x48” specimens with 0.2% and 0.3% reinforcement 
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Figure 4.65: Diagonal crack widths for 21”x44” specimens with 0.2% or 0.3% 2-legged 

reinforcement 
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Figure 4.66: Diagonal crack widths for 21”x44” specimens with 0.2% or 0.3% 4-legged 

reinforcement 
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Due to the variable nature of crack width data, it is important to base overall conclusions 
on as much data as possible.  The maximum crack width data for the specimens in the current 
task (Table 4.9) that were tested at an a/d ratio of 1.85 was plotted in Figure 4.67 with the 
exception of III-1.85-01.  The data from this test was excluded because the load transfer 
mechanism was not consistent with a deep beam as noted previously.  In all, the data from 16 
tests were included in Figure 4.67.  Among the tests were beams of several different sizes, with 
2- and 4-legged stirrups, and with several different distributions of web reinforcement.   
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Figure 4.67: Diagonal crack width data for all comparable specimens at a/d of 1.85 

 
In Figure 4.67, it is evident that some scatter existed with diagonal crack width data.  

However, in general, the trend between maximum diagonal crack width and the reinforcement 
ratio in the web is remarkably clear.  At first diagonal cracking, the specimens with 0.2% web 
reinforcement in each orthogonal direction often exceeded the tolerable crack width limit of 
0.016-inches.  This amount of reinforcement was not sufficient to restrict the width of diagonal 
cracks to this general limit even at first cracking.  At the estimated service load level, the 
maximum crack widths of all of the specimens with 0.2% reinforcement exceeded 0.016-inches.  
The specimens with 0.3% in each orthogonal direction, on the other hand, had crack widths 
narrower than 0.016-inches at first diagonal cracking.  In almost all cases, the maximum crack 
width was less than or equal to 0.016-inches at the estimated service load of 33% of ultimate.  
Due to the approximate nature of the tolerable crack width limit and the service load of 33% of 
ultimate, the performance of the specimens with 0.3% reinforcement was considered acceptable.  
Providing web reinforcement in excess of 0.3% in each direction did a better job than 0.3% at 
restraining crack widths, but mostly at higher levels of applied load.  Near first cracking and at 
the expected service load, there was only a moderate reduction in the maximum diagonal crack 
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widths.  The two specimens representing the blue data points in Figure 4.67 had the following 
amount of web reinforcement: 

• II-03-CCC2021: ρv = 0.31%, ρh = 0.45% 
• M-09-4-CCC2436: ρv = 0.86%, ρh = 0.27% 

Even with a large increase in the amount of vertical reinforcement in test M-09-4-CCC2436, the 
maximum diagonal crack widths were only slightly narrower than those in specimens with 0.3% 
reinforcement.  This observation suggested that near service loads, there are diminishing returns 
regarding the effect of web reinforcement on maximum diagonal crack widths. 

In addition to an a/d ratio of 1.85, a few tests were conducted at a/d ratios of 1.2 and 2.5.  
Crack width data for the three specimens tested at an a/d ratio of 1.2 and the three specimens 
tested at an a/d ratio of 2.5 are presented in Figure 4.68 and Figure 4.69, respectively. 
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Figure 4.68: Diagonal crack widths of specimens tested at an a/d ratio of 1.2 
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Figure 4.69: Diagonal crack widths of specimens tested at an a/d ratio of 2.5 

The results presented in Figure 4.68 (a/d = 1.2) are consistent with the crack widths of 
beams tested at an a/d ratio of 1.85 (Figure 4.67).  Web reinforcement in both directions 
corresponding to 0.3% better restrained the width of diagonal cracks than 0.2% in each direction.  
At the expected service load, the maximum width of the diagonal cracks in the specimen with 
0.3% reinforcement is well below the tolerable limit of 0.016-inches.  On the other hand, the 
maximum crack width of the specimens with 0.2% reinforcement is approximately 0.02-inches, 
exceeding the crack width limit slightly.   

The results presented in Figure 4.69 are not in agreement with the data from the tests 
conducted at an a/d ratio less than 2.  The reason for this discrepancy was that for the beams in 
Figure 4.69 with 0.2% reinforcement, the failure mode was consistent with a sectional shear or 
diagonal tension failure.  The specimen with 0.3% reinforcement in each direction (III-2.5-03) 
failed in a manner consistent with a combination of deep beam and sectional shear behavior.  As 
noted previously, the reinforcement in test III-2.5-03 provided additional redistribution capacity 
that increased the strength of the test specimen.  As a result of this inconsistency, a direct 
comparison between these tests is considered to be neither practical nor valid.   

The required spacing of minimum web reinforcement was not explicitly evaluated in the 
experimental program.  However, a couple of valid comparisons were possible.  Two pairs of 
tests were conducted at an a/d ratio of 1.85.  In both cases, the difference between each test in the 
pair was the spacing of the stirrups (sv).  The spacing of the horizontal reinforcement was the 
same in all four tests (10-inches).  The crack width data for the two specimens with 0.2% 
reinforcement (III-1.85-02 and III-1.85-02b) are plotted in Figure 4.70.  The crack width data for 
the two specimens with 0.3% reinforcement (III-1.85-03 and III-1.85-03b) are plotted in Figure 
4.71. 
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Figure 4.70: Effect of stirrup spacing on crack width for specimens with 0.2% web reinforcement 
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Figure 4.71: Effect of stirrup spacing on crack width for specimens with 0.3% web reinforcement 

 
In Figure 4.70, the crack width data indicates that larger stirrup spacing may result in 

wider diagonal cracks.  For specimen III-1.85-02, the stirrups were spaced at 14.5-inches or 
approximately d/2.5.  This spacing is larger than that required by many of the minimum 
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reinforcement provisions reviewed in Section 4.5.1.  In general, spacing of minimum 
reinforcement is limited to d/4, d/5, or 12-inches.  While the effect shown in Figure 4.70 is 
minimal, it does show the benefits of restricting the spacing of crack control reinforcement.  In 
Figure 4.71, the crack width data for the specimens with 0.3% reinforcement indicates that 
stirrup spacing smaller than 10-inches or approximately d/4 did not further reduce diagonal crack 
widths.  Thus, there is no apparent benefit from recommending a spacing limit less than d/4.  
Based on the results in Figure 4.70 and Figure 4.71 and to be consistent with previous 
recommendations for the spacing of minimum web reinforcement, it is proposed that the spacing 
be limited to the smaller of d/4 or 12-inches.  This limit is the same that is recommended in 
Article 5.13.2.3 of AASHTO LRFD (2008). 

4.5.4 Design Recommendations  
Based on the strength and serviceability results discussed in Section 4.5.1 through 4.5.3, 

minimum reinforcement of 0.3% in each orthogonal direction is recommended for use in deep 
beams.  This amount of reinforcement adequately restrained the width of diagonal cracks at first 
cracking and up to an approximate service load level of 33% of ultimate.  Reinforcement of 0.2% 
did not adequately restrain the width of diagonal cracks.  It is possible that for applications in 
which the serviceability performance (restraint of diagonal crack widths) is not a priority, then 
minimum web reinforcement of 0.2% in each direction would be satisfactory. 

In regards to the minimum reinforcement provisions in current design specifications, 
0.3% in each orthogonal direction is similar to that required in AASHTO LRFD (2008) and 
CHBDC (2006).  The one difference is that in AASHTO and in CHBDC the total horizontal 
reinforcement is based off of the gross concrete section whereas the reinforcement recommended 
herein is based off of the effective strut area.  To resolve this difference and for clarity, new 
minimum reinforcement provisions are recommended for article 5.6.3.6 in AASTHO LRFD 
(2008) as seen in Appendix A.   

It was observed that limiting the spacing of the web reinforcement was important for 
reaching the full design strength of the strut and for distributing the diagonal cracks.  Currently, 
in AASHTO LRFD (2008), the spacing of crack control reinforcement is restricted to 12-inches.  
It is proposed that this limit be supplemented with a restriction of d/4.  Thus, the spacing of the 
web reinforcement in each direction shall not exceed d/4 or 12-inches.  This limit is consistent 
with the spacing limits of the other minimum reinforcement provisions reviewed in Section 
4.5.1.   

4.5.5 Summary 
In Section 4.5, the effect of web reinforcement on the strength and serviceability 

performance of deep beams was addressed.  The results indicated that minimum orthogonal 
reinforcement pertaining to 0.3% of the strut area should be provided in deep beams (a/d < 2).  
This conclusion was based on the test results of beams of various size (21”x23”, 21”x42”, 
21”x44”, 36”x48”, and 21”x75”), of beams tested at a/d ratios of 1.2 and 1.85, and of beams with 
either 2- or 4-legged stirrups. 

In general, the failure mode and overall performance of the deep beam specimens was 
consistent with a single-panel strut-and-tie model in which the load was transferred through the 
member via a direct, diagonal strut.  As such, the purpose of the reinforcement in terms of 
strength was to resist the transverse tensile stress in the bottle-shaped strut.  For this reason, 
companion specimens with different amounts of reinforcement in each direction had similar 
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shear strength as long as at least 0.2% reinforcement was provided.  However, a difference in 
performance was observed in regards to the width of diagonal cracks.  The crack data was 
evaluated with an approximate tolerable crack width of 0.016-inches and at a service load of 
33% of ultimate.  The results indicated that the width of the cracks were proportional to the 
amount of web reinforcement with diminishing returns near service load levels as the 
reinforcement greatly exceeded 0.3% in each direction.  Specifically, the data suggested that 
0.2% reinforcement in each orthogonal direction was insufficient to restrain the width of the 
cracks to 0.016-inches at service loads and often at first cracking.  Specimens with 0.3% 
reinforcement in each direction performed significantly better, satisfying the serviceability 
criteria at first cracking and at service loads.   

For the few members tested at an a/d ratio of 2.5, the amount of web reinforcement did 
affect the shear strength.  The specimen with 0.3% reinforcement in each direction failed at a 
load 60% higher than the companion specimen with 0.2% in each direction.  The failure mode of 
test III-2.5-02 was consistent with a sectional shear failure with minimal parallel diagonal 
cracking.  The failure mode of test III-2.5-03 was consistent with the combination of a deep 
beam and sectional shear failure due to presence of the additional reinforcement.   

 

4.6 Effect of Member Depth 
The purpose of this task was to evaluate the effect of member depth on the strength and 

serviceability performance of reinforced concrete deep beams.  A brief review of the literature 
associated with the effect of depth on deep beams is provided.  After that, the strength and 
serviceability results obtained through the experimental program are presented.  

4.6.1 Background  
Numerous research studies have been conducted on the effect of depth on the shear 

strength of reinforced concrete beams.  Most of the work has focused on slender beams in which 
the a/d ratio is greater than 2.  However, several studies conducted within the last fifteen years 
have addressed the effect of depth on the behavior of deep beams as well (a/d < 2).  In both 
cases, most of these investigations have concluded that a size effect exists.  In this case, size 
effect refers to a reduction in ultimate shear strength, typically measured by a normalized shear 
stress at failure (V / fc′bwd or V / 'f c bwd), as the depth of the member increases.  There are 
numerous theories in the literature that attempt to explain size effect, but there is little consensus.  
Three of the most common size effect theories for shear are based upon material strength 
variations, diagonal crack widths, and fracture mechanics.   

The oldest size effect theory, that of statistical strength variations, was based on the work 
of Weibull in 1939.  Applied to reinforced concrete, the theory justifies the reduction in strength 
that exists with an increase in member size to the randomness of material strength.  A reinforced 
concrete structure is compared to a series of chain links in which the failure of one link causes 
the entire chain to fail.  As the depth of a beam gets larger, the number of links increases and the 
probability of a lower stress at failure increases due to the variability in the material strength of 
concrete.   

Size effect has also been explained in terms of the width of diagonal cracks.  According 
to modified compression field theory, as the depth of a beam increases, the spacing of diagonal 
cracks increase and thus, the width of diagonal cracks increase (Collins and Kuchma, 1999 and 
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Macgregor and Wight, 2005).  The increase in crack width reduces the ability to transmit shear 
across the diagonal crack by aggregate interlock.  Thus, size effect is explained by the reduced 
effectiveness of the interface shear transfer mechanism.  

Other researchers explain size effect for shear in reinforced concrete beams with fracture 
mechanics (Reinhardt, 1981 and Bazant and Kazemi, 1991).  It is theorized that there are 
differences in the rate at which stored energy is released during crack propagation for beams of 
different sizes.  Specifically, cracks propagate faster in larger beams than in smaller beams.  
Several research studies have shown that the cracking pattern of a larger beam is more extensive 
than an otherwise identical smaller beam at the same shear stress (Walraven and Lehwalter, 1994 
and Tan and Lu, 1999). 

In general, these theories were originally derived for slender beams (a/d > 2).  While they 
can be applied to the study of deep beams (a/d < 2) to some degree, another approach may be 
more appropriate.  After strength results from the literature and from the experimental program 
are presented, it will be apparent that the effect of depth on the strength of deep beams can be 
better understood in terms of a strut-and-tie model analysis.   

 

4.6.2 Strength Results  

Strength Results from the Literature 
 
Numerous experimental studies have been conducted on the size effect of deep beam 

shear.  Four studies will be reviewed in this section in detail.  In 1994, thirteen reinforced 
concrete deep beams were tested at an a/d ratio of 1.0 by Walraven and Lehwalter.  All of the 
beams were approximately 9.8-inches wide.  The effective depth ranged from 6.3- to 36.6-
inches.  The length of the load plate and the support plate varied with the effective depth such 
that the ratio between the two equaled 0.25.  Each beam was simply supported and was loaded 
with a single concentrated load at midspan.  The test specimens were divided into three groups.  
The first group did not have any web reinforcement.  The second and third groups had vertical 
reinforcement corresponding to a ρv of approximately 0.0015 and 0.003, respectively.  The 
experimental shear strength normalized by the shear area and the compressive strength of 
concrete are plotted versus the effective depth in Figure 4.72.  From the test results, a size effect 
is apparent.  As the depth of the member increases, the normalized shear stress at failure 
decreases.  The loss in shear strength was attributed to the difference in the rate of crack 
propagation for the beams of different depths.  Specifically, the ability to transmit tensile stress 
across diagonal cracks was reduced for the larger beams due to larger crack widths when 
compared to smaller beams at similar stress levels. 
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Figure 4.72: Size effect strength results from Walraven and Lehwalter (1994) 

 
In 1999, twelve reinforced concrete deep beams were tested by Tan and Lu.  Size effect 

in deep beam shear was studied at three different a/d ratios: 0.56, 0.84, and 1.13.  All of the 
beams had a width of 5.8-inches.  The effective depths ranged from 17.5- to 61.4-inches.  The 
length of the bearing plates at the load and the support were kept constant at 9.8-inches for all of 
the specimens (Tan and Cheng, 2006).  Each beam was simply supported and was loaded with 
two point loads at the third points.  The test specimens were divided into three groups by the a/d 
ratio.  The smallest beam in each group (d=17.5-inches) did not have any web reinforcement.  
The other three beams in each group had equal reinforcement in the horizontal and vertical 
directions satisfying a reinforcement ratio of 0.0012.  The test results are plotted in Figure 4.73.  
These test results agree well with those in Figure 4.72.  The normalized shear stress at failure 
decreases with the increasing depth of the member.  The authors attributed the decline in strength 
to the difference in the rate of energy release due to crack propagation for the beams of different 
sizes.  Specifically, they noted that the larger beams had more developed cracks than the smaller 
beams at a given shear stress.  In addition, the authors noted that size effect was greatest when 
the effective depth increased from 17.5- to 34.8-inches.  At depths larger than 34.8-inches, the 
reduction in shear stress at failure was not as high. 
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Figure 4.73: Size effect strength results from Tan and Lu (1999) 

 
In 2001, nine reinforced concrete deep beams were tested at an a/d ratio of 1.0 by Matsuo 

et al.  All of the beams were 5.9-inches in width.  The effective depths ranged from 7.9-inches to 
23.6-inches.  Similar to the study by Walraven and Lehwalter, the length of the load and support 
plates were varied with the effective depth of the beam such that the ratio between the two was 
0.25 for all of the specimens.  Also, the beams were simply-supported and were tested with a 
single concentrated load at midspan.  Three beams did not have any web reinforcement; three 
beams had vertical reinforcement corresponding to a ρv of 0.0042; three beams had vertical 
reinforcement corresponding to a ρv of 0.0084.  The test results are plotted in Figure 4.74.  All of 
the beams failed according to a shear-compression mode with a considerable amount of crushing 
around the loading point.  For the specimens without web reinforcement, the normalized shear 
stress at failure decreased with increasing depth, indicating size effect.  While the shear strength 
of the specimens with web reinforcement generally decreased with increasing depth as well, the 
reduction was not as consistent.  It is possible that web reinforcement acted to alleviate size 
effect to some degree.  According to the authors, the size effect was attributed to a reduction in 
“the ratio of the region of compression failure to total region of the specimen” (Matsuo et al., 
2001).    
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Figure 4.74: Size effect strength results from Matsuo et al. (2001) 

 
In 2007, twelve reinforced concrete deep beams were tested at an a/d ratio of 1.1 by 

Zhang and Tan.  The test specimens were divided into three groups of four.  Within each group, 
the effective depth of the beam varied from 12.3- to 35.6-inches.  In the first group, the beam 
width was constant at 3.2-inches, and there was not any web reinforcement.  In the second group, 
there was also no web reinforcement; but the beam width varied from 3.2- to 9.8-inches.  In the 
third group, the beam width varied as in group 2; and web reinforcement corresponding to a ρv of 
approximately 0.004 was provided (ρh = 0).  For all of the specimens, the length of the load and 
support plates varied with the effective depth such that the ratio between the two was 
approximately 0.17.  The beams in this study were loaded with two concentrated loads at the 
third points.  The test results are plotted in Figure 4.75.  Unlike the data plotted in Figure 4.72 
through Figure 4.74, no size effect is apparent for the tests conducted by Zhang and Tan.  The 
authors attributed the lack of size effect to the appropriate proportioning of the length of the load 
and support plates to the depth of the beams. “Thus, [controlling] strut geometry plays a 
dominant role in mitigating the size effect in ultimate shear strength of deep beams” (Zhang and 
Tan, 2007).  From a strut-and-tie model perspective, where the strength of a deep beam is often 
governed by dimensions of the struts and nodes, these results make sense.   
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Figure 4.75: Size effect strength results from Zhang and Tan (2007) 

 
The experimental results in Figure 4.75 were further explained with finite element 

models (FEM) by Zhang and Tan (2007).  Two sets of analyses were conducted. In the first set, 
each of the twelve test specimens were analyzed with the same loading conditions as the actual 
tests.  The FEM results agreed well with the test results.  In the second set, the lengths of the 
support and load plates were not varied with the depth of the specimens as they were in the 
actual tests.  Instead, a constant length of 2.1-inches was used for the length of all bearing plates 
in all of the beams.  This length equaled the length of the plates for the smallest test specimen (d 
= 12.3-inches).  The results of the analyses are illustrated in Figure 4.76 and Figure 4.77.  When 
the bearing plates were varied with the depth of the member, no apparent size effect existed.  
Whereas, when the bearing plate sizes were kept constant as the depth of the member increased, 
size effect was present.  These results indicate that the strut geometry dominates the ultimate 
shear strength of deep beams, and controlling this geometry can effectively mitigate size effect. 
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Figure 4.76: FEM results in which bearing plate sizes increased with increasing member depth 

(Zhang and Tan, 2007)  
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Figure 4.77: FEM results in which bearing plate sizes were constant with increasing member 

depth (Zhang and Tan, 2007)  

There is some disagreement between the findings of Zhang and Tan (2007) and the test 
results of Walraven and Lehwalter (1994) and Matsuo et al. (2001).  By proportioning the length 
of the load and support plates according to the depth of the beam, Zhang and Tan were able to 
mitigate size effect.  However, when both Walraven and Lehwalter and Matsuo et al. 
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proportioned their bearing plates in the same manner, size effect was not mitigated.  Zhang and 
Tan attributed the discrepancy between their findings and those of Walraven and Lehwalter to 
the “uneven distribution of shear reinforcement” for the different beam sizes of the latter.  The 
spacing of the transverse reinforcement in specimens of Walraven and Lehwalter was 
approximately d/4 for each beam regardless of the size.  However, the same numerical spacing of 
approximately 5.9-inches was used for all of the beams of Zhang and Tan.  While the distribution 
of reinforcement for the larger beams may have contributed to the discrepancy between the 
results of these two studies, it was not solely responsible.  In the study by Matsuo et al., the 
bearing plates were varied according to the depth of the beam and the distribution of 
reinforcement was consistent between each of the beams.  Size effect was still apparent in these 
tests, albeit not as pronounced.     

It is plausible that the other contributing factor to the discrepancy between the 
aforementioned studies is the loading configuration.  Walraven and Lehwalter and Matsuo et al. 
tested their specimens with a single concentrated load at midspan.  They proportioned the length 
of the load and the support plates according to the depth of the beam.  However, since a single 
load is applied at midpsan, the bearing stresses at the load are twice as high as those at the 
supports.  Conversely, Zhang and Tan tested their specimens with two concentrated loads 
applied at the third points.  Due to this arrangement, the bearing stresses at the load and the 
support were equivalent.  It is possible that the uneven proportioning of the length of the load 
and support plates in the tests by Walraven and Lehwalter and Matsuo et al. contributed to the 
difference in results with those of Zhang and Tan.   

From the aforementioned studies, it was shown that a reduction in the normalized shear 
stress at failure (V/fc′bwd) existed when the load and support plates were not properly 
proportioned according to the depth of the beam.  When the length of the bearing plates were 
increased with the depth of the member, no size effect was apparent, especially for members 
with web reinforcement.  From a strut-and-tie model perspective, these results make sense.  In 
STM, the strength of a deep beam is often controlled by the stress on the nodal faces.  If the size 
of the nodes is increased proportionally to the depth of the member, then a similar normalized 
stress at failure should be expected.  (Node size increases, Vult increases, d increases, and 
V/fc′bwd remains constant).  Similarly, if the node size remains constant as the depth of the 
member increases, then a reduction in the normalized shear stress at failure should be expected.  
(Node size is similar, Vult is similar, d increases, and V/fc′bwd decreases).  Therefore, evaluating 
the effect of depth on the strength of deep beams should be done from a strut-and-tie model 
perspective.     
 
Strength Results from the Experimental Program 

 
Before the tests in Series IV could be conducted, the size of the load and support plates of 

the different-sized specimens needed to be determined.  Based on previous research studies, it 
was apparent that the length of the bearing plates affected the strength results of deep beams as 
the effective depth increased. Also, the tests in the current study on triaxially-confined nodal 
regions (Section 4.4) revealed that the length of the bearing plates at CCC nodes were far more 
important to the strength of deep beams than the width.  Thus, the bearing plate dimensions used 
for the tests in Series IV were carefully chosen.   

The dimensions for the bearing plates and the supporting columns of several TxDOT bent 
caps were studied (Figure 4.78).  In general, the length of the bearing plates appeared to be based 
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off the size of the girder supported by the bent cap, rather than the depth of the bent cap itself.  
The length of the bearing plates used in the Greens Road bent caps and in standard Type IV bent 
caps were identical even though the overall depth of these members differed by nearly a factor of 
2.  The length of the pot bearings used in the I-345 bent cap in Dallas, however, were 
exceptionally large due to the size of the continuous steel plate girders resting on top of it.  
Therefore, notwithstanding the I-345 bent cap, the length of bearing plates were generally 
independent of the depth of the member. 
 

Bent Cap
Bent Cap 
Size (bxh)

Girder Type Bearing Plate 
Size (l x b)

Supporting 
Column Size

Standard 
Interior Bent 

Cap

33” x 36”

A* 12” x 7”

circular φ = 30”B* 14” x 7” 

C* 16” x 7” 

39” x 42” IV* 22” x 7” 
circular φ = 36”

42” x 42” Tx28 – Tx54* 21” x 8”

Greens Road 45” x 78” Steel Box 22” x 22” rect. 57” x 56”

I-345 72” x 120” Steel Plate 42” x 36” rect. 72” x 72”

* Two pads per girder line

l
b

 
Figure 4.78: Bearing plate dimensions in several TxDOT bent caps (TxDOT, 2008) 

For the Series IV specimens, the sizes of the bearing plates were not linked to the depth 
of the member.  Instead, the bearing plate dimensions were selected to create similar size nodal 
regions (CCC and CCT) for each of the three sections tested within this task.  The effect of 
increasing the member depth without increasing the size of the nodal regions on the strength of 
deep beams was evaluated with this choice.  More importantly, it appeared to be more consistent 
with typical TxDOT practice.  The relative sizes of the nodal regions using a single-panel STM 
for the three sections tested within this task are depicted in Figure 4.79 and Figure 4.80. 
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lb B-Region

21” x 75”
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21” x 23”
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αll = 14 ½-inches for each section
lb = 16-inches for each section
a/d = 1.85
*Reinforcement does not represent actual steel in specimen  

Figure 4.79: Relative size of nodal regions for depth effect specimens 

 

21” x 23”

21” x 42”

21” x 75”

a/d = 1.85

size of CCT node varies due to steel distribution  

 
Figure 4.80: Relative size of nodal regions in depth effect specimens (2) 
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Since the test specimens were loaded with a single point load, the critical dimension at 

the load point was not the full length of the bearing plate, but rather the percentage of the bearing 
plate that was used in the strut-and-tie model for the test region.  Therefore, this dimension, αll, 
was kept constant for the three beam sizes (14.5-inches).  For reference, α equals 0.5 for the 
specimen loaded at midspan.  The length of the support plates was constant for all of the beams 
(16-inches).  As shown in Figure 4.80, the resulting sizes of the nodal regions were fairly equal 
even though the overall depth of the test specimen increased from 23- to 75-inches.  The size of 
the node-to-strut interface increased slightly as the depth increased due to the increase in the 
back face dimensions of the CCC and CCT nodes.  It was not possible to keep these dimensions 
constant for specimens of different sizes while maintaining the same longitudinal reinforcement 
ratio.   

The test specimens from the experimental program used to evaluate the effect of depth on 
the strength of deep beams are listed in Table 4.10.  The small (21”x23”) and the large (21”x75”) 
sections were tested in Series IV.  The results of these tests were compared with similar tests 
conducted on the 21”x42” section in Series III.  The experimental strength results and the 
relevant information about each specimen is listed in Table 4.10.    
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Table 4.10: Strength results for depth effect specimens 

Beam I.D. bw 
in. 

d 
in. 

f′c 
psi Nominal 

ρv & ρh 

Support 
Plate† 

in. 

Load 
Plate†

 
in. 

α 
a/d 

ratio 
Vtest  
kip db'f

V

wc

test
⋅

 
db'f

V

wc

test
⋅

Vcrack / 
Vtest 

III-1.85-02 21 38.6 4100 0.002 16x21 20x21 0.72 1.84 488 0.15 9.4 0.23 
III-1.85-03b 21 38.6 3300 0.003 16x21 20x21 0.72 1.84 471 0.18 10.1 0.24 
III-1.85-02b 21 38.6 3300 0.002 16x21 20x21 0.72 1.84 468 0.17 10.1 - 
III-1.2-02 21 38.6 4100 0.002 16x21 20x21 0.82 1.20 846 0.25 16.3 0.20 
III-1.2-03 21 38.6 4220 0.003 16x21 20x21 0.82 1.20 829 0.24 15.7 - 
III-2.5-02 21 38.6 4630 0.002 16x21 20x21 0.62 2.49 298 0.08 5.4 0.35 
III-2.5-03 21 38.6 5030 0.003 16x21 20x21 0.62 2.49 516 0.13 9.0 - 
IV-2175-1.85-02 21 68.9 4930 0.002 16x21 29x21 0.5 1.85 763 0.11 7.5 0.28 
IV-2175-1.85-03 21 68.9 4930 0.003 16x21 29x21 0.5 1.85 842 0.12 8.3 0.26 
IV-2175-2.5-02 21 68.9 5010 0.002 16x21 24x21 0.33 2.50 510 0.07 5.0 0.28 
IV-2175-1.2-02 21 68.9 5010 0.002 16x21 24x21 0.67 1.20 1223 0.17 11.9 0.21 
IV-2123-1.85-03 21 19.5 4160 0.003 16x21 16.5x21 0.86 1.85 329 0.19 12.5 0.18 
IV-2123-1.85-02 21 19.5 4220 0.002 16x21 16.5x21 0.86 1.85 347 0.20 13.0 0.19 
IV-2123-2.5-02 21 19.5 4570 0.002 16x21 15.5x21 0.81 2.50 161 0.09 5.8 0.32 
IV-2123-1.2-02 21 19.5 4630 0.002 16x21 18x21 0.91 1.20 592(f) 0.31 21.2 0.21 

†     Length along span (l)  x length along width (w) 
(f)   Maximum shear carried in specimen upon the occurrence of concrete crushing at the compression face. 
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The strength results for the specimens in Table 4.10 tested at an a/d ratio of 1.85 are 
plotted in Figure 4.81.  The experimental shear strength was normalized by the shear area and the 
compressive strength of concrete.  It is clear from the plot that with increasing depth, the 
normalized shear stress at failure decreases.  These results are consistent with those of previous 
research studies (Walraven and Lewalter, 1994; Tan and Lu, 1999; and Matsuo et al., 2001).  It is 
also clear from the plot that increasing the web reinforcement ratio in each direction from 0.2% 
to 0.3% did not affect the strength of the member.  This finding confirms the results discussed in 
Section 4.5.2 regarding the effect of web reinforcement on the strength of deep beams.   
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Figure 4.81: Strength results of depth effect specimens at a/d of 1.85 

 
The test regions at failure for the three specimens representing the red line in Figure 4.81 

(ρv = ρh = 0.002) are illustrated in Figure 4.82.  The mode of failure for these tests was generally 
the same.  Numerous parallel cracks formed along the line between the applied load and the 
support indicating the presence of a direct strut transfer mechanism.  At the ultimate applied 
load, local crushing near the load point and along the strut occurred.  The black lines in Figure 
4.82 represent the final failure crack of each specimen.  It is interesting to note that the final 
failure crack for the 75-inch specimen extended from the edge of the load plate at an angle of 
approximately 45-degrees instead of extending from the edge of both plates as in other tests.   

 
 



156 
 

Support

Load

Load

Vmax =  763 kips
7.5√f 'c·bw·d
0.11 f 'c·bw·d

Vmax =  468 kips
10√f 'c·bw·d
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c). IV-2123-1.85-02 (pre-cracked)

b). III-1.85-02b (pre-cracked)

a). IV-2175-1.85-02

 
Figure 4.82: Failure photographs for depth effect specimens with a/d of 1.85 and 0.2% 

reinforcement 

 
The strength results for the specimens tested at several a/d ratios (1.2, 1.85, and 2.5) and 

with 0.2% web reinforcement in each direction are plotted in Figure 4.83.  The normalized shear 
strength of the specimens decreased with increasing depth as before.  It is important to note that 
the normalized shear strength of the 23-inch specimens at a/d ratios of 1.2 and 1.85 differ with 
that of the 75-inch specimens by a factor of 2.  For the specimens tested at an a/d ratio of 2.5, the 
normalized shear strength only slightly decreased with increasing effective depth.  The reduction 
in size effect as the a/d ratio increases was also reported by Tan et al. (2005).  In their study, the 
strength results indicated that size effect was more dominant for beams tested at an a/d ratio of 
1.69 and less as compared to similar beams tested at an a/d ratio of 3.38.   

 



157 
 

0.00

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0 20 40 60 80

E
xp

er
im

en
ta

l S
tr

en
gt

h,
 V

te
st

/ f
 ' c

b w
d

Effective Depth, d (in.)

a/d = 1.2 a/d = 1.85 a/d = 2.5

Current Project
ρv = ρh = 0.2 % 

Flexural 
failure

 
Figure 4.83: Strength results of all depth effect specimens 

The test regions at failure for the three specimens representing the red line in Figure 4.83 
(a/d = 1.2) are illustrated in Figure 4.84.  The mode of failure for the 42- and the 75-inch 
specimen was the crushing of the direct strut between the load and the support.  The cracking 
patterns and the presence of local crushing along the strut and near the applied load were similar 
to those of the specimens tested at an a/d ratio of 1.85 (Figure 4.82).  The 23-inch specimen, 
however, failed in flexure.  The size of the nodal regions in relation to the shear span increased 
the shear capacity to the point where flexure was the controlling failure mechanism.  From an 
academic standpoint, it can be inferred that the actual shear strength of this specimen was greater 
than the shear that produces the flexural failure.  It is important to note that the strut-and-tie 
procedure does account for flexural failures with the check of tensions ties and the back face of 
CCC nodes.  
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Figure 4.84: Failure photographs of depth effect specimens with a/d of 1.2 

Lastly, the test regions at failure for the specimens loaded at an a/d ratio of 2.5 (orange 
line in Figure 4.83) are provided in Figure 4.85.  For the 23- and 42-inch specimens, the mode of 
failure was drastically different than those at the other a/d ratios.  As seen in Figure 4.85, the 
failure crack resembled a sectional shear, or diagonal tension, crack.  Very little crushing or 
parallel cracking was detected in the region of a direct strut.  This difference in behavior was not 
surprising since it is well known that as the a/d ratio approaches 2, the dominant shear transfer 
mechanism starts to change.  At low a/d ratios (a/d < 2), an arching, direct strut mechanism is 
dominant.  At higher a/d ratios (a/d > 2), a sectional shear mechanism in which shear resistance 
is provided by the concrete (Vc) and steel (Vs) is dominant.  For the 75-inch specimen, the final 
failure crack slightly resembled a sectional shear crack, but there was a considerable amount of 
parallel cracking in the region of the direct strut.  The behavior of this test further illustrates that 
the transition between deep beam behavior and sectional behavior is gradual; it does not occur at 
a distinct a/d ratio.  The transition between deep beam behavior and sectional behavior and 
variables that affect it are addressed explicitly in Section 5.3.  From the test results of these three 
beams (orange line in Figure 4.83), it is clear that the amount of size effect depends upon the 
dominant transfer mechanism and thus, the a/d ratio. 
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Figure 4.85: Failure photographs of depth effect specimens with a/d of 2.5 

 The reduction in the normalized shear strength with increasing depth (size effect) in 
Figure 4.81 and Figure 4.83 can be explained with a strut-and-tie model analysis.  As discussed 
throughout this report (Section 5.3), the primary load carrying mechanism for deep beams (a/d < 
2) is best captured with a single-panel strut-and-tie model.  According to the model, the capacity 
of deep beams is often governed by the size of the nodal regions.  The depth of the member does 
not directly affect the strength.  Therefore, it is inappropriate to normalize the experimental 
strength of deep beams by the member depth.  Doing so assumes that the strength of deep beams 
is a function of the beam depth.  A similar conclusion was reached by Zhang and Tan (2007).  
They, too, noted that the primary cause of size effect was the inappropriate use of the 
“conventional definition of shear strength of V/(bd)” for concrete deep beams (Zhang and Tan, 
2007). 

From a design perspective, the most appropriate way to normalize experimental strength 
is with design strength.  The design procedure should account for every major variable that 
affects the strength of the member, and therefore, should provide a consistent means of 
comparison between beams with any combination of these variables.  The experimental strength 
of the specimens tested in the current task was normalized with the design strength computed 
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according to the strut-and-tie model provisions discussed in Section 5.2.  The results are depicted 
in Figure 4.86.  For the deep beams (a/d < 2), there was very little difference in the reserve 
capacity (Vtest / Vcalc.) as the depth of the member increased.  A reasonably uniform level of 
conservatism existed as the effective depth increased.  The reserve capacity of the 75-inch deep 
beams (a/d < 2) was approximately 15% less than that of the 23-inch deep beams.  This 
difference is considered negligible in regards to deep beam shear strength.  These results indicate 
that the single-panel strut-and-tie model adequately captured the experimental behavior of the 
specimens tested at an a/d ratio less than 2.  It should be noted that similar conclusions would be 
reached if the STM provisions in ACI 318-08 or AASHTO LRFD (2008) were used to estimate 
capacity. 
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Figure 4.86: Experimental strength of depth effect specimens normalized by calculated strength 

 
Based on the results and discussion of this task, it appears that size effect (reduction in 

shear strength with increasing depth) is largely eliminated when a strut-and-tie analysis is used to 
design deep beams (a/d < 2).  The specimens tested in the current experimental program at an a/d 
ratio less than 2 failed in general agreement with a single-panel strut-and-tie model.  The 
capacity of the STM was governed by the size of the nodal regions.  As such, the strength of the 
deep beams was a function of the size and stress conditions in the nodal regions, not a function 
of the beam depth.  The size effect of deep beams reported in the literature is largely the result of 
incorrectly assuming that their strength is a function of section size. 

For the beams tested at an a/d ratio of 2.5, the same conclusions did not apply.  As noted 
in Figure 4.85, the specimens tested at this a/d ratio did not fail in a consistent manner with a 
single-panel STM.  Instead, their failure modes more closely resembled sectional shear, or 
diagonal tension, failures.  For this reason, the reserve capacity (Vtest. / Vcalc.) for these specimens 
was not consistent with the rest of the tests (Figure 4.86).  However, in all three cases, the 
strength was conservatively estimated due to the inherent conservatism in the strut-and-tie 
modeling procedure.  These results illustrate a limitation of using a single-panel STM on beams 
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loaded with an a/d ratio greater than 2.  When the behavior of the member is not consistent with 
the design procedure, the chance of calculating an unconservative estimate of strength increases.    

Therefore, in general, it may not be appropriate to apply a single panel STM analysis to 
design deep beams with a/d ratios of 2.5.  The experimental behavior of these members does not 
match the behavior assumed in a single-panel STM.  Similarly, size effect of beams loaded with 
an a/d ratio of 2.5 should not be evaluated by normalizing the experimental strength with 
calculated strength from a single panel STM.  Instead, size effect of these members should be 
evaluated by normalizing the strength with dbf' wc since these variables are known to be 
linked to members governed by sectional shear.   

The strength results of the specimens tested at an a/d ratio of 2.5, normalized with 
dbf' wc , are presented in Figure 4.87.  In this plot, the data indicated that with increasing depth 

a small decrease in the normalized shear strength existed.  The normalized strength dropped by 
approximately 10% between each increase in section size.  This amount of strength loss appears 
to be fairly negligible considering the range of scatter that is consistent with experimental shear 
tests.  It should be noted that there was some difference in the maximum diagonal crack widths 
between the 23-inch specimens and the larger specimens that may have contributed to this slight 
loss in strength.  However, the maximum diagonal crack widths for the 42- and 75-inch 
specimens were similar.  The crack width data will be presented in Section 4.6.3.  
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Figure 4.87: Strength results of size effect specimens with a/d of 2.5 

 
The experimental strength of the specimens with an a/d of 2.5 is compared to the 

calculated strength using the sectional shear provisions (Vc + Vs) in AASHTO LRFD (2008) and 
ACI 318-08 in Figure 4.88.  The results indicate that even though there was a loss in strength 
with increasing depth, the strength was estimated conservatively with the provisions in both 
specifications.  Since the calculated capacity according to each provision does not account for a 
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size effect, there is a slightly decreasing level of conservatism (Vtest / (Vc + Vs)) with increasing 
depth.  For the strength estimate according to the AASHTO LRFD provisions, the approximate 
procedure was used since each specimen contained sufficient transverse reinforcement.  The 
sectional shear provisions in AASHTO LRFD (2008) and ACI 318-08 are provided in Section 
5.3.3 for reference.   
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Figure 4.88: Level of conservatism in sectional shear provisions for specimens with a/d of 2.5 

For the benefit of the reader, the experimental shear strength, measured in kips, of the 
beams tested for the depth effect task is plotted in Figure 4.89.  The purpose of this plot is to 
illustrate that the actual load carrying capacity of all the specimens did in fact increase with 
increasing depth.  However, the reason for the increase in strength was not the same for all of the 
specimens.  For the specimens tested at an a/d ratio less than 2, the increase in strength with 
increasing depth was a result of a slight increase in the back face of the CCC and CCT nodes and 
the resulting increase in the size of the node-strut interface of each node (Figure 4.80).  For these 
tests, the node-strut interface at the CCT node generally governed the design capacity computed 
according to Section 5.3.  It is clear that the increase in load carrying capacity was not 
proportional to the increase in depth for the deep beams (a/d < 2) (Figure 4.83).  For the 
specimens tested at an a/d ratio of 2.5, the increase in strength was directly related to the increase 
in depth, with a minimal reduction due to size effect (Figure 4.87).  It is clear that section-based 
design approaches are more applicable to beams with a/d ratios of 2.5.     
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Figure 4.89: Ultimate shear capacity (kips) of size effect speicmens  

In the context of strut-and-tie modeling, size effect of deep beams is negligible.  Size 
effect needs to be evaluated in terms of the shear transfer mechanism that governs the behavior 
of the specimen.  In previous studies, it was assumed that the strength of deep beams was a 
function of the shear area (bwd).  While this assumption does not affect the comparisons of 
beams with similar depths, it is inappropriate for evaluating the performance of beams of varying 
depth.  The strength of deep beams is not a function of their shear area, but rather, a function of a 
single-panel strut-and-tie model.    

 

4.6.3 Serviceability Results  

Serviceability Results from the Literature 
 

A few of the experimental studies that investigated the effect of depth on deep beam 
performance recorded serviceability information.  Most of the researchers noted the diagonal 
cracking loads of their test specimens.  Some studies emphasized the load at which the maximum 
diagonal crack width reached a limiting value (such as 0.012- or 0.016-inches).  The 
serviceability results of test specimens with web reinforcement from three previously-reviewed 
studies are presented in this section. 

In these projects, minimal effect of depth on the shear stress at first diagonal cracking 
was detected.  The experimental test results are plotted in Figure 4.90.  The loads at first diagonal 
cracking were normalized by dbf' wc .  In the context of a single-panel STM, the mechanism 
of diagonal cracking in deep beams is a function of the spreading of compressive stress in the 
bottle-shaped strut.  For the member to crack, the transverse tensile stress in the strut must 
exceed the tensile capacity of the concrete.  Thus, normalizing the diagonal cracking loads by the 
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approximate cross-sectional area of the strut, bwd, and the tensile strength of concrete, cf' , is 
consistent with the mechanism of behavior. 
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Figure 4.90: Diagonal cracking loads of size effect specimens in literature 

 
The data in Figure 4.90 indicated that the normalized shear stress at first diagonal 

cracking is relatively constant with increasing depth.  Two exceptions were the series of tests at 
a/d ratios of 0.56 and 1.13 conducted by Tan and Lu (1999).  When the effective depth of the 
member increased from 49- to 61-inches, the stress at first diagonal cracking decreased 
considerably.  Tan and Lu attributed the drop in stress with increasing depth to Weibull’s 
statistical theory (Weibull, 1939).  In this theory, the diagonal cracking strength of a beam is 
compared to a chain of links in which the strength of the chain is governed by the weakest link.  
As the depth of the beam increases, the number of links increases and a lower cracking strength 
is expected.   For the other data in Figure 4.90, negligible effect of depth on the first diagonal 
cracking stress was apparent.  This conclusion was reached by Walraven and Lehwalter and 
Zhang and Tan in the following statements:  

“…the load at which inclined cracking occurs is hardly size-dependent.” 
(Walraven and Lehwalter, 1994) 

“…the diagonal cracking strengths of deep beams are not size dependent.” 
(Zhang and Tan, 2007) 

The diagonal cracking loads from these research studies can also be normalized by the 
load carrying capacity.  The results are illustrated in Figure 4.91.  The diagonal cracking loads of 
the test specimens represented in Figure 4.91 ranged from approximately 20% to 60% of the 
ultimate load-carrying capacity.  There is not a distinct trend with increasing depth.   
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Figure 4.91: Diagonal cracking loads of size effect specimens in literature (function of ultimate) 

 
The loads at which the width of the inclined cracks reached 0.012-inches (0.3-mm) were 

recorded in a couple of research studies as well.  These loads were termed the serviceability 
loads since a crack width of 0.012-inches is generally accepted as a tolerable crack width for 
exterior exposure conditions (ACI 224R-01).  The experimental test results are plotted in Figure 
4.92.  In this plot, the serviceability loads were also normalized by the ultimate load-carrying 
capacity.  The serviceability loads as a percentage of the ultimate capacity generally decreased 
with increasing depth, albeit with some inconsistency.  The diagonal crack widths reached the 
limiting width at lower percentages of their ultimate strength as the depth of the member 
increased.  It seems plausible to extend the results in Figure 4.92 to suggest that with increasing 
depth, diagonal crack widths increase for a given percentage of ultimate capacity.   
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Figure 4.92: Service loads (diagonal crack width = 0.012-inches) as function of ultimate of size 

effect specimens in literature 

 
Serviceability Results from the Experimental Program 
  

In the current task, the effect of depth on the serviceability performance of deep beams 
was also evaluated.  The first diagonal cracking load and corresponding crack width and the 
maximum diagonal crack width at every load stage thereafter were recorded for all of the tests in 
the current project.  As noted in Section 4.2.2, for the test regions that were pre-cracked prior to 
testing, a load at first diagonal cracking was not available.  This restriction did not apply for the 
beams in Series IV.  For the 75-inch specimens, the diagonal cracking loads for each test region 
were obtained during the first test since the position of the ram did not change between the two 
tests.  For the 21-inch specimens, the test region for the second test of each beam was uncracked 
due to the low level of load resisted by the long shear span.  The diagonal cracking loads for the 
test specimens relevant to the current task are listed in Table 4.11.  
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Table 4.11: Diagonal cracking loads of depth effect specimens 

Beam I.D. bw 
in. 

d 
in. 

f′c 
psi Nominal 

ρv & ρh 

Support 
Plate† 

in. 

Load 
Plate†

 
in. 

α 
a/d 

ratio 
Vcrack 

kip db'f

V

wc

crack

⋅
Vcrack / 

Vtest 
III-1.85-02 21 38.6 4100 0.002 16x21 20x21 0.72 1.84 112 2.2 0.23 
III-1.85-03b 21 38.6 3300 0.003 16x21 20x21 0.72 1.84 114 2.4 0.24 
III-1.85-02b 21 38.6 3300 0.002 16x21 20x21 0.72 1.84 - -  
III-1.2-02 21 38.6 4100 0.002 16x21 20x21 0.82 1.20 165 3.2 0.20 
III-1.2-03 21 38.6 4220 0.003 16x21 20x21 0.82 1.20 - -  
III-2.5-02 21 38.6 4630 0.002 16x21 20x21 0.62 2.49 105 1.9 0.35 
III-2.5-03 21 38.6 5030 0.003 16x21 20x21 0.62 2.49 - -  
IV-2175-1.85-02 21 68.9 4930 0.002 16x21 29x21 0.5 1.85 216 2.1 0.28 
IV-2175-1.85-03 21 68.9 4930 0.003 16x21 29x21 0.5 1.85 218 2.1 0.26 
IV-2175-2.5-02 21 68.9 5010 0.002 16x21 24x21 0.33 2.50 144 1.4 0.28 
IV-2175-1.2-02 21 68.9 5010 0.002 16x21 24x21 0.67 1.20 262 2.6 0.21 
IV-2123-1.85-03 21 19.5 4160 0.003 16x21 16.5x21 0.86 1.85 60 2.3 0.18 
IV-2123-1.85-02 21 19.5 4220 0.002 16x21 16.5x21 0.86 1.85 65 2.4 0.19 
IV-2123-2.5-02 21 19.5 4570 0.002 16x21 15.5x21 0.81 2.50 51 1.8 0.32 
IV-2123-1.2-02 21 19.5 4630 0.002 16x21 18x21 0.91 1.20 124 4.5 0.21 

†  Length along span (l) x length along width (w) 
(f) Maximum shear carried in specimen upon the occurrence of concrete crushing at the compression face. 
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 The experimental load at first diagonal cracking for the beams in the current task were 
normalized, as before, by 'f c bwd.  Information regarding the measurement of the diagonal 
cracking loads was provided in Section 4.2.2.  The results for the beams in the current task are 
plotted in Figure 4.93.  
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Figure 4.93: Normalized diagonal cracking loads for the depth effect specimens 

 
The test results in Figure 4.93 agreed well with the results in the literature.  For the 

specimens tested at a/d ratios of 1.85 or 2.5, a negligible difference in diagonal cracking strength 
existed as the depth of the member increased.  It is interesting to note that for these members, the 
shear at first diagonal cracking was approximately 2 'f c bwd which is the assumed diagonal 
cracking strength (and concrete strength contribution) of members subjected to sectional shear.  
For the specimens tested at an a/d ratio of 1.2, however, the shear stress at first diagonal cracking 
decreased with increasing depth.  The high stress at first diagonal cracking for specimen IV-
2123-1.2-02 could have been due to the size of the bearing plates in relation to the shear span, 
effectively decreasing the a/d ratio (Figure 4.79).  However, this explanation cannot be used to 
explain the differences in shear stress at diagonal cracking between the 42- and 75-inch 
specimens.  It is possible that a Weibell-type statistical size effect or a variation in the tensile 
strength of concrete contributed to this reduction in stress at first diagonal cracking. 

As with the data from the literature, the diagonal cracking shears can be normalized with 
the ultimate load carrying capacity.  This normalization technique applied to the beams tested in 
the current task is provided in Figure 4.94.  In this figure, the diagonal cracking strength of the 
specimens ranged from approximately 20% to 35% of the ultimate capacity.  Also, as the depth 
of the specimen increased, the ratio of the cracking shear to the ultimate shear was fairly constant 
for the beams tested at each a/d ratio.  This finding was particularly interesting for the set tested 
at an a/d ratio of 1.2.  The results indicated that the diagonal cracking strength of deep beams 
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may not be just a function of the shear area and the 'f c .  Perhaps, other variables that affect the 
ultimate capacity, namely the size of the bearing plates, may also affect the diagonal cracking 
strength.  More research in this area is recommended.   
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Figure 4.94: Diagonal cracking loads normalized by ultimate strength for depth effect tests 

 
In addition to obtaining the diagonal cracking loads of the test specimens, the maximum 

width of the primary diagonal crack was recorded for the duration of each test.  As noted in 
Section 3.6, the width of the diagonal cracks was measured using a crack comparator card.  
Measurements were taken on each side of the specimen and at each load increment.  The crack 
width data for all of the specimens relevant to this task are provided in Figure 4.95 through 
Figure 4.98.  Each plot contains the crack width data for a set of tests where the only difference 
among the specimens is their depth.  As before, the maximum diagonal crack widths are plotted 
versus the percent of the maximum applied load for the reasons cited in Section 4.2.2.  
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Figure 4.95: Diagonal crack widths for depth effect specimens with an a/d ratio of 1.2 
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Figure 4.96: Diagonal crack widths for depth effect specimens with an a/d ratio of 1.85 and 

0.2% web reinforcement 
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Figure 4.97: Diagonal crack widths for depth effect specimens with an a/d ratio of 1.85 and 

0.3% web reinforcement 
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Figure 4.98: Diagonal crack widths for depth effect specimens with an a/d ratio of 2.5 

 
In Figure 4.95 through Figure 4.98, the diagonal crack width data for the depth effect 

series were provided.  In general, the widths of the diagonal cracks in the 42- and 75-inch 
specimens were fairly consistent for all three a/d ratios.  An increase in depth from 42- to 75-
inches did not significantly affect the maximum diagonal crack width.  The widths of the 

Diagonal Crack Width, in. 

Diagonal Crack Width, in. 
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diagonal cracks in the 23-inch specimens, however, were consistently narrower than the larger 
specimens at a given percentage of ultimate capacity for all three a/d ratios.  These data indicated 
that caution should be used in extrapolating crack width data from smaller members to large or 
full-scale members.  Also, the data presented in Figure 4.95 through Figure 4.98 was fairly 
consistent with the results from the literature presented in Figure 4.92.  Crack width data 
presented by Tan and Lu (1999) and Zhang and Tan (2007) indicated that the width of diagonal 
cracks for larger members reached the tolerable crack width limit (0.012-inches) at lower 
percentages of their ultimate capacity than for smaller members.   

The trend of the data in Figure 4.95 through Figure 4.98 can be explained with aspects of 
modified compression field theory.  According to this theory, as the depth of the member 
increases, the spacing of the diagonal cracks tends to increase (Collins and Kuchma, 1999).  The 
diagonal crack width is a function of transverse tensile strain in the member and the spacing of 
the cracks.  Therefore, as the depth of the member increases, the width of the diagonal cracks is 
expected to increase due to the increase in crack spacing.  It should be noted that this theory was 
formulated for the use with slender beams and was based on flexural theory assumptions.  
However, the dependence of crack spacing on member depth and the influence of spacing on 
crack width seem applicable to deep beams as well.  It is important to note that an appreciable 
difference in crack width was only observed as the overall depth increased from 23- to 42-inches.  
There were negligible differences in crack widths as the overall depth increased from 42- to 75-
inches.  Thus, it would appear that effect of size on diagonal crack width is mitigated by the time 
the overall depth reaches 42-inches.  

4.6.4 Design Recommendations 
Based on the results presented and discussed in Section 4.5, the design of reinforced 

concrete deep beams (a/d < 2) should be performed with a strut-and-tie analysis.  The behavior 
of deep beams is often governed by the size and stress conditions of the nodal regions which 
single-panel STMs explicitly address.  In this way, size effect of deep beams is negligible.  
Sectional design approaches are unacceptable for reinforced concrete deep beams.  They 
inappropriately assume that the strength of deep beams increases proportionally to an increase in 
depth. 

4.6.5 Summary 
In Section 4.6, the effect of member depth on the strength and serviceability performance 

of reinforced concrete deep beams was investigated.  Tests were conducted at an a/d ratio of 1.2, 
1.85, and 2.5 on specimens with a 21”x23”, 21”x42”, and 21”x75” cross-section.  With 
increasing depth, the normalized shear strength at failure (Vtest/fc′bwd) decreased.  The apparent 
reduction in strength is due to the incorrect association of deep beam capacity to the cross-
sectional area (bwd).  On the contrary, the strength of deep beams is a function of a strut-and-tie 
analysis.  Provided that the bottle-shape strut is adequately reinforced and the force in the tension 
tie does not control, the strength of deep beams is governed by the size and stress conditions in 
the nodal regions, not by the effective depth of the member.  The findings in this section 
illustrate the importance of using a strut-and-tie model analysis to design reinforced concrete 
deep beams.  Section-based approaches are inappropriate. 

Diagonal cracking loads and maximum diagonal crack widths were recorded at load 
stages to evaluate the effect of depth on the serviceability performance of a deep beam.  It was 
shown that for the beams tested at an a/d ratio of 1.85 and 2.5, the diagonal cracking load, 
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normalized by 'f c bwd, was not appreciably affected by an increase in depth.  For an a/d ratio 
of 1.2, a reduction in the normalized diagonal cracking load was observed.  In light of previous 
findings in the literature, it is likely that depth can influence the diagonal cracking load to some 
extent, but the effect is often negligible or erratic.  With increasing overall depth from 23” to 
42”, an increase in the maximum diagonal crack width at a given percentage of the maximum 
applied load was recorded.  An increase in maximum diagonal crack widths was not observed 
when the overall depth increased from 42” to 75” in general.  As a result, the crack width data 
indicated that a size effect exists in terms of the crack widths of small specimens.  Caution 
should be used in basing recommendations on full-scale structures off of crack width data of 
small specimens.  The measured data suggested that the effect of depth on crack widths is 
mitigated at depths ≥ 42-inches. 

4.7 Summary 
In Chapter 4, the experimental results of the testing program were presented in detail.  

The results were separated by the first four tasks of the research study.  These tasks included the 
(1) distribution of stirrups across the width of a beam web, (2) triaxial confinement of the load 
and support plates, (3) minimum web reinforcement (transverse and longitudinal), and (4) effect 
of member depth.  The data obtained from the tests conducted for these tasks (Series I through 
IV and Series M) are also used with data from the evaluation database to address the remaining 
four tasks of the current project.  The results from these tasks are presented individually in 
Chapter 5. 
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Chapter 5.  Analysis of Results 

5.1 Overview 
In this chapter, data from the experimental program and from the evaluation database was 

analyzed to address the final four tasks of the current project.  Tasks 5 through 8 included: 
• Proposed STM design provisions 
• Discrepancy in calculated shear strength at an a/d ratio of 2 
• Limiting diagonal cracking under service loads 
• Correlation of maximum diagonal crack width to capacity  

5.2 Proposed STM Design Provisions  
The theoretical background of STM is presented in Section 2.2. Specific details related to 

the elements that form a truss model are presented in Section 2.3. Next, a summary of current 
code provisions is presented in Section 5.2.1. A historical background of the current design 
provisions is presented in Section 5.2.2. 

5.2.1 Current Code Provisions for STM 
The design provisions that are examined for this research program are the Building Code 

Requirements for Structural Concrete per the American Concrete Institute (ACI 318-08), the 
Bridge Design Specifications per the American Association of State Highway and Transportation 
Officials (AASHTO LRFD 2008 Interim), and the updated knowledge of the CEB/FIP 1990 
Model Code per the International Federation for Structural Concrete (fib 1999). The 
recommendations of fib (1999) have been adopted by the European design standard, Eurocode. 
The reason that the fib (1999) provisions are evaluated rather than Eurocode 2 is because the fib 
(1999) provisions provide much more detailed information in regards to the strut-and-tie 
modeling procedure. 

The load carried by an element in an STM must be less than the capacity of the element 
(Equation 5.1). This is the basic premise for all STM provisions. The strength of an element in an 
STM is measured in terms of its effectiveness or efficiency. An efficiency factor, ν, is the ratio of 
the stress applied to an element at failure and its concrete compressive strength. 

un FF ≥  (5.1) 
Where, 

cenzn fAF ⋅=  

cce 'ff ⋅=ν  

Anz = Area of the face of a nodal zone, in2 
Fn = Nominal strength of a node face, kip 
Fu = Force acting on the face of a nodal zone, kip 
f′c = Specified compressive strength of concrete, psi 
fce = Effective concrete strength, psi 
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ν = Efficiency factor 
Efficiency factors as specified by ACI 318-08, AASHTO LRFD (2008), and the fib 

(1999) are presented as follows. It is important to note that differences exist between load, 
material, and strength reduction factors for the codes mentioned. Therefore, in order to maintain 
clarity when evaluating efficiency factors of different code provisions; reduction factors are not 
considered in the comparisons. 

Design of Struts 
Ideally, to ensure adequate deformation capacity to develop the forces in a truss model, 

the orientation of a strut should not deviate excessively from 45-degrees with respect to a tie.  
According to ACI 318-08, the minimum strut angle should not be taken as less than 25-degrees 
with respect to a tie.  Similarly, fib (1999) states that strut angles smaller than 30-degrees are 
unrealistic and involve high incompatibility of strains. AASHTO LRFD (2008) allows any strut 
angle but accounts for the ineffectiveness of shallow struts by reducing the efficiency factor 
accordingly. 

ACI 318-08 and AASHTO LRFD (2008) designate a strut design separate from a node 
design and concurrently assign separate efficiency factors. This area of inconsistency is a source 
of confusion for designers when determining the capacity of the node-to-strut interface. Contrary 
to ACI 318-08 and AASHTO LRFD (2008), fib (1999) does not explicitly require the strut to be 
designed. fib (1999) recognizes the fact that the critical stress in a strut occurs at the strut-to-node 
interface. According to fib (1999): 
Except for prismatic stress fields, the design strength of stress fields is, in fact, very rarely 
needed in practice…Critical concrete stresses in D-regions occur in the regions of concentrated 
nodes. These are…checked with the node design. 

For the purposes of comparison, the efficiency factors are presented in the following 
section for the three faces of a nodal region. The efficiency factor assigned to a strut by ACI 
318-08 and AASHTO LRFD (2008) is presented as the efficiency of the node-to-strut interface. 

Design of Nodes: Nodal Efficiency Factors 
In an STM design, the stress applied to each face of a node is kept less than its capacity; 

and the capacity is taken as a fraction of its material strength. CCC nodes are usually assumed to 
have the highest capacity because concrete is subjected to biaxial or triaxial confining stresses. 
CCT and CTT nodes have reduced capacities because tensile strains across the nodal region are 
thought to reduce the compressive strength. Allowable stresses for nodal regions are listed as 
follows. 

CCC Nodal Zone 
The three nodal faces in a CCC region are illustrated in Section 2.3. The allowable 

capacities of the CCC nodal faces are presented in Table 5.1. 
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Table 5.1: Allowable Stresses for a CCC Node. 
Node 
Face 

Design Code Efficiency Factor Reduction 
Factor, φc 

Back 
Face 

ACI 318 0.85·(1) = 0.85 φc = 0.75 
AASHTO 0.85 φc = 0.70 
fib (1999)† 

⎟⎞⎜⎛ −⋅ 'f185.0 c

⎠⎝ ksi40  αc/γc = 0.5†† 

Bearing 
Face 

ACI 318-08 0.85·(1) = 0.85 φc = 0.75 
AASHTO 0.85 φc = 0.70 
fib (1999)† 

⎟⎞⎜⎛ −⋅ 'f185.0 c

⎠⎝ ksi40  αc/γc = 0.5†† 

Strut-
Node 

Interface 

ACI 318 0.85·(0.75) = 0.64 when ρ > ρmin
††† 

0.85·(0.60) = 0.51 when ρ < ρmin
††† 

φc = 0.75 

AASHTO 0.85 φc = 0.70 
fib (1999)† 

⎟⎞⎜⎛ −⋅ 'f185.0 c

⎠⎝ ksi40  
αc/γc = 0.5†† 

† fib (1999) includes a material variability factor, αc, embedded within their efficiency factor expression. 
This factor varies depending on the strength of concrete (0.7 to 0.8 for 4000 to 7000-psi); it is not 
included as part of the efficiency factor for ease of comparison. An argument can be made for 
expressing the efficiency factor differently; however, the overall trend between code provisions will 
remain unchanged. 

†† Concrete compressive strength assumed to be 4000-psi. 
††† ρmin defined in Section 5.2.3 

The back face and bearing face efficiency factors are the same for ACI 318 and 
AASHTO LRFD (i.e. 0.85). The fib (1999) factor is slightly lower and is reduced as the 
compressive strength of concrete increases. 

A stress check at the back face of a CCC node is essentially the same procedure that is 
performed when checking the flexural capacity of a beam. The maximum concrete compressive 
stress allowed for a flexural design is 0.85fc´. This is consistent with the efficiency factor allowed 
by ACI 318-08 and AASHTO LRFD (2008). 

Similarly, the stress check at the bearing face of a CCC node is the same check that is 
conducted when determining the bearing capacity of concrete. According to ACI 318-08 and 
AASHTO LRFD (2008), the bearing capacity of unconfined concrete is equal to 0.85fc´ This is 
consistent with the bearing face efficiency factor.  

Another trend to point out is that the efficiencies of all three faces in the CCC nodal zone 
are identical according to the AASHTO LRFD (2008) and fib (1999) provisions. The factor 
specified by ACI 318-08 is smaller at the node-to-strut interface. A discrepancy exists when the 
efficiency factor is the same at all three nodal faces: the capacity of a truss model will never be 
controlled by the capacity of the strut-to-node interface. Depending on the angle of the strut 
framing into the node, the stress at either the bearing or back face will be the most critical. 
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CCT Nodal Zone 
The three nodal faces in a CCT region are illustrated in Section 2.3. The allowable 

capacities of the CCT nodal faces are presented in Table 5.2. 

Table 5.2: Allowable Stresses for a CCT Node. 
Node 
Face 

Design Code Efficiency Factor Reduction 
Factor, φc 

Back 
Face 

ACI 318 0.85·(0.80) = 0.68 φc = 0.75 
AASHTO 0.75 φc = 0.70 
fib (1999)† NA - 

Bearing 
Face 

ACI 318-08 0.85·(0.80) = 0.68 φc = 0.75 
AASHTO 0.75 φc = 0.70 
fib (1999)† 

⎟⎞⎜⎛ −⋅ ksi40
'f170.0 c

⎠⎝
 

αc/γc = 0.5†† 

Strut-
Node 

Interface 

ACI 318 0.85·(0.75) = 0.64 when ρ > ρmin
††† 

0.85·(0.60) = 0.51 when ρ < ρmin
††† 

φc = 0.75 

AASHTO 
⎟⎟
⎞

⎜⎜
⎛ 1

⎠⎝ + 11708.0 ε
≤ 0.85* 

φc = 0.70 

fib (1999)† 
⎟⎞⎜⎛ −⋅ ksi40

'f170.0 c

⎠⎝
 αc/γc = 0.5†† 

† fib (1999) includes a material variability factor, αc, embedded within their efficiency factor expression. 
This factor varies depending on the strength of concrete (0.7 to 0.8 for 4000 to 7000-psi); it is not 
included as part of the efficiency factor for ease of comparison. An argument can be made for 
expressing the efficiency factor differently; however, the overall trend between code provisions will 
remain unchanged. 

†† Concrete compressive strength assumed to be 4000-psi. 
††† ρmin defined in Section 5.2.3 
* Refer to Section 5.2.3 for more details of the equation used to calculate AASHTO LRFD interface 

efficiency factor. 

The efficiency factors in the CCT nodal region are generally less than those in the CCC 
region because transverse tensile stresses are present, resulting in a reduction in the effective 
compressive strength of concrete.ACI 318-08 specifies the same efficiency factor at the node-to-
strut interface in both the CCC and CCT regions. 

The stress that must be resisted by the back face of a CCT node can be attributed to 
anchorage of the tie reinforcement, bearing from an anchor plate or headed bar, or external 
indeterminacy such as that at an interior node over a continuous support (Figure 5-1). 
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Bond
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(a) 

   

 

Unbonded

 
            (b)       (c) 

Figure 5-1. Stress condition at the back face of a CCT node: (a) bonding stress; (b) 
bearing of an anchor plate; (c) interior node over a continuous support. 

The effectiveness of the back face of a CCT node is dependent on the stress condition. fib 
(1999) provisions recognize that the stress caused by the bonding of an anchored bar [Figure 
5-1(a)] is not critical and need not be considered when evaluating the capacity of a CCT node. 
This fact is acknowledged by Thompson et al. (2003). According to the researchers: 

The philosophy of the current code provisions for determining the capacity of CCT nodes may 
require reconsideration. The evidence from the tests shows that the failure of these nodes was 
primarily related to anchorage and that the current stress limits for nodes were unrealistic. It is 
possible that CCT nodes cannot fail in compression if anchorage of the tie bars is sufficient. The 
stress limits imposed by the code provisions may be unnecessary. 

When the stress that is resisted by a CCT node is attributed to a condition other than 
anchorage, fib (1999) recommends the efficiency factor presented in Table 5.2 as follows: 
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In conclusion, it can be stated, that the concrete in the node [over an interior support] is under 
biaxial compression, but the horizontal compression is difficult to assess. On the other hand, 
tensile reinforcement penetrates the node region and is anchored there to some extent. 
Therefore, [the CCT bearing face efficiency] will again be applied here as design node strength, 
the [the CCC bearing efficiency] might eventually be considered. 

ACI 318-08 and AASHTO LRFD (2008) provisions require that the stress attributed to 
the anchorage of a tie be applied to the back face of the CCT node as a concentrated force. The 
provisions do not distinguish between the stress conditions illustrated in Figure 5-1. 

CTT Nodal Zone 
The three nodal faces in a CTT region are illustrated in Section 2.4.3. The allowable 

capacities of the CTT nodal faces are presented in Table 5.3. 

Table 5.3: Allowable Stresses for a CTT Node. 
Node 
Face 

Design Code Efficiency Factor Reduction 
Factor, φc 

Back 
Face 

ACI 318 0.85·(0.60) = 0.51 φc = 0.75 
AASHTO 0.65 φc = 0.70 
fib (1999)† NA - 

Exterior 
Face 

ACI 318-08 0.85·(0.60) = 0.51 φc = 0.75 
AASHTO 0.65 φc = 0.70 
fib (1999)† NA - 

Strut-
Node 

Interface 

ACI 318 0.85·(0.75) = 0.64 when ρ > ρmin
††† 

0.85·(0.60) = 0.51 when ρ < ρmin
††† 

φc = 0.75 

AASHTO 
⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
+ 11708.0

1
ε

≤ 0.85* 
φc = 0.70 

fib (1999)† 
⎟
⎠
⎞⎜

⎝
⎛ −⋅ ksi40

'f160.0 c  
αc/γc = 0.5†† 

† fib (1999) includes a material variability factor, αc, embedded within their efficiency factor expression. 
This factor varies depending on the strength of concrete (0.7 to 0.8 for 4000 to 7000-psi); it is not 
included as part of the efficiency factor for ease of comparison. An argument can be made for 
expressing the efficiency factor differently; however, the overall trend between code provisions will 
remain unchanged. 

†† Concrete compressive strength assumed to be 4000-psi. 
††† ρmin defined in Section 5.2.3 
* Refer to Section 5.2.3 for more details of the equation used to calculate AASHTO LRFD interface 

efficiency factor. 

In general, the efficiency factor specified for a CTT nodal region is less than a CCT 
region due to the presence of additional tensile stresses. Again, ACI 318-08 specifies the same 
efficiency at the node-to-strut interface regardless of the type of nodal region. 
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Similar to the back face of a CCT node, fib (1999) recognizes that the back face and 
exterior face of a CTT node are not critical (provided bars are anchored properly). According to 
fib (1999): 
If… bars are distributed over a great length of the main reinforcement, as is normally the case in 
beams, the node is of the “smeared” type and needs not be checked in detail. 

Schlaich et al. (1987) also makes the same point: 
Since D-regions usually contain both smeared and singular nodes, the latter will be critical and 
a check of concrete stresses in smeared nodes is unnecessary. 

Design of Ties 
The design strength of ties is straightforward. The maximum capacity of a tie is simply 

taken as the specified yield strength of the reinforcement, fy.  
The important factors to consider when detailing a tie are proper bar distribution, spacing, 

and development length. Ties must be anchored behind the nodal zones with a minimum amount 
of development length as previously illustrated in Section 2.3. 

5.2.2 Historic Development of Empirical Shear Provisions 
In 2002, Strut-and-Tie Modeling provisions were added to the ACI 318 building code in 

Appendix A. The chapter was introduced as a method for designing deep beams or other regions 
of discontinuity. Prior to 2002, deep beams were designed for shear based on an empirically 
derived formula. The evolution of these empirical shear provisions is presented next. The 
purpose of presenting the history of shear is to provide insight into current STM provisions. 

Before 1963, provisions specific to the design of deep beams did not exist. Until that 
time, deep beams were most likely designed based on the prescriptive requirements specified for 
a wall design. These requirements can be traced back to the 1910 standard. In 1910, the National 
Association of Cement Users (NACU 1910) listed the following requirement for the design of 
concrete walls. 

Concrete walls must be reinforced in both directions. The maximum spacing of reinforcing bars 
shall be 18 inches… Total reinforcement shall not be less than one-fourth of one percent 
[0.25%]. 

This provision remained essentially unchanged until 1956. In the 1956 version of ACI 
318, the minimum reinforcement ratio for walls in the vertical direction was reduced from 0.25% 
to 0.15% (ACI 318-56). The reason for the change is most likely due to the addition of a 
minimum reinforcement provision for beams. Based on advancements in shear research, the 
minimum amount of transverse web reinforcement for typical beams resisting shear was found to 
be 0.15%. Subsequently, a provision limiting the minimum amount of web reinforcement to 
0.15% made its first appearance in Section 807-Minimum web reinforcement. Therefore, it can 
be assumed that the minimum reinforcement provision was changed in Section 1111-Reinforced 
concrete walls in order to provide consistency between the two sections. 

In 1963, the first provision specific to the design of deep beams appeared in the ACI 318 
specifications. ACI 318-63 contains the first definition of a deep beam and explicitly requires a 
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minimum amount of reinforcement. According to the requirements of ACI 318-63, deep beams 
are to be designed as follows: 

Beams with depth/span ratios greater than 2/5 for continuous spans, or 4/5 for simple spans 
shall be designed as deep beams taking account of nonlinear distribution of stress, lateral 
buckling, and other pertinent effects. The minimum horizontal and vertical reinforcement in the 
faces shall be the same as in 2202(f) [0.25% and 0.15% respectively]. 

Suggestions for the design of deep beams were based on recommendations from Chow et 
al. (1952). These studies determined the non-linear stress distribution in a deep beam based on a 
finite element analysis of a homogenous material. The researchers recognized the fact that 
concrete is a non-homogenous material.  However, according to Chow et al. (1952), a rigorous 
theoretical analysis of the stresses in such beams is hardly feasible. As a result, Chow et al. 
(1952) recommended providing sufficient steel reinforcement in the tensile zones to convert the 
beam, as closely as possible, to a homogenous beam. The requirement in ACI 318-63 for the 
minimum amount of horizontal and vertical web reinforcement was taken to be the same as that 
required for walls based on the conventional construction practice at the time. According to the 
ACI 318-63 Commentary: 

The empirical requirements [for walls] have been changed little since first presented in 1928 and 
have resulted in satisfactory construction. 

In 1971, entirely new provisions were included in the ACI code for the design of deep 
beams (ACI 318-71). Similar to a sectional shear design, the nominal shear strength of a deep 
beam was taken as the sum of the concrete and steel contributions (Equation 5.2). 

scn vvv +=  (5.2) 
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Av  = area of shear reinforcement within a distance s1, in2 
Avh  = area of shear reinforcement within a distance s2, in2 
ρw  = ratio of main tensile reinforcement to bwd 
Mu  = applied design moment at the critical section, in.-lb 
Vu = applied design shear at the critical section, lb 
fc′  = specified compressive strength of concrete, psi 
fy  = specified tensile strength of reinforcement, psi 
d  = distance from extreme compression fiber to centroid of tension  

 reinforcement, in. 
bw  = web width, in. 
s1  = center-to-center spacing of vertical reinforcement, in. 
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s2  = center-to-center spacing of horizontal reinforcement, in. 
The concrete contribution, vc, contains two terms in parentheses. The second term is the 

empirical formula for the diagonal cracking strength of concrete; the same equation that is used 
to this day for a sectional shear design. The first term provides an increase in shear strength 
above the diagonal cracking strength for an a/d ratio less than 2.0 and shall not exceed 2.5. 
According to ACI-ASCE Committee 426 (1973), this equation is based on the work by Crist 
(1966, 1967), and de Pavia and Siess (1965). 

The derivation of the web reinforcement contribution, vs, is based on the shear friction 
capacity of the beam along the inclined crack. The shear friction equation is not normally applied 
to sections where there is a significant moment; however, for deep beams, there is significant 
shearing action along the critical inclined crack (ACI-ASCE 426-73). Normal forces on the 
inclined crack are developed by tension in the web reinforcing, and the tension in the web 
reinforcing is developed by the slip along the crack. If all of the web reinforcement is assumed to 
have yielded at ultimate load conditions; then the resistance provided can be derived based on 
the orientation and location of the reinforcement along the crack. Crist (1966) simplified the 
derivation of υs based on a lower bound of test data. He expressed the trigonometric terms 
associated with crack inclination and the shear span in terms of overall span, ln, and depth, d; 
resulting in the expression eventually adopted by ACI 318-71 (Equation 5.2). 

The minimum requirement for horizontal and vertical web reinforcement remained 
unchanged from previous codes (0.25% and 0.15% respectively); however a maximum spacing 
requirement was added (d/5 or 18-inches and d/3 or 18-inches in the horizontal and vertical 
directions, respectively). 

The deep beam shear provisions remained essentially unchanged until the release of the 
2002 version of the ACI 318 code (ACI 318-02). In 2002, the empirical deep beam shear 
equation (Equation 5.2) was completely removed from Chapter 11 and replaced with the 
following provision. 

Deep beams shall be designed using either a nonlinear analysis… or Appendix A [Strut-
and-Tie Models] 
The deep beam provisions in the current version of the ACI 318 code (ACI 318-08) have 

remained essentially unchanged since 2002. Next, a review of the background of STM 
provisions is presented. 

5.2.3 Historic Development of Strut-and-Tie Model Provisions 
The concept of idealizing reinforced concrete members using a truss model dates back to 

the end of the nineteenth century. In 1899, Wilhelm Ritter suggested a truss mechanism to 
explain the role of transverse reinforcement in resisting shear of a beam.  Mörsch later refined 
Ritter’s model in 1902. After 1927, truss modeling fell out of favor in the United States when 
Richart proposed a sectional method of shear design in which the concrete and steel 
contributions to shear strength were calculated independently (Brown et al. 2006). 

In 1971, Lampert and Thürlimann developed a three-dimensional space truss to explain 
the combined actions of shear and torsion. Their torsion model was further refined by Mitchell 
and Collins (1971) and Ramirez and Breen (1983) so that the space truss could account for all 
combinations of shear, bending, torsion, and axial loadings. Vecchio and Collins (1982) took the 
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theory of plasticity a step further and derived the modified compression field theory – taking into 
account the deformation compatibility of the truss model. At this time, truss modeling re-
emerged in American design standards. Based on the experimental program by Rogowsky et al. 
(1986), Rogowsky and MacGregor (1986) developed the plastic truss theory. This theory is an 
extension of the plasticity theory presented by Nielson et al. (1978) and Thürlimann (1978). At 
the same time, Marti (1985) and Schlaich et al. (1987) extended the truss modeling approach to 
overall discontinuity regions with a strut-and-tie modeling approach. 

The STM provisions in the ACI 318-08 code are largely attributed to the work conducted 
by Rogowsky and MacGregor (1986), Ramirez and Breen (1991), Bergmeister et al. (1993), 
Schlaich et al. (1987), and Marti (1985). AASHTO LRFD (2008) provisions are based on the 
modified compression field theory (MCFT) proposed by Vecchio and Collins (1986). fib (1999) 
recommendations can be traced to the research conducted by Nielson et al. (1978) and 
Bergmeister et al. (1993).  A summary of previous research findings is presented in the following 
sections. 

 

Behavior of Struts (Strut-to-Node Interface) 
There is a tremendous amount of research that has been conducted to determine the 

efficiency of concrete at the strut-to-node interface and numerous efficiency equations have been 
proposed. For detailed information on research programs that focused on the efficiency of a strut, 
refer to Brown et al (2006) and ACI 445R-99. 

ACI 318-08 Strut Efficiency Factors 
Derivation of the efficiency factors selected by ACI 318-08 (Table 5.1, Table 5.2, and 

Table 5.3) is summarized by MacGregor (2002). According to MacGregor (2002): 
…the values of the fcu [effective concrete capacity] presented in the ACI Code were 
chosen to satisfy four criteria: Simplicity in application; Compatibility with tests of D-
regions; Compatibility with other sections of ACI 318; Compatibility with other codes or 
design recommendations. 

Because these four criteria lead to different values of fcu for a given application, 
judgment was required in selecting the values of fcu. The [values] are generally higher 
than those from other codes because more weight was given to [compatibility with the 
ACI Code and tests of D-regions] than was given to other codes. 
ACI 318-08 efficiency factors at the strut-to-node interface are attributed to the research 

conducted by Rogowsky et al. (1986), Ramirez and Breen (1991), Bergmeister et al. (1993), 
Schlaich et al. (1987), and Marti (1985). A summary of their findings is presented in this section. 

Rogowsky and MacGregor (1986) 
Rogowsky and MacGregor (1986) based their recommendations on an experimental 

program conducted by Rogowsky et al. (1986). The researchers tested 7 simply supported and 17 
two-span continuous beams with various vertical and horizontal reinforcement ratios. They 
found that beams with significant amounts of vertical reinforcement were ductile and had 
consistent failure loads. The researchers recommended that the capacity of the stirrups crossing 
the diagonal of the shear span should be greater than 30% of the applied shear force. 
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Also, Rogowsky and MacGregor (1986) observed that the selection of the truss model 
was more important than the selection of an efficiency factor. If the selected truss differs 
excessively from the elastic distribution of stresses, full redistribution may not occur and the 
truss may fail prematurely, giving the appearance of a low efficiency factor. For general use, 
they recommended the following efficiency factor. 

6.0=ν  (5.3) 
 
Finally, the researchers recommended a minimum strut angle relative to a tie similar to 

that recommended by Thürlimann (1978) and Ramirez and Breen (1991). 
°≤≤° 6525 θ  

Ramirez and Breen (1991) 
Ramirez and Breen (1991) proposed a modified truss model that recognizes that concrete 

efficiency decreases as compressive strength increases. The strut efficiency factor that they 
recommended is expressed as follows: 

c'f
30

=ν  (5.4) 

Values range between 0.55 and 0.34 for 3000 to 8000-psi concrete. A comparison 
between the Ramirez and Breen (1991) recommendations and the current ACI 318-08 provisions 
is presented in Figure 5.2. 

Bergmeister, Breen, Jirsa, and Kreger (1993) 
Bergmeister et al. (1993) proposed the following efficiency factors. The researchers 

based the expression on a large number of test results. Also, they recognized that efficiency 
decreased as the compressive strength of concrete increased. The efficiency factor values range 
between 0.8 and 0.42 for 3000 to 8000-psi concrete (Equation 5.5 and Figure 5.2). 
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Where, 
νed  = 0.6 for compression diagonals (i.e. CCC and CCT strut-to-node 

interface) 
  1.0 otherwise (i.e. CCC and CCT back and bearing face) 

A comparison between the Bergmeister et al. (1993) recommendations and the current 
ACI 318-08 provisions is presented in Figure 5.2. 
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Figure 5.2: Comparison of strut efficiency factors: ACI 318-08 

Marti (1986) 
Based on comparisons with experimental research, Marti (1986) suggested that the 

following efficiency factor be used. 

6.0=ν  (5.6) 

Marti suggested this value as a first start; the efficiency factor may then be decreased or 
increased depending on details such as presence of distributed reinforcement or lateral 
confinement. Marti (1986) also pointed out that distributed minimum transverse reinforcement 
contributes significantly to the ability of a deep beam to redistribute internal forces after 
cracking. 

Schlaich, Schäfer, and Jennewein (1987) 
Sclaich et al. (1987) proposed that the efficiency factor should reflect the fact that the 

strength of concrete is dependent on the multi-axial state of stress and on disturbances from 
cracks and reinforcement. The researchers stated that confinement was favorable and could be 
provided by transverse reinforcement or by bulk concrete surrounding a relatively small 
compression field. They further stated that transverse tensile stresses were detrimental to the 
efficiency. For reasons of practicality, the researchers recommended the following efficiency 
factors: 

ν =  0.85·βn (5.7) 
Where, 
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ν  = 0.85, (βn = 1.0), for undisturbed, uniaxial state of compressive stress 
(CCC bearing and back face). 

0.68, (βn = 0.8), nodal regions where tension bars are anchored or 
crossing (CCT nodal regions). 

0.51, (βn = 0.6), if tensile strains result in cracking skewed to the 
strut (CTT nodal regions). 

0.34, (βn = 0.4),  for skewed cracks with extraordinary crack width. 

The recommendations proposed by Schlaich et al. (1987) are very similar to the 
efficiency factors adopted by the ACI 318-02 code. 

AASHTO LRFD Strut Efficiency Factors: MCFT 
The strut efficiency factors specified in the AASHTO LRFD (2008) specifications are 

based on the Compression Field Theory developed by Mitchell and Collins (1974) and, later, the 
Modified Compression Field Theory developed by Vecchio and Collins (1986). Vecchio and 
Collins (1986) suggested that the maximum compressive stress that the concrete can resist 
reduces with the increase of cracking parallel to the compressive stress field. As a result, the 
stress limit recommended by Vecchio and Collins (1986) accounts for the principle tensile strain 
perpendicular to the axis of the strut. According to AASHTO LRFD (2008), the effective 
compressive strength of a strut is calculated as follows. 

c
'

1

c
'

cu f85.0
1708.0
ff ≤
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ε
 (5.8) 

Thus, the efficiency factor,  
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ss1 cot002.0 αεεε ++=  

Where, 
αs  = the smallest angle between the compression strut and adjoining 

tension tie, degrees 
εs  = the tensile strain in the concrete in the direction of the tensile tie 
f c ′  = specified compressive strength of concrete, psi 

The tensile strain in concrete, εs, is attributed to the tensile strain in the adjacent tie. Thus, 
the efficiency factor diminishes in tension regions (CCT or CTT nodal regions). Also, due to 
equilibrium with the strut, the tie force increases as the strut becomes shallower. As a result, the 
tensile strain term increases for shallow struts, further reducing the efficiency factor. 

In general, practitioners have reservations when it comes to calculating the tensile strain 
in concrete, εs, as the calculation is a somewhat tedious, iterative process. The tensile strain in 
concrete may be estimated by dividing the tensile stress in the tie by the modulus of elasticity of 
steel. However, the force in the tie depends on the compressive force in the strut. This is turn 
depends on the efficiency factor. Hence, the calculation for the force in the strut, efficiency 
factor, and force in the tie must be reiterated until the values converge at a solution. 
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The AASHTO LRFD (2008) expression for strut efficiency has been derived by using 
hydrostatic nodes. Struts that are bounded by hydrostatic nodes increase proportionally with the 
a/d ratio. As a result, as the a/d ratio is increased, the efficiency factor must proportionally 
decrease in order to counteract the increasing strut width and account for the loss in strength with 
increasing a/d ratio. However, AASHTO LRFD (2008) §5.6.3.3.2 recommends the use of non-
hydrostatic nodes. If non-hydrostatic nodes are used – as they typically are – then the STM 
capacity is reduced by both the diminishing efficiency factors and the diminishing strut width. 
Therefore, when non-hydrostatic nodes are employed, the efficiency of the strut-to-node 
interface is essentially penalized twice, possibly resulting in an overly conservative estimation of 
capacity.  

fib (1999) Strut Efficiency Factors 
fib (1999) provisions do not recommend separate stress checks between nodal zones and 

struts. They recognize the fact that the critical stress in a strut occurs at the node-to-strut 
interface. fib (1999) recommends using the same efficiency for all faces of a nodal region. 
Therefore, a background to the fib (1999) provisions is presented with the nodal zone efficiencies 
as follows. 

 

Behavior of Nodal Zones 
Few researchers distinguish between the efficiency of a strut or node. Typically, concrete 

efficiency is specified based on the degree of cracking, state of stress, or tensile strain within a 
compression field. However, the efficiency factors specified in ACI 318-08, AASHTO LRFD 
(2008), and fib (1999) are specific to individual elements (i.e. nodes and struts). This is primarily 
due to the fact that the degree of cracking and tensile straining are difficult to quantify from the 
perspective of the designer.  

In addition to the aforementioned design standards, it is of interest to examine the 
efficiency factors proposed by Brown et al. (2006) as part of TxDOT Project 4371. Project 4371 
was the predecessor to the current project. 

ACI 318-08 Nodal Efficiency Factors 
The efficiency factors contained in ACI 318-08 are based on other sections of the ACI 

code, other specifications, and experimental research. The efficiency factors that were adopted 
by ACI 318 are similar to those suggested by Schlaich et al. (1987); thus, it can be assumed that 
they were selected accordingly. Also, MacGregor (2002) cites research conducted by Barton et 
al. (1991) as contributing to the nodal efficiency factors that were eventually selected.  

Barton, Anderson, Bouadi, Jirsa, and Breen (1991) 
Barton et al. (1991) conducted tests of ten isolated CCT and nine CTT nodal zones. 

Details of the isolated node specimens are shown in Figure 5.3. 
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Figure 5.3: Details of Isolated Node Specimens. 

The researchers found that the ultimate strength of the CTT specimens was governed by 
yielding of the ties. Therefore, anchorage and reinforcement details had more of an impact on 
design strength rather than the efficiency factor.  

Effective strength limits proposed by Schlaich et al. (1987) and Mitchell and Collins 
(1974) were found to be conservative. Six of the CCT specimens experienced anchorage failures; 
the others failed due to the crushing of concrete at the support plate. Research conducted by 
Barton et al. (1991) indicated that an efficiency factor of 0.94 could be developed if 
reinforcement is properly detailed (MacGregor 2002). 

AASHTO LRFD (2008) Nodal Efficiency Factors 
The efficiency factor at the node-to-strut interface is based on the MCFT. At the CCC 

and CCT bearing and back face, the AASHTO LRFD (2007) nodal efficiency factors are similar 
to those selected by ACI 318-08. It can be assumed that they were selected in a similar fashion 
[i.e. per Schlaich et al. (1987)]. 

fib (1999) Nodal Efficiency Factors 
Nodal efficiency factors suggested by fib (1999) are similar to those recommended by 

Nielson (1978) and Bergmeister et al. (1993). Both researchers recognize the fact that the 
efficiency of concrete decreases as its compressive strength increases. 

Nielson (1978); Bergmeister, Breen, Jirsa, and Kreger (1993) 
According to Bergmeister et al. (1993), Nielson et al. (1978) developed the following 

empirical expression for the strength of concrete in beam webs. 
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Bergmeister et al (1993) expanded upon Nielson’s recommendation by developing 
efficiency factors for both undisturbed and disturbed regions (i.e. cracked and uncracked 
regions). The factors recommended by Bergmeister et al. (1993) for nodes are the same as those 
listed for struts (Equation 5.5). According to the researchers, when compared with a large 
number of test results the function gave acceptable results. The Nielson et  al. (1978) and 
Bergmeister et al. (1993) efficiency factors are presented along with those adopted by fib (1999); 
presented in Figure 5.4. 
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Figure 5.4: Comparison of nodal efficiency factors: fib (1999) 

TxDOT Project 4371 Nodal Efficiency Factors: Brown et al. (2006) 
Brown et al. (2006) examined both STM and sectional design methods for shear. As part 

of the experimental program, the researchers fabricated and tested a series of isolated strut 
specimens, and three series of deep beam specimens. Additionally, Brown et al. (2006) compiled 
a database of over 1200 shear tests. The database in combination with the experimental program 
was used to evaluate design expressions and develop a new strut-and-tie modeling procedure. 

Brown et al (2006) determined that the critical location of a strut is at the strut-to-node 
interface. The researchers recommend limiting the strength of concrete within a nodal zone 
according to the following efficiency factors: 

max
c

R
'fd

a
27 νν ≤=  (5.10) 
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Where, 
νmax = 0.85 for a CCC Node 
  0.75 for a CCT Node 
  0.65 for a CTT Node 

The higher value of efficiency factor, νR, is to be used for struts that are sufficiently 
reinforced per Equation 5.11. When examining the effect of their proposed efficiency factors, the 
researchers found that 95% of the beams in their database carried loads in excess of the 
calculated values. 

mdbf
sinA'fk

y

ccs
min, ⋅⋅⋅

⋅⋅⋅
≥⊥

θν
ρ  (5.11)  

Where, 
Ac = minimum cross sectional area of the strut, in2 
b = web width, in. 
d =  distance from extreme compression fiber to centroid of 

longitudinal reinforcement, in. 
fc′ = specified compressive strength of concrete, psi 
fy = specified tensile strength of reinforcement, psi 
ks = non-hydrostatic node conversion factor 
m = slope of the dispersion of compression 
θ = angle of strut respective to horizontal, degrees 
ν = strut efficiency factor 

Brown et al. (2006) derived the proposed efficiency factors assuming the beams in the 
database contain hydrostatic nodes. When non-hydrostatic nodes are used, the researchers 
recommended the following conversion factors: 

νb =  (1.0)·νR ,  Bearing face of node    

νt =  ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
⋅ θtanw
l

t

b ·νR , Back face of node 

νs =  ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
⋅ θsinw
l

s

b ·νR , Node-to-strut interface 

Where, 
ws = Width of the strut-to-node interface (Equation 2-2), in. 
wt = Height of the nodal back face, in. 
θ = Angle of strut with respect to horizontal plane, degrees 

Given that the method was derived using hydrostatic nodes, the Brown et al. (2006) STM 
procedure may be unnecessarily conservative when non-hydrostatic nodes are used. A goal of the 
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current project is to refine the method proposed by Brown et al. (2006) by evaluating design 
provisions through the use of non-hydrostatic nodes. 

A background of the ACI 318-08, AASHTO LRFD (2008), fib (1999), and TxDOT 4371 
STM provisions has been presented. Based on a review of both historical and current research, 
the following STM procedure is proposed. 

5.2.4 Overview of Proposed STM Design Method 
In a strut-and-tie model, the complex state of stress in a D-region is idealized as a series 

of compression and tension members within a truss. When establishing an STM design 
procedure, consideration is given to: simplicity; coordination with experimental data; and 
coordination between other design provisions. 

In developing an STM procedure, it is first necessary to explicitly define the model. This 
step cannot be over-emphasized as the performance of a strut-and-tie model and corresponding 
efficiency factors are intrinsically linked to the geometry of the nodal regions. In addition, an 
evaluation of a STM procedure must be made in a comprehensive manner. In other words, the 
entire procedure must be considered as a whole. Often times, researchers in the past have made 
recommendations for a single aspect of strut-and-tie modeling. However, the efficiencies of each 
component are linked to one another. 

Based on the preceding requirements, the approach taken in this study in developing a 
STM method is to comprehensively evaluate the STM procedures specified according to ACI 
318, AASHTO LRFD, fib (1999), and TxDOT Project 4371. An established and consistent truss 
model is used in order to evaluate each provision in an unbiased manner. The selection process 
used to determine this standard truss model is outlined as follows. 

5.2.5 Selection of Strut-and-Tie Model 
One of the benefits of strut-and-tie modeling is its versatility. The method can be used for 

any structural configuration and results in a conservative design. However, in part, because of 
the flexibility of strut-and-tie modeling, current provisions lack explicit guidance and 
consistency. As a result, design engineers often express apprehension towards the current STM 
provisions. Therefore, it is a goal of the research project to clearly define a STM procedure and 
alleviate some of the confusion attributed to current methods. 

Many types of discontinuities can be classified as D-regions. Common examples of D-
regions include: deep beams (e.g. transfer girders, bridge bents), shear walls, corbels, post-
tensioned anchorage zones, and pile supported footings (pile caps). Examples of a few of these 
D-regions are illustrated in Figure 5.5.  Strut-and-tie models can be used to design any of the D-
regions shown in Figure 5.5.   

Strut-and-tie modeling is based on the lower bound theory of plasticity which states that 
if a stress distribution exists in a member in which the yield strength of the materials are not 
exceeded, and the stress distribution is in internal and external equilibrium, then the member will 
not collapse (Nielson, 1998).  Based on experimental and analytical evidence, many researchers 
suggested that some truss models are better than others.  Specifically, a good truss model 
reasonably follows the elastic stress distribution and does not have exceptionally large angles 
between the struts and the ties.  To determine the appropriate values of strength for the individual 
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elements of a STM (efficiency factors for nodal faces, struts, etc.), experimental data was used. 
The efficiency factors were selected in such a way that conservative estimates for strength were 
obtained.  Thus, the use of strut-and-tie modeling as a general procedure was validated.   

 
 
 
 

  
(a) Transfer Girder   (b) Transfer Girder 

   
(c) Corbel           (d) Pile Cap 

Figure 5.5: Examples of D-regions. 

With regard to the current task, efficiency factors were determined from the experimental 
data of 179 deep beams in the evaluation database.  These members contain the essential 
elements of any strut-and-tie model ((i) a direct strut, (ii) a tie, (iii) a CCC node, (iv) and a CCT 
node), and it is known that a single-panel STM is consistent with their behavior.  This fact was 
validated in the current project (Section 5.3) and by numerous researchers of deep beams 
(Section 5.3.2).  Thus, deep beam tests provide a convenient means to determine the efficiency 
factors at the specific nodal faces of CCC and CCT nodes.  Since these nodes are generally the 
singular nodes (i.e. nodes with defined geometry) in a STM, the efficiency factors for them are 
often the most critical (Schlaich et al. 1987, fib, 1999). 

It is believed that the efficiency factors and the general STM procedure derived from the 
use of deep beam data is applicable to other structures since the basic principles of strut-and-tie 
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modeling (equilibrium and yield criteria) are satisfied.  In addition, the single-panel strut-and-tie 
model that was used in the derivation of the efficiency factors is consistent with the failure 
mechanism of deep beam members.  Additional discussion regarding the selection of a single-
panel model for deep beams is presented later in this section. 

Nodal geometries of the D-regions shown in Figure 5.5 can be determined based on the 
techniques outlined in Section 2.3. By using these unambiguous rules for proportioning a strut-
and-tie model, it is possible to comprehensively examine the resulting efficiency factors and 
draw conclusions based on the trends and differences. A single-panel truss with non-hydrostatic 
nodal zones was selected to represent all of the beams in the evaluation database for the purposes 
of examining current design provisions and calibrating new efficiency factors. Figure 5.6 
illustrates the details of such a model. 

d
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α·ll

0.5·α·ll

ls

2·wt

0.5·a

 
Figure 5.6: Non-hydrostatic single-panel strut-and-tie model. 

The dimensioning techniques necessary to proportion this model are established in the 
ACI 318-08, AASHTO LRFD (2008) and fib (1999) provisions and have been outlined in 
Chapter 2. For the convenience of the reader, these techniques are summarized in Figure 5.7. 
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Figure 5.7: Definition of the geometry of a (a) CCC Node (b) CCT Node 

Where, 
a = depth of equivalent rectangular stress block (Equation 2-1) 
d = distance from extreme compression fiber to centroid of 

longitudinal tension reinforcement 
ll = length of the bearing plate at the CCC node 
ls = length of the bearing plate at the CCT node 
wt = twice the distance from extreme tension fiber to centroid of 

longitudinal tension reinforcement 
α = proportion of applied load that flows to near support 
θ = angle of strut measured from the horizontal axis 

When selecting a standard model, the two decisions affecting nodal efficiencies include: 
(i) whether the nodal regions are to be defined with hydrostatic or non-hydrostatic nodes; (ii) 
whether a one-panel or two-panel truss is to be used. A single-panel non-hydrostatic model was 
selected because it is simple, practical, and accurately depicts the behavior of deep beams. 
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Justification for using a single-panel non-hydrostatic model along with the corresponding 
implications is presented as follows. 

Single-Panel Truss Model 
It has been experimentally shown that a direct strut forms between the load and support 

for beams loaded with low a/d ratios: (i) according to Kani et al. (1979), beams with a shear 
span-to-depth ratio less than about 2.5 carry the load by a direct strut; (ii) research conducted as 
part of the current research program has shown that a direct strut is the primary shear transfer 
mechanism when the a/d ratio is equal to 1.85 (Section 5.3.2).  Also, ACI 318-08 allows a 
designer to use a single-panel strut when the a/d ratio is less than or equal to 2.1 [note, this is 
accomplished indirectly as the strut angle is limited to 25-degrees (i.e. 1.225tan

1
d

a =°= )]. As 

a result, it can be concluded that using a single-panel truss to evaluate STM provisions is well 
founded for specimens with an a/d ratio less than or equal to two based on experimental 
observations, past research, and current design provisions. 

As the a/d ratio exceeds 2, a single-panel STM becomes less appropriate.  However, as 
detailed in Section 5.3.2, the reduction in the effectiveness is gradual, not immediate.  Thus, a 
single-panel model is still appropriate at a/d ratios slightly greater than 2.  In addition, due to the 
inherent conservatism of strut-and-tie modeling (lower bound theory of plasticity) some 
discrepancy between the model and the actual behavior of the member is accounted for.   

Another objective of the current project was to evaluate the discrepancy between shear 
strength calculated using sectional shear models and STM provisions at an a/d ratio of 2.  A goal 
was to develop STM provisions that would estimate shear capacity comparably with that of 
sectional shear provisions.  For this reason, it was determined to include beams in the evaluation 
database with a/d ratios up to 2.5.  While the behavior of members with a/d ratios between 2 and 
2.5, may not follow a single-panel mechanism as well as members with smaller a/d ratios, this 
discrepancy seems small in context of the assumptions and basic principles of strut-and-tie 
modeling. 

Non-Hydrostatic Nodal Regions 
When the a/d ratio of a beam is in the range of one to two, and if a single-panel truss 

model is used, the strut width associated with non-hydrostatic nodes is more realistic than that 
obtained when using hydrostatic nodes. As an example, consider the hydrostatic and non-
hydrostatic truss models illustrated in Figure 5.8. 
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Figure 5.8: Difference between hydrostatic and non-hydrostatic nodes as a/d ratio 

increases. 

The width of a strut abutting a hydrostatic node increases substantially as the a/d ratio 
increases. Whereas, the width of a strut abutting a non-hydrostatic node decreases slightly as the 
a/d ratio increases. If hydrostatic nodes are used, coordinating the centroid of the tie 
reinforcement with the centroid of a hydrostatic CCT node is illogical and unrealistic. Similarly, 
it is difficult to coordinate the aforementioned unrealistic placement of flexural reinforcement 
with the depth of a beam’s flexural compression zone, i.e. the back face of a CCC node. 

It is well established that the shear strength of a beam decreases as the a/d ratio increases 
(MacGregor and Wight, 2005; Kani et al., 1979; ACI-ASCE 1973; Section 5.3.2). The reduction 
in shear strength associated with an increasing a/d ratio is accounted for when non-hydrostatic 
nodes are used as seen by the reduction in the width of the strut in Figure 5.8. In contrast, as 
discussed in Section 2.2.3, when hydrostatic nodes are used, the corresponding efficiency factors 
must decrease in a manner that is inversely proportional to the a/d ratio to counteract the 
increasing size of the strut. This is why STM methods that have been derived using hydrostatic 
nodes – such as AASHTO LRFD (2008) – have a strut efficiency factor that decreases as the a/d 
ratio increases.  On the other hand, when non-hydrostatic nodes are used the strut size diminishes 
slightly as the a/d ratio increases, thereby, accounting for the reduction in shear strength.  This is 
why constant efficiency factors are used in several design codes.  These differences in nodal 
dimensions are illustrated in Figure 5.9 for the example presented in Figure 5.8. 
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Figure 5.9: Typical difference in node dimensions between an a/d ratio of one and two. 

Both ACI 318-08 and AASHTO LRFD (2008) include provisions that direct a designer 
towards using non-hydrostatic nodes (ACI 318-08, Figure RA.1.5; and AASHTO LRFD (2008), 
Figure 5.6.3.3.2-1). Additionally, most designers use non-hydrostatic nodes, as it is difficult to 
coordinate the dimensions of a hydrostatic node with other beam details. 

In summary, the use of either hydrostatic or non-hydrostatic nodes is an assumption – a 
design tool intended to provide a simple method for proportioning a STM. Each nodal 
dimensioning technique has its theoretical strengths and weaknesses. For example, a hydrostatic 
state of stress is typically associated with materials that cannot resist shear; yet, concrete has the 
ability to resist shear stresses. As such, it is reasonable to assume that the nodal region in a 
concrete beam is in a non-hydrostatic state of stress. On the other hand, the dimensioning 
technique used to proportion a non-hydrostatic node can be overly simplified and overly 
conservative, as is suggested to be the case at the back face of the CCT node. Nonetheless, the 
benefits of using non-hydrostatic nodes are that they allow for the use of constant efficiency 
factors and they consider additional details such as reinforcement location and flexural capacity. 

In order to directly compare STM provisions with one another, an explicitly defined truss 
model (Figure 5.6) is used. Using a consistent model to evaluate code provisions is essential as 
the resulting nodal stresses (i.e. efficiencies) are dependent on the model. 

5.2.6 Evaluation of Current Design Provisions 
A comparison between the ACI 318-08 STM, AASHTO LRFD (2008), fib (1999), ACI 

318-99 [empirical provisions in lieu of STM (Equation 5.2)], and TxDOT Project 4371 (Sections 
2.4 and 2.5) design provisions for deep beam shear is made. A single-panel strut-and-tie model 
was analyzed using the nodal geometries presented in Figure 5.7. An outline of the calculations 
performed for each STM procedure is located in Appendix F. In summary, the following seven 
stress checks are conducted for all of the beams in the database: 1) Back face of CCC and 2) 
CCT nodes; 3) Bearing face of CCC and 4) CCT nodes; 5) Strut-to-node interface at the CCC 
and 6) CCT nodes; and 7) stress in the tie reinforcement. The locations of these seven stress 
checks are illustrated in Figure 5.10. 
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Figure 5.10: Seven stress checks used to evaluate STM procedures. 

In addition to the seven stress checks shown above, failure of the D-region may be 
attributed to the longitudinal splitting of the strut. This failure mechanism is accounted for 
through the node-to-strut interface checks and through minimum transverse reinforcement.  All 
of the beams in the evaluation database contained sufficient transverse reinforcement to resist the 
transverse tensile stresses in the bottle-shaped strut after the strut cracks.  The minimum amount 
of transverse reinforcement required for a bottle-shaped strut to reach is design capacity is 
discussed in detail in Section 4.5.  

Design provisions are compared to one another based on the experimental results of the 
179 beams in the evaluation database (35 contributed from the current study).  Since the 
aforementioned 7 stress checks are performed, it is appropriate to consider both shear and 
flexural failures in the database.  An appropriate strut-and-tie modeling procedure should “catch” 
both.  Furthermore, beams are often designed in practice such that flexure governs.  For these 
reasons, specimens with flexure and shear failure modes were included in the evaluation 
database.  A description of the filtering criteria used to form the evaluation database was 
presented in Section 2.5. The primary attributes of the evaluation database are summarized in 
Figure 5.11; details are included in Appendix D. 
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Figure 5.11: Primary attributes of the specimens in the evaluation database (N = 179). 

The purpose of comparing the provisions is to establish a basis for an improved design 
method. Figure 5.12 and Table 5.4 present a summary of the accuracy and conservatism of the 
five design procedures. The ratio of experimental to calculated shear capacity was determined for 
the beams in the evaluation database. A histogram of the findings is presented as follows. 
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Figure 5.12: Range of experimental/calculated values determined using evaluation database 

(179 data points). 
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Table 5.4. STM Provisions: Evaluation Database 

N = 179 Experimental/Calculated   
Design Provision Max Min Mean % Unconservative† COV†† 
ACI 318 STM 9.80 0.87 1.80 1.7% 0.58 
AASHTO LRFD 11.77 0.87 2.21 3.4% 0.69 
fib (1999) 2.82 0.76 1.55 2.8% 0.25 
ACI 318-99 2.67 0.82 1.55 5.5% 0.24 
Project 4371 41.96 0.87 3.72 2.2% 1.14 
† Unconservative = Experimental/Predicted Value < 1.0 
†† COV = Coefficient of Variation = Standard Deviation/Mean 

Based on a comparison of the five sets of design provisions presented in Figure 5.12, the 
empirical equation removed from the ACI 318 provisions (Equation 5.2) in 2002 and the STM 
provisions recommended by fib (1999) are the most accurate (COV of 0.24 and 0.25 
respectively). 

The reason that a strut-and-tie method is preferred over an empirical equation is because 
a STM is more versatile and the emphasis of a truss model is on the critical details. Details that 
are often the cause of a deep beam shear failure include: development length, nodal bearing 
stresses, stresses at the back face of a CCC node and stress in the tie. If the ACI 318 empirical 
equation is used to design a deep beam region, the bearing stresses and flexural capacity of the 
beam also need to be checked. However, if a STM is used to design a deep beam region, then the 
model accounts for these potentially critical bearing and flexural stresses. 

The AASHTO LRFD (2008) and TxDOT Project 4371 methods are sufficiently 
conservative. However, there is a large amount of scatter associated with the two methods. The 
reason for the large amount of scatter and conservatism can be attributed to the derivation of 
these methods. The derivation is based on using hydrostatic nodes. As a result, the efficiency 
factors for these methods diminish as the a/d ratio increases. As discussed previously, when non-
hydrostatic nodes are used in combination with efficiency factors that diminish as the shear span 
increases, the result is overly conservative estimations of shear capacity. 

The efficiency factors specified by ACI 318-08 and fib (1999) are similar in magnitude. 
However, the fib (1999) method is much more accurate [COV of 0.25 for fib (1999) versus 0.58 
for ACI 318-08]. The difference in accuracy between the two procedures can be attributed to the 
following: 

• fib (1999) explicitly allows the allowable stress at all faces of a nodal zone to be 
increased when triaxial confinement due to surrounding concrete is present. 

• fib (1999) states that a stress check at the back face of a CCT due to bond stresses is 
not necessary – provided bars are anchored properly. 

• The efficiency factors recommended by fib (1999) decrease as the compressive 
strength of concrete increases. 
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It is a major goal of this research study to make improvements to the ACI 318-08 and 
AASHTO LRFD (2008) STM procedures. According to MacGregor (2002), the selection of 
efficiency factors shall satisfy the following four criteria: 

• Simplicity in application. 
• Compatibility with tests of D-regions. 
• Compatibility with other sections of ACI 318-08 and/or AASHTO LRFD (2008) 
• Compatibility with other codes or design recommendations. 
Based on the accuracy of the fib (1999) procedure, it was decided to pursue this method 

further. The fib (1999) provisions provide an engineer with an accurate and safe procedure for 
the design of a deep beam region. However, the fib (1999) provisions are not consistent with ACI 
318-08 or AASHTO LRFD (2008). Therefore, minor improvements are recommended in order 
to make the fib (1999) provisions more consistent with ACI 318-08 and AASHTO LRFD (2008). 
An improved STM approach is presented in Section 5.2.7 and summarized in Section 5.2.9. 

5.2.7 Proposed method 
As detailed in Section 5.2.5, a single-panel non-hydrostatic truss model (Figure 5.6) is 

used to evaluate a dataset of 179 specimens and make a recommendation for an improved STM 
procedure. For the selected model, a STM procedure consists of the seven stress checks 
illustrated in Figure 5.10. 

The stress at each nodal face is compared to its respective allowable efficiency factor. 
The face that controls the calculated capacity is the one with the largest stress to efficiency ratio. 
If the stress in the tie controls the beam’s capacity, then that particular specimen is not used to 
calibrate efficiency factors. The controlling efficiency of each of the six nodal faces is examined 
for all beams in the database as follows. A recommendation at each face is made accordingly. 

Triaxial Confinement 
Based on the test results from the specimens with triaxially confined CCC and CCT 

nodes (i.e. Series II specimens discussed in Chapter 5), it was concluded that the effective 
compressive strength of all faces of a triaxially confined node can be increased by the bearing 
capacity modification factor specified in the ACI 318-08 and AASHTO LRFD (2008) 
provisions. According to ACI 318-08 §10.14 and AASHTO LRFD §5.7.5 the allowable bearing 
capacity of concrete can be expressed as follows. 

Pn = m·0.85·fc′·A1 (5.12) 
Where, 

Pn = nominal bearing resistance 

m = bearing capacity modification factor, 2
A
A

1

2 ≤  

The definition of A2 and A1 is illustrated in Figure 5.13. 
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Figure 5.13: Application of frustum to find A2 in stepped or sloped supports (ACI 318-08). 

From a theoretical standpoint, when a nodal zone is triaxially confined, the compressive 
strength of concrete is increased in the entire region. Therefore, it is reasonable to assume that 
the compressive strength of all nodal faces is increased when triaxial confinement is present. 
This phenomenon is verified with beams fabricated and tested as part of the current study and 
past studies.  In Figure 5.14, the ratio of experimental capacity to the calculated capacity is 
presented for all beams in the filtered database whose bearing plate width was smaller than the 
width of the beam. The capacity of the specimens is calculated with the ACI 318-08 STM 
provisions in which an increase in nodal capacity due to triaxial confinement is both accounted 
for and ignored.  Although not presented, similar results exist if the AASHTO LRFD (2008) 
STM provisions are used to estimate capacity. 
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Figure 5.14: The effect of triaxial confinement: Experimental capacity/Estimated capacity 

(ACI 318-08). 

Upon examination of Figure 5.14, it can be concluded that an increase in the capacity of 
all triaxially confined nodal faces improves the accuracy of a STM prediction without 
diminishing its conservatism. This conclusion is justified on a theoretical and experimental basis.  

For reference, the data represented in Figure 5.14 is discussed.  Brown et al. (2006) tested 
three beams whose load plates had a width less than the width of the beam (Section 4.4). 
Furuuchi et al. (1998) tested a series of deep slabs with varying load and support plate 
dimensions (Section 4.4). Specimens tested by Furuuchi et al. (1998) were 6-inch deep, 20-inch 
wide, and did not contain any shear reinforcement. Based on their aspect ratio and lack of 
stirrups, these beams are considered the worst-case scenario when evaluating triaxial 
confinement provisions.  

Back Face of the CCT Node 
In a strut-and-tie model, the height of the back face of a CCT node is taken as twice the 

distance from the exterior beam surface to the centroid of the reinforcement that defines the tie 
(Figure 5.15). 
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Figure 5.15: Back face of a CCT node. 

As previously discussed, the efficiency of the back face of a CCT node is dependent on 
the stress condition. Stress at this surface can be attributed to the bond stress that results from the 
anchorage of a tie, bearing stress of an anchor plate or headed bar, or an external indeterminacy 
such as occurs at an interior node over a continuous support. An example of these configurations 
is illustrated in Figure 5-1. 

The effectiveness of a CCT node to resist bond stress is investigated separately from the 
other stress conditions shown. The results of this study are presented in the next section.  The 
effectiveness of the back face to resist bearing stresses caused by conditions other than 
anchorage is discussed afterwards.  

Effectiveness of Back Face to Resist Bonding Stresses 
According to the ACI 318-08 and AASHTO LRFD (2008) STM provisions, stresses at 

the back face of a CCT must always be checked. Alternatively, the fib (1999) provisions do not 
require a check at the back face of a CCT node if the applied force is the resultant of the bond 
stress attributed to the anchorage of a tie (provided that the tie is sufficiently developed).  

In general, the technique used to proportion the back face of a CCT node typically results 
in an excessively small face. As a result, it often controls the nominal capacity of a truss model. 
If the tie is anchored properly, crushing of concrete at the back face of the support is unlikely and 
should not be used to determine the capacity of a CCT node.  As recommended by Thompson et 
al. (2003) and as discussed in Section 5.2.1, the stress limits imposed by the code provisions [at 
the back face of a CCT node] may be unnecessary.   

In order to investigate the criticality of stresses at the back face of the CCT node, the 
capacity of beams estimated per the ACI 318-08 provisions was examined in further detail. The 
node face that determined the capacity of each beam in the database was found according to the 
ACI 318-08 STM provisions. Then, the capacity of each of the beams in the database was 
determined per the ACI 318-08 STM provisions except that the stress at the back face of the 
CCT node was ignored. As a result, not considering the stress at the back face of the CCT node 
had an insignificant impact on the conservatism of the ACI 318-08 provisions. This point is 
illustrated in Figure 5.16. 
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Figure 5.16: Governing node face with and without a stress check at the back face of the 

CCT node: ACI 318. 

As can be observed in Figure 5.16, if ACI 318-08 STM provisions are used without any 
modifications, the stress check performed at the back face of the CCT node controls the capacity 
for 43% of the beams in the evaluation database. If the stress at the back face of the CCT node is 
not checked, the amount of unconservative predictions increases from 1.7% to 2.3% and the 
coefficient of variation increases from 0.58 to 0.60. This is a minor change considering that the 
CCT back face stress check originally controlled the design of almost half the beams in the 
database. Therefore, it can be concluded that checking the stresses at the back face of the CCT 
node minimally improves the accuracy and conservatism of the ACI 318-08 STM design 
provisions.  

In order to gather more information on the stress distribution at the back face of the CCT 
nodes, concrete strain gauges were affixed behind the support plate of beams tested as part of the 
current experimental program, as illustrated in Section 3.5.2. The purpose of collecting strain 
data at the back face of the CCT node was to determine the magnitude and distribution of 
stresses in the region and compare these results with typical modeling assumptions. 

The height of the back face of a CCT node is taken as twice the distance from the exterior 
face of the beam to the centroid of the longitudinal reinforcement. For the Series I and III 
specimens, that distance is equal to approximately 11” and 7” respectively. According to ACI 
318-08 and AASHTO LRFD (2008), the limiting efficiency factor at the back face of a CCT 
node is 0.68 and 0.75, respectively. In other words, the allowable stress at the back face is 
0.68·fc′ and 0.75·fc′. The assumed CCT nodal geometries and allowable stress at the back face are 
presented in Figure 5.17 for the Series I and III specimens. An allowable stress of 0.70·fc′ is 
assumed and shown for illustration purposes. 
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0.70·fc′  
Figure 5.17: Assumed nodal dimensions and allowable stress distribution at back face of 

CCT node. 

Strain gauges were applied behind the support plate (Section 3.5.2) for all of the Series I 
specimens and the following Series III specimens: III-1.85-0, III-1.85-02, and III-1.85-025. The 
strain distribution at 90% of ultimate capacity is presented for specimens I-02-4 and I-02-2; and 
for specimens III-1.85-0, III-1.85-02, and III-1.85-025 in Figure 5.18. In addition, the theoretical 
stress at the back face based on the assumed nodal geometry is presented. 
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Figure 5.18: Strain distribution measured behind the support plate at 90% of ultimate 
capacity. 
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Based on the strain data measured behind the CCT nodal region, it can be concluded that 
the distribution of bond stresses is not concentrated at the assumed location of the back face of 
the CCT node.  Rather, the stress is distributed throughout much of the section.  Furthermore, the 
magnitude of the stress is so small that crushing of concrete at the back face of the CCT node 
due to bond stresses from an appropriately-developed tie is implausible.  This type of failure 
mode was not observed in any of the tests conducted within this research program nor those 
reported in the literature.  As such, applying bond stresses of developed reinforcement to the 
back face of CCT nodes is inappropriate.     

In order to verify data obtained from concrete gauges, steel strain gauges were applied to 
all twelve of the main longitudinal bars for specimens III-1.85-02 and III-1.85-025 as described 
in Section 3.5.1. The rebar gauges were located in the same plane as the concrete surface gauges. 
The force in the steel reinforcement was inferred based on the experimentally measured strains, 
modulus of elasticity of steel, and nominal area of the reinforcing bars. The force applied to the 
same plane of concrete was inferred based on the area under the strain profile curve shown in 
Figure 5.18, the width of the beam, and the modulus of elasticity of concrete taken as 
57,000 f c ' . The resulting force measured in the reinforcement was within 10% of the value 
measured with the concrete surface gauges for both specimens. Thus, it can be concluded that the 
surface gauge data was reliable. 

Effectiveness of Back Face to Resist Direct Stresses 
Conditions exist where the stress applied to the back face of a CCT node is attributed to 

forces other than those caused by the bonding of anchored reinforcement. An example of such 
conditions is at the CCT node over an interior support or at a CCT node where the anchorage of 
the reinforcement is provided by a bearing plate or headed bar (Figure 5-1). 

When the stress at the back face of a CCT node is the result of a condition other than the 
transfer of bonding stresses, the nodal dimension must be proportioned accordingly so that the 
crushing of concrete does not occur.  

Based on the recommendations of fib (1999), Schlaich et al. (1987), and Thompson et al. 
(2003), the bond stresses attributed to the anchorage of a tie are not critical and need not be 
applied to the back face of a CCT node provided that the tie meets the necessary anchorage 
requirements. If the force applied to the back face of a CCT node is attributed to stresses other 
than those caused by anchorage, the effectiveness of the node to resist crushing must be checked. 
In this case, an efficiency factor consistent with the CCT bearing face should be used. 

If the stress applied to the back face of a CCT node is the result of a combination of both 
anchorage and a discrete force from another strut framing into the node, it is only necessary to 
proportion the node to resist the direct compression stresses. It is believed that the small amount 
of stress that may indirectly occur in the nodal region due to anchorage is accounted for by the 
conservative dimension of the CCT node and the respective efficiency factor. 

Efficiency of the Bearing and Back Face of CCC Node 
The dimensions of the bearing and back face of a CCT node, as shown in Figure 5.19, is 

proportioned as illustrated in Figure 5.7. 
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Figure 5.19: Bearing and back face of a CCC node. 

The height of the back face of the CCC node is based on the depth of the equivalent 
compression block determined from flexural mechanics. This dimension is justified, as the 
crushing of the back face of a CCC node is the same failure mode observed in a flexural failure. 
In a flexural analysis, it is assumed that the compression block is loaded uniaxially. Similarly, it 
is assumed that the bearing face of the CCC node is uniaxially loaded in compression. According 
to both ACI 318-08 and AASHTO LRFD (2008), the efficiency of concrete in an undisturbed 
state of uniaxial compression is typically taken as a constant value of 0.85. Therefore, for 
purpose of maintaining consistency with the ACI 318-08 and AASHTO LRFD (2008) 
specifications, it is proposed that the efficiency of the undisturbed uniaxial compression stress 
field associated with the back face of the CCC node be set to a constant value of 0.85. 

The efficiency of the bearing face of the CCC node is established in a similar manner. 
This recommendation is consistent with what is currently done in the ACI 318-08 and AASHTO 
LRFD (2008) specifications. 

The implications of these proposals are examined within the evaluation database. The 
normalized stress at the back and bearing face of the CCC node is plotted for beams where said 
nodal boundaries control the design (Figure 5.20). Based on the results obtained from the 
database and illustrated in Figure 5.20, a constant efficiency of 0.85 is an appropriate value. 
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Figure 5.20: CCC back (N=19) and bearing face (N=6) efficiency factor: Proposed 

Method. 

The efficiency factor specified by fib (1999) is also considered an appropriate value. 
However, a constant efficiency factor is recommended as opposed to variable one (Table 5.1) for 
the bearing and back face of the CCC node based on following: (i) in the interest of maintaining 
consistency with other sections of ACI 318-08 and AASHTO LRFD (2008); and (ii) in the 
interest of having the simplest code provision that captures the trends (or lack thereof) of the data 
presented in Figure 5.20. 

Efficiency of the Bearing Face of CCT Node 
The dimension of the bearing face of a CCT node, as shown in Figure 5.21, is 

proportioned as illustrated in Figure 5.7. 
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Figure 5.21: Bearing face of a CCT node. 

According to Vecchio and Collins (1986), the effective compressive strength of concrete 
decreases with the accumulation of transverse tensile strains (i.e. a CCT nodal region). The 
philosophy that concrete has a reduced efficiency in the CCT nodal region has been adopted by 
ACI 318-08, AASHTO LRFD (2008), and fib (1999). In accordance with ACI 318-08, AASHTO 
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LRFD (2008), and fib (1999) it is proposed that the efficiency at the bearing face of the CCT 
node be set to a constant value of 0.70. 

The conservativeness of this proposal is examined by using the evaluation database. The 
normalized stress at the bearing face of the CCT node is plotted for beams where said boundary 
controls the STM calculations (Figure 5.22). 
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Figure 5.22: CCT bearing face efficiency factor (N = 5): Proposed Method. 

Admittedly, there are a sparse number of beams in the database that are controlled by the 
CCT bearing face. Nevertheless, based on the results obtained from the database, and in 
accordance with ACI 318-08 and AASHTO LRFD (2008), a constant efficiency of 0.70 is 
appropriate.  

Efficiency of the Strut-to-Node Interface 
The dimension of the CCC and CCT strut-to-node interface, as shown in Figure 5.23, is 

proportioned as illustrated in Figure 5.7. 
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Figure 5.23: CCC and CCT strut-to-node interface. 

AASHTO LRFD (2008) and fib (1999) specify a concrete efficiency at the CCT interface 
lower than at the CCC interface for the same reason cited for the bearing faces; i.e. the presence 
of transverse tensile stresses diminish the compressive strength of concrete. ACI 318-08, on the 
other hand, specifies the same efficiency at both the CCC and CCT interface. 
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Although the theoretical efficiency of a CCT region has been shown to be lower than that 
of a CCC region, the diminishing effect is not detectable due to the assumed dimensions of the 
node-to-strut interfaces that the efficiency factors are applied to.  There is not enough accuracy in 
proportioning non-hydrostatic node-to-strut interface dimensions to account for a reduction in 
the compressive strength of concrete due to transverse tensile stresses.  Consider, for example, 
the beams in the database whose calculated capacities are controlled by the ACI 318-08 stress 
checks at the CCC or CCT node-to-strut interface (Figure 5.24). 
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Figure 5.24: Experimental efficiency vs. ACI 318-08 at the CCC and CCT strut-to-node 

interface. 

As seen in Figure 5.24, the efficiency at the strut-to-node interface is defined as the ratio 
of the applied stress at said interface to the compressive strength of concrete. Upon examination 
of the capacity of the beams in the database as estimated by the ACI 318-08 STM provisions, the 
CCC strut-to-node interface governed the capacity for 50 beams while the CCT strut-to-node 
interface governed for 19 beams. It is important to observe that the data for the 69 beams 
controlled by the CCC and CCT strut-to-node interface is equally scattered and with a similar 
lower bound. 

Accordingly, it can be concluded that efficiency of the CCC or CCT strut-to-node 
interface is equivalent when those interfaces control the capacity calculations (per ACI 318-08). 
A similar conclusion can be reached for the calculations carried out by the AASHTO LRFD 
(2008) STM specifications (Figure 5.25). 
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Figure 5.25: Experimental efficiency vs. AASHTO LRFD (2007) at the CCC and CCT strut-

to-node interface. 

In light of the data presented in Figure 5.24 and Figure 5.25, there is no reason to specify 
a lower efficiency factor at the CCT strut-to-node interface. 

Efficiency factors recommended by fib (1999) are a function of concrete compressive 
strength. High strength concrete has a lower efficiency because of the corresponding reduction in 
shear transmitted along the main diagonal crack. The strength of the cement paste in high-
strength concrete is more than that of the aggregate. When shear cracks form in high-strength 
concrete, the resulting cracks are transmitted through, rather than around the aggregate. As a 
result, the main inclined crack is smoother, so it has a lower interface shear capacity. 
Additionally, research conducted by Nielson (1978), Ramirez and Breen (1991), Bergmeister et 
al. (1993) Brown et al. (2006) support the use of an interface efficiency factor that diminishes as 
concrete compressive strength increases. 

Figure 5-26 illustrates the results of the calculations performed on the specimens in the 
evaluation database by using the fib (1999) efficiency factors. 
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Figure 5-26. Experimental efficiency vs. fib (1999) recommendations at the CCC and CCT 

strut-to-node interface. 

As seen in Figure 5-26, the CCC strut-to-node interface never controls the capacity of a 
deep beam estimated per the fib (1999) STM provisions. This is attributed to the geometric 
proportions that define the CCC nodal zone. The bearing and back face of the CCC node are 
always smaller than the interface and the fib (1999) recommended efficiency is the same at all 
three nodal faces. As a result, the critical stress cannot occur at the node-to-strut interface. It will 
always occur at either the back face or bearing face depending on the strut angle. The same 
phenomenon does not occur in the CCT nodal zone because a stress check is not required at the 
back face. 

Given that the experimental stress at the CCC and CCT strut-to-node interface is 
equivalent when estimated per ACI 318-08 and AASHTO LRFD (2008) (Figure 5.24 and Figure 
5.25); and given that the capacity of a beam estimated per fib (1999) STM provisions is never 
controlled by the stress at the CCC strut-to-node interface; it is proposed that the efficiency 
factor assigned to the CCC strut-to-node interface also be assigned to the CCT node-to-strut 
interface. This recommendation is consistent with the general philosophy of the ACI 318-08 
provisions. 

It has previously been determined that the nodal efficiency is independent of the a/d ratio 
when non-hydrostatic nodes are used and dependent on the compressive strength of concrete. 
Therefore, in accordance with fib (1999), it is proposed that the efficiency at the node-to-strut 
interface diminish as the compressive strength of concrete increases. Modifications to the fib 
(1999) efficiency factor are suggested as follows. 

The fib (1999) strut-to-node efficiency factor is equal to 0.43 when the compressive 
strength of concrete is 14,000-psi. In general, concrete is considered high-strength when the 
compressive strength is greater than 8,000-psi. Given that there is not much data available in the 
high-strength range, it is proposed that the efficiency be capped at a lower value of 0.45 for 
compressive strengths greater than 8,000-psi. Similarly, it is proposed that the efficiency be 
capped at an upper value of 0.65 [the fib (1999) factor is equal to 0.63 when the compressive 
strength of concrete is 4000-psi]. Finally, it is proposed that the efficiency linearly decrease 
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between 4,000 and 8,000-psi. As such, the proposed CCC and CCT strut-to-node interface 
efficiency factor, ν, is expressed as follows: 

ν = 0.45 ≤  ksi20
'f85.0 c−   ≤ 0.65 (5.13) 

The conservativeness of this proposal is examined by using the evaluation database 
(Figure 5.27). The efficiency factors at the CCC and CCT strut-to-node interface are plotted for 
beams whose capacity is calculated by using the proposed method. 
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Figure 5.27: Experimental vs. proposed efficiency at the CCC and CCT strut-to-node 

interface. 

Based on the results obtained from the evaluation database, the efficiency factor proposed 
for the determination of the capacity of the CCC and CCT strut-to-node interface (Equation 5.13) 
is an appropriate expression. 

The recommendations outlined by fib (1999) were used to formulate a new STM design 
procedure. In accordance with fib (1999), the following attributes of the proposed STM 
provisions are consistent with the fib (1999) STM provisions: 

• Disregard the stress check at the back face of the CCT node when the applied force is 
the resultant of bonding stresses from a sufficiently anchored tie. 

• Increase the allowable stress in triaxially confined nodal regions. 

• At the CCC and CCT strut-to-node interface, the efficiency of concrete decreases as 
the compressive strength increases. 

The following attributes of the proposed STM provisions are consistent with the ACI 
318-08 and AASHTO LRFD (2008) provisions: 

• A triaxial confinement modification factor is used to account for the increase in nodal 
capacity due triaxial confinement. The modification factor is expressed the same as 
for bearing capacity (Equation 5.12). 
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• In accordance with ACI 318-08, the efficiency of the CCC and CCT node-to-strut 
interfaces are identical. 

• At the bearing and back face of the CCC node, the efficiency of concrete is a constant 
value of 0.85. 

• At the bearing face of the CCT node, the efficiency of concrete is a constant value of 
0.70. 

Based on the fundamental principles of strut-and-tie modeling given in the ACI 318-08, 
AASHTO LRFD (2008), and fib (1999) design provisions, and based on tests of the D-regions 
analyzed using the evaluation database, a new STM provision is proposed. The details of the 
proposed provision are summarized in Figure 5-28. The proposed STM procedure is compared to 
ACI 318-08, AASHTO LRFD (2007), and fib (1999) in Section 5.2.8. A complete outline of the 
new procedure is presented in Section 5.2.9. 
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Figure 5-28. Proposed STM design provisions 

5.2.8 Assessment of Proposed Method 
An assessment of the proposed method based on the experimental results of the beams in 

the evaluation database is presented in Table 5.5 and Figure 5.29. 
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Table 5.5. STM Provisions: Evaluation Database 

N = 179 Experimental/Calculated   
Design Provision Max Min Mean % Unconservative† COV†† 
ACI 318 9.80 0.87 1.79 1.7% 0.58 
AASHTO LRFD 11.77 0.87 2.21 3.4% 0.69 
fib (1999) 2.82 0.76 1.55 2.8% 0.25 
ACI 318-99* 2.67 0.82 1.56 5.5% 0.24 
Project 4371 41.96 0.87 3.72 2.2% 1.14 
PROPOSED 4.14 0.73 1.54 0.6% 0.28 

† Unconservative = Experimental/Calculated Value < 1.0 
†† COV = Coefficient of Variation = Standard Deviation/Mean 
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Note: In accordance with ACI 318-08 and AASHTO LRFD (2008), the proposed method 

contains a limit on the triaxial confinement modification factor equal to 2 (Equation 
5.12); whereas, fib (1999) limits this factor to 4. The proposed method would perform 
slightly better than fib (1999) if the triaxial confinement modification limit were 
increased to 4 [Mean = 1.51, 0.6% unconservative, COV = 0.22]. 

Figure 5.29: Comparison of proposed STM provisions with other design provisions 
(Evaluation Database = 179 data points). 
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As shown, the proposed strut-and-tie modeling procedure is a significant improvement 
over the current ACI 318-08 and AASHTO LRFD (2008) procedures. The amount of 
unconservative estimations using the proposed provisions is slightly less than the fib (1999) 
provisions, but the fib (1999) methodology is slightly more accurate than the proposed 
procedure. However, if both methods contained the same limit on the triaxial confinement 
modification factor, then the proposed procedure would have a COV equal to 0.22, a slight 
improvement compared to the fib (1999) provisions. As it is, the proposed triaxial confinement 
factor is consistent with the ACI 318-08 and AASHTO LRFD (2008) bearing capacity 
provisions. 

Filtered Database 
The specimens in the evaluation database were selected from a larger dataset based on 

their geometry and proportions. It was the intent of the research team to formulate design 
recommendations based on test specimens that best represented actual structural members. As a 
result, the larger beams contained in the evaluation database were used to calibrate the 
recommended nodal efficiencies. Upon derivation of the proposed STM methodology, it is of 
interest to compare the performance of the procedure with a larger dataset; i.e. a dataset that 
contains data other than those that were used to calibrate the proposed STM procedure. 
Therefore, the performance of the proposed STM provisions is compared with the other design 
provisions for the tests that are contained in the filtered database. 

As previously discussed, the STM model that was used to evaluate deep beam design 
provisions indirectly accounts for failure controlled by the longitudinal splitting of the strut by 
only considering beams that contain a minimum amount of reinforcement. Therefore, only those 
beams in the filtered database that contain a minimum amount of transverse reinforcement are 
evaluated. An assessment of the proposed provisions is presented in Figure 5-30. The data 
presented in Figure 5-30 is based on the experimental results of the beams in the filtered database 
with reinforcement that satisfies the minimum for reinforced struts according to ACI 318 
Appendix A (Equation 4.7 in Section 4.5.1) (i.e. ρ⊥  > 0.1%). 
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Note: If the triaxial confinement modification limit of the proposed method were increased to 4 

[Mean = 1.59, 3.4% unconservative, COV = 0.31]. 

Figure 5-30. Comparison of proposed STM provisions with other design provisions 
(Filter Database with ρ⊥  > 0.1% =  381 data points) 

Upon observation of Figure 5-30, it can be concluded that the trends between the design 
provisions are consistent when a similar evaluation is conducted using the beams in the filtered 
database. Again, the proposed STM procedure is a significant improvement over the ACI 318-08 
and AASHTO LRFD (2008) provisions. 
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Many of the specimens in the filtered database were not used to calibrate the proposed 
STM provisions. However, the proposed procedure estimates the capacity of the beams in the 
filtered and evaluation database with an equivalent amount of accuracy. The reason that the 
procedure performs as well for the specimens in the filtered database can be attributed to the fact 
that it accounts for governing modes of failure better than other STM provisions.   
Transverse Reinforcement Ratio: ρ┴  > 0.1% 

When a deep beam is designed by using a single-panel strut-and-tie model, transverse 
reinforcement is required to reinforce the bottle-shape strut and to provide sufficient deformation 
capacity for the assumed plastic truss model to develop. Additionally, transverse reinforcement 
is also necessary to ensure adequate serviceability behavior. The quantity of reinforcement that is 
required for strength and serviceability is a primary research objective and was discussed in 
detail by Section 4.5. 

According to Brown et al. (2006), the amount of transverse reinforcement necessary to 
maintain the equilibrium of a strut due to spreading of compression is approximately 0.15% in 
each direction; fib (1999) requires a minimum amount of 0.2% in each direction without 
specifying whether this amount is required for strength, serviceability, or both; and AASHTO 
LRFD (2008) requires 0.3% in each direction and explicitly denotes it as crack control 
reinforcement. ACI 318-08 allows the use of unreinforced struts. For a strut to be considered 
reinforced a minimum amount of 0.3% reinforcement perpendicular to the strut (ρ┴) must be 
provided. 

All design provisions evaluated as part of the current research program were examined 
using specimens with ρ┴ values as low as 0.1%; i.e. much less than required by ACI 318-08, 
AASHTO LRFD (2007), or fib (1999). The proposed method summarized in Section 5.2.9 was 
calibrated based on the same lightly reinforced specimens. The implications of considering 
beams with a transverse reinforcement ratio, ρ┴, as low as 0.1%, are presented in Table 5.6 and 
Figure 5.31. 



Table 5.6. Influence that Transverse Reinforcement Ratio has on Accuracy of STM Provision 
 Σρ┴ ≥ 0.001 Σρ┴ ≥ 0.003 ρv = ρh ≥ 0.002 ρv = ρh ≥ 0.003 
 No. = 179 No. = 127 No. = 44 No. = 25 

 % NG† COV % NG† COV % NG† COV % NG† COV 

ACI 318-08 1.7% 0.58 2.4% 0.54 2.3% 0.69 4.0% 0.82 
AASTHO LRFD (2007) 3.4% 0.69 1.6% 0.68 0.0% 0.76 0.0% 0.88 
fib (1999) 2.8% 0.25 2.4% 0.25 0.0% 0.23 0.0% 0.24 
Proposed Method 0.6% 0.28 0.0% 0.27 0.0% 0.33 0.0% 0.36 
†  %NG = percentage of beams with Experimental/Calculated ratio < 1.0. 
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Note: In accordance with ACI 318-08 and AASHTO LRFD (2007), the proposed method contains a limit on the triaxial 

confinement modification factor equal to 2 (Equation 5.12); whereas, fib (1999) limits this factor to 4. The proposed 
method would perform slightly better than shown if the triaxial confinement limit were increased to 4 [COV = 0.22; 
0.22; 0.24; and 0.24 respectively, for the reinforcement ratios presented in Table 5.6 and Figure 5.31]. 

(N = 179) 

Figure 5.31: Influence that transverse reinforcement ratio has on the COV of various STM provisions. 



The purpose of comparing the performance of the proposed STM provisions for differing 
amounts of minimum transverse reinforcement is to determine whether the earlier observations 
in regards to conservatism and accuracy remain valid for the proposed STM methodology. The 
difficulty with evaluating the provisions for beams with, for example, the AASHTO minimum of 
0.3% transverse reinforcement in each direction, is that only a sparse number of beams meet the 
criteria. More specifically, only 44 beams meet the fib (1999) minimum requirement (0.2% in 
each direction) and only 25 meet the AASHTO LRFD requirement (0.3% in each direction). 
Therefore, significant conclusions should not be inferred from statistical comparisons based on 
such small data sets. Nonetheless, upon comparison of the various STM design provisions, it can 
be seen that the performance of each provision (as indicated by the COV) is relatively equivalent 
to one another regardless of the minimum amount of reinforcement. As a result, it can be 
concluded that the lightly reinforced specimens in the evaluation database provide a valid basis 
of comparison among different STM provisions. In other words, the conclusions remain valid for 
beams with a higher percentage of crack control reinforcement. 

Upon observation of the number of unconservative predictions for the proposed method, 
it could be concluded that, from a strength standpoint, a transverse reinforcement ratio of ρ┴ = 
0.1% is adequate to ensure that the strength of more than 95% of the specimens in the dataset. 
However, one of the beams tested as part of the experimental program (Specimen III-1.85-01) 
had 0.1% vertical and 0.14% horizontal reinforcement (ρ┴ = 0.15%), yet the ratio of 
experimental to estimated capacity was 0.73 when using the proposed provisions. This low 
strength value should not be overlooked despite all of the statistical analyses. Therefore, based 
on the findings of the experimental program, a transverse reinforcement ratio of at least 0.2% in 
each direction is recommended in order to ensure adequate strength. If less reinforcement is 
provided, then the chance increases that the capacity will be unconservatively estimated.  
Minimum reinforcement requirements were addressed in Section 4.5.  As noted in this section, 
more reinforcement may be needed for serviceability considerations.   

5.2.9 Outline of Proposed Strut-and-Tie Modeling Procedure 
A detailed examination of the ACI 318-08, AASHTO LRFD (2008), and fib (1999) 

provisions was conducted and recommendations were discussed for the newly proposed strut-
and-tie modeling procedure. For the reader’s convenience, the proposed STM procedure is 
summarized as follows. 

Step 1: Define Critical Nodal Regions 
Stresses in a D-region concentrate into nodal zones. Failure of a D-region is typically due 

to crushing of concrete in the nodal region (i.e. strut-to-node interface, bearing face) or 
anchorage failure. The advantage of a strut-and-tie model over a sectional model for the design 
of a D-region is that the focus of the design is on the critical nodal regions rather than the less 
relevant cross-sectional behavior (Section 4.6). Efficiency factors are directly dependent on the 
assumed proportions of the nodal region. The proposed strut-and-tie method is based on the non-
hydrostatic node proportions outlined in Section 2.3 and illustrated in Figure 5.32. 
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Figure 5.32: (a) Single-panel STM (b) CCC Node (c) CCT Node 

Bond stresses in a smeared node region (CTT nodes) and at the back face of the CCT 
node are not critical if the anchorage of longitudinal bars or stirrups is adequately developed. 
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Step 2: Design Nodal Regions 
The nominal compression strength of a nodal zone, Fn, shall be as follows. 

nzcen AfF ⋅=  (5.14) 
Where, 

fce = effective compressive strength of concrete in nodal zone, psi 
Anz = the area of the face of the nodal zone, in2 

The effective compressive stress, fce, on the face of a nodal zone shall not exceed the 
following value. 

'fmf cce ⋅⋅= ν  (5.15) 
Where, 

fc′ = Specified compressive strength of concrete, psi 

m = 
1

2
A

A ≤ 2, Triaxial confinement modification factor 

    Definition of A2 and A1 is illustrated in Figure 5.33. 

ν = 0.85,  Bearing and Back Face of CCC node. 

  0.70,  Bearing Face of CCT node. 
It is not necessary to apply the resultant of bonding 
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provided that tie is adequately anchored. 
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Figure 5.33: Application of frustum to find A2 in stepped or sloped supports (ACI 318-08). 

5.2.10 Proposed STM Procedure: Summary 
A new STM design procedure was developed for the design of deep beams and D-

regions.  The efficiency factors recommended for the proposed procedure have been calibrated 
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using the results of experimental tests, while maintaining consistency with current design 
provisions. Although the efficiency factors of the proposed procedure were calibrated based on 
tests of deep beams, they were also calibrated based on maintaining consistency with current 
design provisions, and theoretical STM principles. Thus, it is strongly believed that the proposed 
STM method is valid for other types of structures. 

The new method provides a significant improvement in accuracy over the ACI 318-08 
and AASHTO LRFD (2008) procedures. Thus, based on the new STM provisions, it is proposed 
that the ACI 318-08 and AASHTO LRFD (2008) provisions be modified accordingly. A 
summary of the proposed changes to AASHTO LRFD (2008) is presented in Appendix A. An 
example problem that illustrates the differences between the existing and proposed provisions is 
presented in Appendix B. 
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5.3 Discrepancy in Calculated Shear Strength at a/d Ratio of 2.0 
The objective of this task was to reduce the discrepancy between shear strength 

calculated using the STM and the sectional shear provisions in AASHTO LRFD (2008) at an a/d 
ratio of 2.  In this section, a review of the effect of the a/d ratio on the shear behavior of 
reinforced concrete members is provided.  Information regarding the transition from deep beam 
behavior to sectional shear behavior is emphasized.  Based on data from the experimental 
program and from the literature, the use of a single-panel strut-and-tie model for a/d ratios up to 
2 is justified.  Lastly, the reason for the discrepancy between shear strength calculated using the 
STM and the sectional shear provisions at an a/d ratio of 2 is explained.  With the use of the 
proposed STM provisions discussed in Section 5.2, the discrepancy is largely eliminated. 

5.3.1 Background 
In Article 5.8.1.1 of AASHTO LRFD 2008, a deep component is defined as: 

Components in which the distance from the point of zero shear to the face of 
the support is less than 2d or components in which a load causing more than 
½ (1/3 in case of segmental box girders) of the shear at a support is closer 
than 2d from the face of the support. 

In this requirement, the shear span is defined; and the limiting ratio of shear span to 
effective depth is set at 2.  It is required in Article 5.13.2.1 that beams or components meeting 
the definition of a “deep component” be designed according to the strut-and-tie provisions in 
AASHTO LRFD (Article 5.6.3) or another recognized theory.  The basis for restrictions on 
“deep components” is due to the nonlinear strain distribution that exists in regions near 
concentrated loads, supports, or abrupt changes in geometry.  Conventional flexural theory, i.e. 
plane-sections-remain plane, is not valid in these regions.  According to St. Venant’s principle, 
the strain distribution is not affected by the disturbance at approximately a distance ‘d’ away 
from it (Schlaich et al., 1987).  This principle is the basis for the limit of a/d ratio of 2.  In 
regions where “it is reasonable to assume that plane sections remain plane after loading,” the 
sectional model can be used for shear design (Article 5.8.1.1, AASHTO LRFD (2008)).  The 
stress trajectories of an asymmetrically-loaded beam are shown in Figure 5.34.  According to 
AASHTO LRFD (2008), different design models should be used in the regions to either side of 
the concentrated load. 

d

d d5d

P

0.71P0.29P

Use Strut-and-Tie ModelUse Sectional Shear Model  
Figure 5.34: Stress trajectories in an asymmetrically-loaded beam 
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Therefore, at an a/d ratio of 2, there is a discrepancy in the required shear design model 
according to the specifications of AASHTO LRFD (2008).  If a structure is loaded in such a way 
that an a/d ratio of 2.1 exists, then the sectional shear model applies for design.  Conversely, if 
the structure is loaded such that an a/d ratio of 1.9 exists, then a strut-and-tie analysis is required.  
It is known that near an a/d ratio of 2, a gradual transition in the dominant shear transfer 
mechanism occurs consistent with each of the required models.  The transition is not immediate 
and a large discrepancy in calculated capacity at an a/d ratio of 2 is not justified. 

The main purpose of the current task is illustrated qualitatively in Figure 5.35.  For 
members with an a/d ratio less than 2, shear capacity is computed according to the strut-and-tie 
provisions in AASHTO LRFD.  It was shown in Section 5.2.5 that due to the efficiency factor at 
the CCT node-strut interface and the geometry of non-hydrostatic nodes, the calculated capacity 
decreases rapidly as the a/d ratio approaches 2.  For members with an a/d ratio greater than 2, 
shear capacity is calculated with a sectional model consisting of Vc + Vs in AASHTO LRFD 
(2008).  The capacity computed according to the sectional model is often greater than that 
according to the STM at an a/d of 2, especially if there is a considerable amount of transverse 
reinforcement in the member.  The purpose of the current task is to remove the discrepancy 
between the calculated shear capacities from each model at an a/d ratio of 2, thereby providing a 
uniform level of conservatism across the transition from deep beam to sectional shear behavior. 
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Figure 5.35: Discontinuity in calculated shear capacity in AASHTO LRFD 2008 at a/d ratio of 2 

5.3.2 Effect of a/d ratio on Shear Behavior 

Shear span-to-depth ratio (a/d) has been recognized as an important parameter affecting 
the shear strength of reinforced concrete beams since the 1950s (ACI-ASCE Committtee 326, 
1962).  For single or double concentrated loads acting on a beam, the shear span is clearly 
defined.  For other types of loading, namely distributed loads, it is convenient to present the 
shear span-to-depth ratio as the ratio of M / Vd to aid in its application.  A clear definition of the 
shear span-to-depth ratio is required for its proper use in empirical equations.  For strut-and-tie 
models, the a/d ratio (and also the clear span-to-depth ratio in ACI 318-08) is used to determine 
if a strut-and-tie analysis is required.  In calculating the strength of a member with a STM, the 
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path of the applied loads is traced through the structure directly, without the direct use of the a/d 
ratio. 

Results from the Literature 

Numerous researchers have shown the effect of the a/d ratio on the shear strength and 
overall behavior of reinforced concrete beams.  A few studies are reviewed in this section with 
an emphasis on the effect of the a/d ratio on the dominant transfer mechanism of the member. 

In 1954, forty-two reinforced concrete beams were loaded to failure by Moody et al. to 
evaluate their shear strength.  The size and loading conditions of the test specimens were divided 
into three groups corresponding to three a/d ratios: approximately 1.5, 3, and 3.5.  Primarily, the 
behavior of beams without transverse reinforcement was studied.  Two specimens were tested 
with web reinforcement.  The test results indicated that the beams with higher a/d ratios (3 and 
3.5) failed soon after the load causing first diagonal cracking was reached.  For the beams that 
were loaded with smaller a/d ratios (1.5), the beam had additional capacity after first diagonal 
cracking.  A redistribution of internal stresses took place after the formation of diagonal cracks in 
which compression and shear stresses concentrated in the compression zone at the top of the 
inclined crack.  It was observed that the stress distribution in the tension reinforcement along the 
shear span did not follow the distribution of external moments.  The failure of the specimens 
loaded with an a/d ratio of 1.5 was classified as shear-compression (Moody et al., 1954).   

In 1957, thirty-eight concrete beams without transverse reinforcement were tested by 
Morrow and Viest.  The a/d ratio ranged from approximately 1 to 7.8 for the test specimens.  It 
was observed that the a/d ratio greatly contributed to the failure mode and overall performance of 
the beams.  At an a/d ratio less than about 3.4, the test specimens failed in shear-compression.  
The beams failed due to crushing of the compression zone above the diagonal crack at a higher 
load than the load at first diagonal cracking.  With increasing a/d ratio, the ratio between the 
ultimate load and the first diagonal cracking load decreased.  The beams loaded with an a/d ratio 
between 3.4 and 6.1 failed in diagonal tension in which the load at first cracking was 
synonymous with the ultimate load.  Beams with an a/d ratio greater than 6.1 failed in flexure.  
The authors warned that the aforementioned limits on a/d ratio were a function of the properties 
of the beams that were tested and should only be used qualitatively (Morrow and Viest, 1957).  It 
is interesting to note that the transition between shear compression and diagonal tension failure 
was found to be 3.4 in this study.  In other studies reviewed in this section, the a/d ratio at this 
transition is typically around 2 or 2.5.  It is possible that the difference is due to the strict 
definition of a diagonal-tension failure as a case in which the first diagonal cracking load and the 
ultimate capacity are equivalent. 

 Hundreds of tests on reinforced concrete beams were conducted by Kani for the purpose 
of understanding the mechanism of diagonal failure, also called shear failure (Kani et al., 1979).  
Based on the observed behavior of the test specimens, two mechanics-based models were 
derived to form a shear-strength envelope.  The applicability of each model was a function of the 
a/d ratio.  The shear-strength envelope is illustrated in Figure 5.36. 
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Figure 5.36: Proposed shear-strength envelope by Kani (Kani et al., 1979) 

In Figure 5.36, the strength of the member is quantified as a percentage of the moment 
capacity.  The moment capacity is not reached in a “valley of diagonal failure” bounded by two 
critical a/d ratios:  (a/d)min and (a/d)TR.  (a/d)min is the intersection between the two models that 
govern diagonal failure.  (a/d)TR is the a/d ratio at which flexural failure governs the capacity 
instead of diagonal, or shear, failure.  At mid-range a/d ratios ((a/d)min < a/d < (a/d)TR), the shear 
strength of a beam is governed by the “capacity of concrete teeth.”  This model consists of 
treating a cracked, reinforced concrete beam as a “comb-like structure” with a series of “concrete 
teeth” cantilevered from its base (Kani et al., 1979).  The diagonal failure of the beam is a result 
of overstressing the tooth at its base.  An equation for the capacity of a tooth was developed that 
was a function of the a/d ratio, the flexural strength of concrete, the flexural moment arm, the 
cross-sectional dimensions, and the width and length of the cracks.  The width and length of the 
cracks outlined the dimension of the tooth and were determined empirically.  At low a/d ratios 
(a/d < (a/d)min), the shear strength of a beam was defined as a function of the “capacity of the 
arch.”  This model treated the reinforced concrete beam as a tied arch in which the load 
transferred directly to the support.  The equation that was developed for this model was 
simplified such that it was only a function of the flexural capacity of the beam and the a/d ratio.  
Good agreement existed between test data and the proposed models.   

In his study of diagonal failure, Kani recognized the transition of the dominant 
mechanism of behavior as a function of the a/d ratio.  At low a/d ratios (a/d < (a/d)min), the shear 
strength of the beam was governed by a tied-arch failure.  At higher a/d ratios ((a/d)min < a/d < 
(a/d)TR), the shear strength of the beam was governed by a bending failure of a “concrete tooth.”  
The transition between these different mechanisms was labeled (a/d)min because it coincided with 
the smallest shear strength of the member.  The value of (a/d)min was a function of the 
longitudinal reinforcement ratio, the yield strength of the reinforcement, the flexural strength of 
the concrete, and the width and length of the cracks.  Even though (a/d)min changed based on the 
properties of the beam, it was usually close to 2.5.  This value was supported by experiments.   

The effect of transverse reinforcement on the diagonal failure of reinforced concrete 
beams was also investigated by Kani.  The function of the reinforcement was to create internal 
supports for the series of concrete arches that are formed by the concrete teeth.  In a sense, the 
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a/d ratio is essentially shortened by the internal supports created by the transverse reinforcement.  
In terms of the shear-strength envelope, the region governed by the “capacity of the arch” is 
extended due to the effective shortening of the a/d ratio.   

An experimental study was conducted by Ahmad and Lue (1987) on specimens with 
high-strength concrete (f’c > 8,800-psi).  A model similar to the one proposed by Kani was 
developed that was applicable to beams with both normal- and high-strength concrete.  Through 
the experimental study, it was determined that the capacity and the failure mode of the test 
specimens were largely a function of the a/d ratio.  Four different failure modes were evident.  At 
an a/d > 6, the beams generally failed in flexure.  At an a/d ratio between 2.5 and 6, the failure of 
the beams was due to a diagonal tension crack that originally propagated from a flexural crack 
(flexure-shear crack).  At an a/d ratio between 1.5 and 2.5, the beams failed by shear 
compression of the web.  At a/d < 1.5, the failure was by crushing of the arch rib of the beams.  
Thus, a similar breakdown of failure modes to that observed by Kani was also observed by 
Ahmad and Lue (1987).  At an a/d ratio of approximately 2.5, the shear behavior of the beam 
transitioned from a shear-compression type failure to a diagonal-tension type failure. 

 The experimental shear strength of high-strength concrete beams with an a/d ratio 
ranging from 1.5 to 2.5 was investigated by Shin at al. (1999).  It was also observed in this study 
that the failure mode of the test specimens was dependent on the a/d ratio.  However, in this 
study the transition in failure mode from shear-compression to shear-tension occurred at an a/d 
ratio of approximately 2.   

Results from the Experimental Program 

In the experimental program of the current study, the effect of a/d ratio was also 
investigated.  Tests were conducted on beams with shear-span-to-depth (a/d) ratios of 1.2, 1.85, 
and 2.5.  The normalized shear strength of six 21”x42” specimens in which the a/d ratio varied 
from 1.2 to 2.5 is depicted in Figure 5.37.  With increasing a/d ratio, the normalized shear 
strength at failure decreased; and the failure mode of the test specimens changed.  
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Figure 5.37: Effect of a/d ratio on experimental strength of test specimens 

The pictures of the test regions at failure for the specimens represented by the red line in 
Figure 5.37 are displayed in Figure 5.38.  It is important to emphasize that each of these 
specimens had identical reinforcement details (0.2% web reinforcement in each direction); the 
only difference between them was the a/d ratio.  With increasing a/d ratio, a change in failure 
mode was evident.  At an a/d ratio of 1.2, the failure of the specimen was the result of crushing 
along the diagonal strut and near the CCT nodal region.  The orientation and number of the 
diagonal cracks was consistent with a single-panel strut-and-tie model in which the load is 
transferred to the support via an inclined strut.  At an a/d ratio of 1.85, a similar appearance at 
failure existed.  At failure, crushing was visible along the strut and near both the CCC and CCT 
nodal regions.  Parallel, inclined cracks formed along the axis of a direct strut from the load to 
the support.  The final failure crack slightly resembled the shape of an “S” which is customary to 
sectional shear failures.  This detail may suggest that a portion of the shear is transferred by a 
sectional-shear mechanism at an a/d ratio of 1.85.  However, it is evident from the amount of 
parallel cracking and local crushing in Figure 5.38 that a direct-strut mechanism still governs at 
this a/d ratio.  At an a/d ratio of 2.5, a completely different appearance at failure was present.  
Virtually no parallel, diagonal cracking existed in the shear span.  The behavior of the specimen 
was dominated by a single, diagonal tension crack that formed an S-shape between the load and 
the support.  Some local crushing was visible along the diagonal crack, but it was not due to 
crushing of the concrete, but rather the shearing of the interfaces between each side of the 
diagonal tension crack.  It is clear from the behavior of this specimen (III-2.5-02) that at an a/d 
ratio of 2.5, the dominant mechanism of shear transfer is consistent with a sectional-shear model. 
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Figure 5.38: Failure pictures of test specimens with 0.2% reinforcement and variable a/d 

The pictures of the test regions at failure for the specimens representing the green line in 
Figure 5.37 are displayed in Figure 5.39.  As before, the primary difference between the 
specimens was the a/d ratio.  Each specimen contained 0.3% web reinforcement in each 
direction.  At an a/d ratio of 1.2, a similar appearance at failure to the specimen with 0.2% 
reinforcement was observed.  The only difference was that the parallel cracking was better 
distributed, thereby reducing the width of the diagonal cracks (Section 4.5.3) and enabling more 
crushing to occur.  At an a/d ratio of 1.85, the failure mode was consistent with the companion 
specimen with 0.2% reinforcement.  Several parallel cracks extended from the load to the 
support.  At the ultimate load, concrete in the CCC nodal region and within the strut crushed.  
The behavior of both specimens at an a/d ratio < 2 was consistent with a single-panel, direct strut 
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transfer mechanism.  At an a/d ratio of 2.5, a remarkable difference in performance with respect 
to the specimen with 0.2% web reinforcement was observed.  The only difference between these 
two specimens (III-2.5-02 and III-2.5-03) was the size of the web reinforcement (#4 versus #5 
bars).  The additional reinforcement in III-2.5-03 helped distribute the diagonal cracks such that 
the failure of the specimen was due to crushing along the diagonal strut and near the load plate.  
This switch in failure mode was accompanied by an increase in the shear strength by at least 
60%.  This performance suggests that at an a/d ratio of 2.5, a significant portion of the applied 
load is transferred to the support by a sectional-shear mechanism since additional reinforcement 
increased the capacity.   
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Figure 5.39: Failure pictures of test specimens with 0.3% reinforcement and variable a/d 

The results of the six tests displayed in Figure 5.38 and Figure 5.39 show that the 
transition from deep-beam to sectional-shear behavior does not occur at a distinct a/d ratio.  
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Rather, it is a gradual process in which the effectiveness of one mechanism reduces with respect 
to the other.  The results of these six tests support the idea that the quantity of web reinforcement 
affects the behavior as the a/d ratio exceeds 2.  This finding is in agreement with results from the 
database presented in Section 4.5.2 that showed at a/d ratios greater than 2, the quantity of web 
reinforcement increases the strength of the member.  Also, the results of these six tests show that 
at an a/d ratio less than 2, the quantity of web reinforcement does not affect the shear strength of 
the member provided that there is enough reinforcement to maintain equilibrium in the diagonal, 
bottle-shaped strut (Section 4.5.2).    

The results of the 21”x75” tests provided additional data to understand the effect of a/d 
ratio on the shear behavior of reinforced concrete beams.  In both of these members, the extreme 
layer of the longitudinal reinforcement was instrumented with strain gauges along the entire 
length of the beam (Section 3.5.1).  The purpose of the instrumentation was to monitor the strain 
in the reinforcement at different locations along the shear span.  This strain data was used to 
correlate the behavior of the specimen with the most appropriate type of shear model.  For 
example, in a single-panel strut-and-tie model (STM) in which a direct strut carries the applied 
load to the support, the force in the tension tie is constant along the length of the shear span.  
Conversely, in a multiple-panel STM, the force in the tie reduces as a step function due to the 
intermittent compression diagonals along the shear span.  In the case of a Bernoulli beam, in 
which a sectional shear model is used for shear design, the force in the tie varies according to the 
moment diagram.  These distributions of tensile force are illustrated in Figure 5.40.  It is clear 
that the change in tie-force of a multiple-panel model is an approximation of the gradual decline 
of the tension force consistent with a Bernoulli beam.  For a slender beam with well-distributed 
stirrups, the change in tie force according to a Bernoulli beam analysis and a multiple-panel STM 
analysis should be equivalent.  Therefore, the data from the strain gauges along the longitudinal 
reinforcement in the test specimens was used to evaluate the governing shear transfer mechanism 
as the a/d ratio changed from 1.2 to 1.85 to 2.5.  It is important to note that several researchers 
have measured strain in this fashion for similar purposes (Moody et al., 1954, Watstein and 
Mathey, 1958, Rogowsky et al., 1986, Quintero Febres et al., 2006, and Tan et al., 2007). 
 

Single-panel STM Multiple-panel STM

Assumed force in 
longitudinal tension 
steel in Bernoulli beam

Assumed force in 
longitudinal tension 
steel in above STM 

 
Figure 5.40: Distribution of force in longitudinal tension steel along length of beam according to 

different shear models 
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The strain measurements in the longitudinal steel for IV-2175-1.85-02 and IV-2175-1.85-
03 are displayed in Figure 5.41.  Recall from Section 3.6 that for the 21”x75” beams, two tests 
were conducted simultaneously.  After one shear span failed, external, post-tensioned clamps 
strengthened the failed span; and the beam was re-loaded in the same arrangement.  For the beam 
in Figure 5.41, the load was applied at midspan such that two tests were conducted at an a/d ratio 
of 1.85.  The difference in the two tests was the quantity of web reinforcement.  Strain gauges 
were applied on the extreme layer of tension reinforcement at midspan (at the load point) and at 
three locations along each shear span.  The gauges closest to the support were located far enough 
away from the edge of the bearing plate to avoid any detection of local effects at the support, but 
close enough to represent the last probable location of a vertical tie in a multiple-panel STM.  
The gauges were placed near a stirrup since it was observed in previous tests that cracks tended 
to form at the location of stirrups, and strain gauge data was generally more reliable near cracks.  
Two of the six longitudinal bars were instrumented in this fashion.  One set of results is depicted 
in Figure 5.41, although the data was consistent for both sets.  The strain measurements are 
plotted along the length of the specimen at three different levels of applied load for the first test 
on this beam.  At each load level, calculated strain values along the length of the beam are also 
provided.  The calculated strain in the tension tie of a single-panel, strut-and-tie model is 
constant over the entire member.  It is depicted for each load level as a dashed line in Figure 5.41 
and will subsequently be referred to as ε1_STM.  The calculated strain in the reinforcement for a 
Bernoulli beam was also plotted in Figure 5.41 for each load level.  This strain is identical to the 
strain in the tension tie of a single-panel STM at the applied load but varies approximately with 
the moment diagram, reaching zero at the supports.  This strain will subsequently be referred to 
as εBEAM.   
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Figure 5.41: Comparison of measured and calculated strain along the length of specimen with 

a/d of 1.85 

At an applied load of 300-kips (black lines in Figure 5.41), the beam had not diagonally 
cracked.  The measured strain in the reinforcement matched the assumed strain from a Bernoulli 
beam analysis.  This finding matched a previous observation by Moody, Viest, Elstner, and 
Hognestad (1954): 

Until diagonal tension cracks form, the stresses in the tension steel and in the 
concrete are distributed along the length of the beam in the same way as the 
external moments so that these stresses at any section are approximately 
proportional to the moment at that particular section.  The formation of 
diagonal tension cracks changes these relationships.  Such changes are called 
the redistribution of internal stresses.  

At an applied load of 900-kips (well after diagonal cracking), the measured strains close 
to the load point were consistent with the calculated strain according to a single-panel, STM 
analysis.  Further along each shear span, however, the measured strain gradually reduced.  The 
reduction is an indication that a portion of the applied load is being transferred to the support via 
a multiple-panel or sectional shear model.   

A similar distribution of measured strain exists along the member at an applied load of 
1475-kips (ultimate for IV-2175-1.85-02 and at 90% of ultimate for IV-2175-1.85-03).  The 
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measured strain slightly reduces along the length of the shear span suggesting that a portion of 
the load was being transferred to the supports via a sectional shear model.  It is clear that the 
measured strain in the two gauges adjacent to the supports is closer to ε1_STM than εBEAM.  In fact, 
the difference between the measured strain and ε1_STM is approximately 1/3 of the total difference 
between ε1_STM and εBEAM.  This reduction implies that approximately 1/3 of the load is being 
transferred to the support with a sectional shear model.  The results presented in Figure 5.41 
suggest that at an a/d ratio of 1.85, the primary shear transfer mechanism is a single-panel, direct 
strut mechanism.  However, a portion of the load (approximately 1/3) is being transferred via a 
sectional shear model signifying that that the transition from deep beam behavior to sectional 
shear behavior has begun.  If the measured strain along the length of the member was equal to 
the calculated Bernoulli beam strain, it would indicate that the full shear is transferred by a 
multiple-panel or sectional shear model.    

The strain measurements in the longitudinal steel for IV-2175-1.2-02 and IV-2175-2.5-02 
are displayed in Figure 5.42.  As in the other 21”x75” beam, two tests were conducted 
simultaneously.  In this case, the difference between the two tests was the a/d ratio.  The depth of 
the beam was calibrated with the length of the test setup to achieve this arrangement.  Strain 
gauges were applied to the extreme layer of the tension reinforcement at the location of the load 
point and along each shear span.  As before, gauges were placed reasonably close to the supports 
to capture any effect of sectional shear behavior without being influenced by local stress 
conditions at the support.   
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Figure 5.42: Comparison of measured and calculated strain along length of specimen with a/d of 

1.2 and 2.5 

At an applied load of 300-kips, the beam had not yet diagonally-cracked; and the 
measured strain in the longitudinal reinforcement matched εBEAM along the entire length of the 
member.  This observation was consistent with the results of the previous 21”x75” beam.   

After the redistribution of internal stresses due to diagonal cracking, the measured strains 
depart from εBEAM in both shear spans.  At an applied load of 900- and 1,500-kips, a similar 
distribution of the strain in the reinforcement exists along the beam.  At 1,500-kips, the shear 
span with an a/d ratio of 2.5 was at ultimate; whereas the shear span with an a/d ratio of 1.2 was 
at approximately 83% of ultimate.  In the span with an a/d ratio of 1.2, the measured strains are 
very similar to ε1_STM.  This suggests that the shear in the short span was transferred to the 
support solely by a single-panel strut-and-tie model.  On the contrary, in the span with an a/d 
ratio of 2.5, the measured strains are closer to εBEAM than to ε1_STM.  By inspection, the difference 
between the measured strain and ε1_STM is approximately 2/3 of the total difference between 
ε1_STM and εBEAM.  These data suggest that approximately 2/3 of the shear in the long-shear span 
(a/d = 2.5) was transferred to the support via a sectional-shear mechanism.  Approximately 1/3 of 
the shear was transferred to the support by a mechanism consistent with a single-panel STM.  
Thus, from the data in Figure 5.42, it is evident that the dominant shear transfer mechanism has 
transitioned to a sectional shear mechanism at an a/d ratio of 2.5.   
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It is clear from the results in Figure 5.41 and Figure 5.42 that the transition between the 
dominant shear transfer mechanisms near an a/d ratio of 2 is a gradual process.  This finding is 
consistent with the results presented in Figure 5.38 and Figure 5.39 for the 21”x42” specimens.  
It was shown that at an a/d ratio of 1.2, the shear was transferred to the support solely by a 
single-panel, direct-strut mechanism.  At an a/d ratio of 1.85, evidence of the initiation of 
sectional shear behavior was observed; however, the dominant transfer mechanism was still 
consistent with a single-panel STM.  At an a/d ratio of 2.5, the dominant shear transfer 
mechanism was consistent with a sectional shear model; however, a portion of the applied load 
was transferred by a single-panel STM.   

From a design standpoint, the results in this section can be used to determine the most 
appropriate shear design model for a given a/d ratio.  Clearly, for an a/d ratio of 1.2, a single-
panel strut-and-tie model is the most suitable choice.  For an a/d ratio of 1.85, a single-panel 
model is also the most appropriate choice, but to a slightly lesser extent.  It can be argued that 
two overlapping models should be used.  A single-panel STM could be designed to carry 2/3 of 
the applied load, and a two-panel STM or a sectional shear model could be designed to carry 1/3 
of the applied load.  While this approach sounds attractive in theory, it is more difficult than 
using a single-panel STM for the total applied load; and it may be inappropriate.  In the case of 
all three of these models, stresses are concentrated in the nodal regions.  The capacity of the 
nodal regions cannot be double-counted or unchecked because different models are used.  Since 
it is known that at an a/d ratio less than 2, the conditions in the nodal regions often govern the 
behavior, they should be focused on in the design.  Therefore, a single-panel strut-and-tie model 
should be used to design beams with an a/d ratio of 1.85.  It is fairly simple; it appropriately 
accounts for the stress concentrations in the nodal regions due to the total applied load; and it is 
consistent with the dominant shear transfer mechanism.   

For an a/d ratio of 2.5, it was shown that the dominant transfer mechanism is more 
consistent with a sectional shear model than a single-panel STM.  The implications of using a 
single-panel model for a beam with an a/d ratio of 2.5 were discussed in Section 4.6.2.  In that 
section, for the specimens tested as part of the depth effect series (Series IV), the experimental 
strength was compared to the calculated strength with a single-panel strut-and-tie model.  For the 
beams with an a/d ratio of 1.2 and 1.85, there was a consistent level of reserve strength (Vtest / 
Vcalc.) as the section size increased since the failure mode of these specimens reasonably matched 
the assumed behavior in the STM.  For the beams with an a/d ratio of 2.5, however, there was 
not a uniform level of conservatism.  The failure mode of these specimens was more consistent 
with a sectional shear model than a single-panel STM model.  The results are replotted in Figure 
5.43 for quick reference. 
 



243 

0.6

0.8

1

1.2

1.4

1.6

1.8

2

0 20 40 60 80

V
te

st
/ V

ca
lc

._
ST

M

Effective Depth, d (in.)

Flexural 
failure

a/d = 1.2 a/d = 1.85 a/d = 2.5

Current Project
ρv = ρh = 0.2 % 

Unconservative

Conservative

 
Figure 5.43: Experimental strength divided by calculated strength for depth effect specimens  

As illustrated in Figure 5.43, the experimental strength of the specimens tested at an a/d 
ratio of 2.5 was conservatively estimated even though the failure mode of the specimens was 
more consistent with a sectional shear model.  These results illustrate the inherent conservatism 
of the strut-and-tie modeling procedure.  However, the difference in the level of conservatism 
between the beams tested at an a/d ratio of 2.5 and that of the deep beams (a/d < 2) indicates that 
a single-panel STM should be used with caution when the a/d ratio exceeds 2.  It is likely that the 
size of the bearing plates relative to the section size contributed to the decline in the level of 
conservatism as the effective depth decreased for the specimens with an a/d ratio of 2.5.     

It was shown in Section 5.2 that the proposed efficiency factors were developed using the 
evaluation database which consisted of beams with a/d ratios from 0 to 2.5.  A single-panel strut-
and-tie model was used to analyze all of the specimens.  With the proposed efficiency factors 
and the use of non-hydrostatic nodes, conservative and reasonably accurate estimates of strength 
were obtained for the specimens with a range of a/d ratios from 0 to 2.5.  This finding further 
indicates that the inherent conservatism in strut-and-tie modeling can account for some 
differences between the strut-and-tie model and the actual behavior of the member.   

Therefore, it can be concluded that the transition from deep beam behavior to sectional 
shear behavior near an a/d ratio of 2 is a gradual process.  The experimental results indicate that 
for an a/d ratio up to 1.85, the dominant shear transfer mechanism is consistent with a single 
panel strut-and-tie model.  Due to the inherent conservatism in strut-and-tie modeling, it is 
appropriate to extend this finding up to an a/d ratio of 2.  Thus, it is recommended that a single-
panel strut-and-tie model be used to design deep beam regions with a/d ratios from 0 to 2.  At a/d 
ratios above 2, the use of a single-panel strut-and-tie model gradually becomes less appropriate.  
It was shown that up to an a/d ratio of 2.5, a single-panel STM can estimate the experimental 
strength conservatively.  However, the amount of conservatism in the strength estimate was 
greatly reduced with respect to that of the deep beam specimens (a/d < 2).  These findings are 
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consistent with the current division of deep beam behavior (a/d ≤ 2) and sectional shear behavior 
(a/d ≥ 2) present in AASHTO LRFD (2008) and ACI 318-08.   

5.3.3 Reducing Discrepancy between Shear Models at a/d ratio of 2.0 
The discrepancy in the calculated strength of a member loaded near an a/d ratio of 2 

using the STM and the sectional shear provisions in AASHTO LRFD (2008) is the result of a 
fundamental deficiency in the AASHTO LRFD STM provisions.  In this section, it is shown that 
with the use of the proposed STM provisions presented in Section 5.2, the discrepancy in 
calculated strength is largely eliminated.   

As discussed in the previous section (Section 5.3.2), it is known that the strength of deep 
beams decrease as the a/d ratio increases.  This decline is due to the reduction in the 
effectiveness of a direct-strut mechanism as the a/d ratio increases.  An appropriate model to 
design deep beams should account for this reduction.  It was shown in Section 5.2 that as the a/d 
ratio increases, AASHTO LRFD accounts for the decline in strength through the use of a 
variable efficiency factor at the CCT node-strut interface.  With increasing a/d ratio, the 
efficiency factor decreases.  In addition, it was shown that when using non-hydrostatic nodes in a 
single-panel strut-and-tie model, the length of the node-strut interface also decreases.  Therefore, 
when the AASHTO LRFD efficiency factors are used with non-hydrostatic nodes in a single-
panel strut-and-tie model, the reduction in strength as the a/d ratio approaches 2 is accounted for 
twice.  It is likely that the AASHTO efficiency factors were originally derived using hydrostatic 
nodes in which case the length of the node-strut interface increases with increasing a/d ratio.  
However, the use of non-hydrostatic nodes is explicitly recommended in AASHTO LRFD 
(Figure 5.6.3.3.2-1, 2008).  Overly conservative estimates of strength are calculated with the 
AASHTO LRFD STM provisions near an a/d ratio of 2 due to this lack of consistency between 
the nodal geometry and the efficiency factors.  The change in size of hydrostatic and non-
hydrostatic nodes with increasing a/d ratio is illustrated for a simple case in which the back face 
of a CCT node is approximately half the length of the bearing pad in Figure 5.44. 
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Figure 5.44: Difference in node geometry with increasing a/d ratio for single-panel STM 

In the proposed STM provisions presented in Section 5.2, the reduction in shear strength 
with increasing a/d ratio is accounted for solely with the reduction in the length of the node-strut 
interfaces.  None of the proposed efficiency factors vary with the a/d ratio.  Thus, the reduction 
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in strength with increasing a/d ratio is obtained in the proposed STM provisions by applying a 
constant efficiency factor (in terms of the a/d ratio) on a smaller length of the node-strut interface 
(Figure 5.44). 

A comparison between the strength estimates for the beams in the evaluation database 
calculated using the AASHTO LRFD STM provisions and the proposed STM provisions are 
depicted in Figure 5.45.  For the 179 beams in the evaluation database, the experimental strength 
was divided by the calculated strength using a single-panel STM, non-hydrostatic nodes, and 
both the proposed efficiency factors and those in AASHTO LRFD (2008).  The results are 
plotted versus the a/d ratio to illustrate how increasing the a/d ratio affects the use of each set of 
provisions. 
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Figure 5.45: Level of conservatism in STM provisions with increasing a/d ratio 

In Figure 5.45, at an a/d ratio ≤ 1, the difference in the results from the proposed STM 
provisions and those in AASHTO LRFD is negligible.  In both procedures, a fairly uniform level 
of conservatism exists.  However, at a/d ratios approaching and exceeding 2, the difference in the 
results is substantial.  Whereas a reasonably consistent amount of inherent conservatism (Vtest / 
Vcalc.) exists with the use of the proposed STM provisions, overly conservative estimates of 
capacity are calculated with the AASHTO STM provisions for a/d ratios ranging from 1 to 2.5.  
For instance, the capacity of a specimen at an a/d ratio of 2 is conservatively calculated with the 
AASHTO STM provisions by a factor of 4.  The experimental capacity divided by the calculated 
capacity according to the proposed STM provisions for the same beam is less than 2.  Several 
examples such as these are illustrated in Figure 5.45.  The consistent level of inherent 
conservatism provided by the proposed STM provisions indicate that the primary variables that 
affect the strength of deep beams are appropriately accounted for.  In general, the experimental 
strength was approximately 1.5 times the strength calculated using the proposed provisions, 
which is appropriate for the scatter in deep beam shear strength.  At an a/d ratio near 2, the 
behavior of the specimens in the database is more accurately captured with the use of the 
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proposed STM provisions than with those in AASHTO LRFD (2008).  The unnecessary amount 
of conservatism that results with the use of the AASHTO LRFD (2008) STM provisions was the 
primary factor contributing to the large discrepancy in calculated shear capacity at the transition 
between deep beam and sectional shear behavior at an a/d ratio of 2.   

To evaluate the difference in calculated shear strength between the proposed STM 
provisions and the sectional shear provisions in AASHTO LRFD (2008), the sectional shear 
provisions need to be presented.   When “it is reasonable to assume that plane sections remain 
plane” (a/d > 2), the shear capacity of a member can be determined as the summation of a 
concrete component, Vc, and a stirrup component, Vs (AASHTO LRFD, 2008).  This model is 
based on the free-body diagram presented as Figure 5.46.  The shear at the diagonal tension 
crack is resisted by the stirrups crossing the diagonal crack and three different mechanisms of 
shear transfer that is lumped into the concrete contribution Vc.  These mechanisms include the 
shear resistance of the concrete in the compression zone, aggregate interlock across the diagonal 
crack, and dowel action from the longitudinal reinforcement.  It is important to note that this 
sectional shear model differs from a multiple-panel STM in that no contribution from the 
concrete is recognized in the latter.   
 

Vcz

Vagg

Vdowel

Vtotal

T

C

Vs1

Vs2 Vs3

Vtotal = total shear on the member
Vdowel = shear resistance due to dowel action, contributes to Vc
Vagg = shear resistance due to aggregate interlock, contributes to Vc
Vcz = shear resistance of concrete in compression zone, contributes to Vc
Vs1-3 = shear resistance provided by the stirrups, contributes to Vs
C = compression force due to flexure
T = tension force due to flexure
dv = effective shear depth, distance from C to T

dv

 
Figure 5.46: Free-body diagram used as basis for sectional shear model 

The sectional shear provisions in AASHTO LRFD (2008) are presented as the following: 
The nominal shear resistance, Vn, shall be determined as the lesser of: 
 

pscn VVVV ++=
 

(5.16) 

pvvcn VdbfV +′= 25.0
 

(5.17)
  in which:  

vvcc dbfV ′= β0316.0
 

(5.18)
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s
dfA

V vyv
s

θcot
=

 (oriented 90-degrees with longitudinal axis)  
(5.19)

  
 
where f ′c  = compressive strength of concrete (ksi) 
  bv  = effective web width within dv (in.) 

  dv  = effective shear depth, taken as the distance between the resultants of the 
tensile and compressive forces due to flexure (in.) 

  Vp = component of the prestressing force in direction of applied shear (kips) 
  β = factor indicating the ability of diagonally-cracked concrete to transmit 

tension and shear, assumed equal to 2 per article 5.8.3.4.1 
  Av  = area of shear reinforcement within distance s (in.2) 
  fy = yield strength of shear reinforcement (ksi) 
  θ = angle of inclination of diagonal compressive stresses, assumed equal to 45 

degrees per article 5.8.3.4.1 
 s  = spacing of stirrups (in.) 

 
For comparison purposes, the equations for Vc and Vs in ACI 318-08 are presented as 

well: 
 The nominal shear resistance, Vn, shall be determined as the lesser of: 

scn VVV +=
 

(5.20) 

dbfVV wccn ′+= 8
 

(5.21)
  in which:  

dbfV wcc ′= λ2
 

(5.22)
  

s
dfA

V ytv
s =

 
(5.23)

  
 
where f ′c  = compressive strength of concrete (psi) 
  bw  = effective web width within dv (in.) 

  d  = effective depth, taken as the distance from extreme compression fiber to 
centroid of longitudinal tension reinforcement (in.) 

  λ = modification factor for lightweight concrete   
  Av  = area of shear reinforcement within distance s (in.2) 
  fyt = yield strength of shear reinforcement (ksi) 
 s  = spacing of stirrups (in.) 
   

The sectional shear provisions in AASHTO LRFD (2008) and ACI 318-08 are similar 
provided that the simplified procedure for nonprestressed sections (Article 5.8.3.4.1) is used.  In 
the simplified procedure, a β of 2.0 and a θ of 45-degrees are allowed if the member has a 
minimum amount of transverse reinforcement according to Equation 5.24.   

y

v
cv f

sb
fA ′≥ 0316.0

 
(5.24)

  
As in Figure 5.45, the experimental strength of the beams in the database can be 

compared to the calculated shear strength using the AASHTO LRFD (2008) and the ACI 318-08 
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sectional shear provisions.  The experimental strength for each specimen is divided by the 
calculated strength and plotted versus the a/d ratio in Figure 5.47.  It is clear from the results in 
Figure 5.47 and from the derivation of the sectional shear provisions that using Vc + Vs for 
beams with a/d ratios smaller than 2 is unacceptable.  The model is completely inconsistent with 
the shear transfer mechanism.  At a/d ratios between 2 and 2.5, however, there is a reasonable 
level of conservatism (Vtest / (Vc + Vs) using both the AASHTO LRFD and the ACI 318 
sectional shear provisions.  It is interesting to note that the sectional shear provisions in ACI 318-
08 estimate consistently higher shear capacity than those in AASHTO LRFD for the full-range of 
a/d ratios.  Since the approximate procedure was used for the AASHTO LRFD provisions, the 
only difference between them and ACI 318 is the distance used for the effective depth of the 
section.  In AASHTO LRFD, the depth is taken as the distance between the resultant of the 
compressive and tensile forces from a flexural analysis.  In ACI 318-08, the depth is taken as the 
distance between the extreme compression fiber and the centroid of the longitudinal 
reinforcement.  Thus, the depth used in the AASHTO LRFD equations is always less than that 
used in the ACI equations, which results in slightly more conservative estimates using AASHTO 
LRFD (2008).   
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Figure 5.47: Level of conservatism in sectional shear provisions with increasing a/d ratio 

From the results in Figure 5.47 and from the experimental program presented in Section 
5.3.2, it is evident that only the beams with a/d ratios between 2 and 2.5 should be used to 
evaluate sectional shear provisions.  There are 25 beams in the evaluation database that meet this 
criterion.  Using the data from these specimens, the level of conservatism consistent with the 
sectional shear provisions in AASHTO LRFD (2008) and ACI 318-08 can be determined.  This 
amount of conservatism can be compared to the amount of conservatism when using the 
proposed STM provisions for beams with a/d ratios between 0 and 2.  In this way, the 
discrepancy, if any, in the amount of inherent conservatism (Vtest / Vcalc.) between the proposed 
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STM provisions and the sectional shear provisions in AASHTO LFRD and ACI 318 can be 
assessed.  The experimental shear strength of the 25 beams in the evaluation database tested at 
a/d ratios between 2 and 2.5 are divided by the shear strength calculated with the sectional shear 
provisions in AASHTO LRFD and ACI 318 in Figure 5.48.  The results are plotted versus the 
ratio of Vs/Vc to determine if this variable has any effect on the conservatism of the sectional 
shear provisions. 
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Figure 5.48: Level of conservatism in sectional shear provisions for a/d ratios between 2 and 2.5 

The results in Figure 5.48 indicate that the sectional shear provisions in AASHTO LRFD 
conservatively estimate the strength of beams with an a/d ratio between 2 and 2.5 for a wide 
range of Vs/Vc ratios.  While there is a downward trend in the red data in Figure 5.48, the lower 
bound indicates a fairly consistent level of inherent conservatism.  The level of conservatism in 
Figure 5.48 for the AASHTO LRFD sectional shear provisions can be compared to the level of 
conservatism for the proposed STM provisions at an a/d ratio near 2.  From the data presented in 
Figure 5.45 at an a/d ratio of 2, the experimental shear strength was on average approximately 
1.5 times the strength calculated with the proposed STM provisions.  This level of conservatism 
is reasonably consistent with the estimates from the AASHTO LRFD sectional shear provisions 
displayed in Figure 5.48, especially at Vs/Vc ratios between 2 and 4.  Therefore, at an a/d ratio 
near 2, the proposed STM provisions and the AASHTO LRFD sectional shear provisions provide 
reasonably consistent levels of conservatism.  In other words, there is not an inappropriate 
amount of discrepancy between the shear strength calculated using these two different shear 
models at an a/d ratio of 2.   

The results in Figure 5.48 in which the ACI sectional shear provisions were used to 
estimate shear strength (green data points) show a downward trend with the Vs/Vc ratio.  When 
the Vs/Vc ratio is less than 2, a comparable level of conservatism exists between the ACI 
sectional shear provisions and the proposed STM provisions (~1.5).  At higher ratios of Vs/Vc, 
the level of conservatism when using the ACI sectional shear provisions decreases for beams 
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with an a/d ratio between 2 and 2.5.  This data suggests that at an a/d ratio near 2, the stirrup 
contribution to the total shear capacity of the member should be limited since the member is 
transitioning from deep beam behavior to sectional shear behavior.  It may not be prudent to rely 
on a large amount of shear capacity from stirrups at a/d ratios near 2. 

It should be noted that the current study did not explicitly address the suitability of the 
sectional shear provisions in AASHTO LRFD or ACI 318-08.  The sectional shear provisions in 
each specification were used to determine the appropriate level of conservatism that the proposed 
STM provisions should target at an a/d ratio near 2.  The results in Figure 5.48 indicate that the 
AASHTO sectional shear provisions, namely the use of an effective shear depth, may capture the 
behavior of beams at an a/d ratio between 2 and 2.5 better than the ACI sectional shear 
provisions.  However, more research is needed in this area to reach a firm conclusion.   

The results in Figure 5.45 and Figure 5.48 show that in terms of inherent conservatism 
(Vtest / Vcalc.), there is a relatively smooth transition between the proposed Project 5253 STM 
provisions and the AASHTO LRFD (2008) sectional shear provisions.  The transition is not as 
smooth when the ACI 318-08 sectional shear provisions are used especially at high Vs/Vc ratios.  
The transition between design models can also be addressed strictly from a design perspective.  
That is, the design strength calculated with STM and sectional shear provisions can be compared 
for the beams in the database as shown in Figure 5.49. 
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Figure 5.49: Comparison of calculated capacity: Project 5253 STM vs. sectional shear 

In Figure 5.49, the Project 5253 STM calculated capacity is divided by the sectional shear 
capacity calculated according to AASHTO LRFD (2008) and ACI 318-08 for the 25 beams in 
the evaluation database with an a/d ratio between 2 and 2.5.  The data are plotted versus the 
Vs/Vc ratio.  The data indicate that with increasing Vs/Vc ratio, the calculated sectional shear 
capacity becomes larger than the calculated Project 5253 STM capacity.  This finding is 
expected since the sectional shear provisions are a function of the stirrup contribution (Vs) 
whereas the Project 5253 STM capacity is a function of a single-panel strut-and-tie model.  In 
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both cases, the Project 5253 STM capacity is closest to the sectional shear capacity at a Vs/Vc 
ratio near 2, albeit with a considerable amount of scatter.  Thus, from a design perspective, 
limiting the ratio of Vs/Vc to a value near 2 is recommended to reduce the discrepancy between 
shear strength calculated with STM and sectional shear provisions near an a/d ratio of 2.   

5.3.4 Design Implications 
The results in this section indicate that a single-panel STM should be used with the 

proposed STM provisions for members with an a/d ratio less than 2.  A single-panel model is 
consistent with the dominant shear transfer mechanism and is easy to apply.  Multiple panel 
strut-and-tie models are not recommended for beams with a/d ratios less than 2.  They are 
inconsistent with the dominant shear transfer mechanism and are often governed by the vertical 
tie force since this force is equal to the externally applied shear (Section 4.3.4).  Combinations of 
single- and two-panel models can be applied to deep beams (a/d < 2), but the stress conditions in 
the nodal regions due to the total applied force must be accounted for.  At a/d ratios greater than 
2, multiple-panel STMs are consistent with the behavior of the member but do not account for 
the contribution of concrete.  In addition, the required tie reinforcement may be unnecessarily 
large if the diagonal struts are steeper than 45-degrees with respect to the horizontal.  Therefore, 
it is recommended that a sectional shear model is used for members with a/d ratios greater than 
2. 

With the use of the proposed Project 5253 STM provisions, a relatively smooth transition 
exists between deep beam and sectional shear capacity at an a/d ratio of 2.  A similar level of 
inherent conservatism (Vtest / Vcalc.) of approximately 1.5 exists on average when shear strength 
is calculated with the proposed STM provisions and the sectional shear provisions in AASHTO 
LRFD (2008) and ACI 318-08.  In addition, similar design capacities are calculated with these 
provisions when the Vs/Vc ratio in the sectional shear provisions is close to 2.  The improved 
transition between sectional shear capacity and deep beam shear capacity with the use of the 
Project 5253 STM provisions is illustrated qualitatively in Figure 5.50.  Some discrepancy in the 
strength calculated between the Project 5253 STM provisions and the sectional shear provisions 
in AASHTO LRFD (2008) should be expected; however, the discrepancy is drastically reduced 
relative to when the STM provisions in AASHTO LRFD (2008) are used to calculate deep beam 
shear strength.  It is important to note that the proposed STM provisions were not developed 
solely to reduce this discrepancy.  The improved transition between deep beam and sectional 
shear strength is the result of the careful calibration of the proposed STM provisions with data 
from the evaluation database, from the experimental program, and from existing STM 
specifications (Section 5.2).    
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Figure 5.50: Reduction in discrepancy in shear capacity at a/d ratio of 2 with the proposed STM 

provisions 

The transition between deep beam shear capacity and sectional shear capacity is 
discussed further in the design example presented in Appendix B.  

5.3.5 Summary and Conclusions 
The a/d ratio has a significant effect on the shear behavior of reinforced concrete beams.  

As the a/d ratio increases from 0, the shear strength of a member gradually declines due to the 
reduction in the effectiveness of a direct-strut mechanism.  It was shown with results from the 
experimental program that the transition from deep beam behavior to sectional shear behavior 
was gradual.  However, up to an a/d ratio of 1.85, the dominant shear transfer mechanism was 
consistent with a single-panel strut-and-tie model.  Based on these results, it was concluded that 
a single-panel strut-and-tie model should be used to design regions of reinforced concrete 
members with a/d ratios less than 2.  At a/d ratios greater than 2, the dominant shear transfer 
mechanism transitions to a sectional-shear mechanism.  While it was shown that a single-panel 
strut-and-tie model can provide a conservative estimate of strength for beams with a/d ratios up 
to 2.5, the behavior of the member is generally not consistent with the assumed behavior in the 
STM.  Therefore, for a/d ratios greater than 2, a sectional shear model should be used.   

At a/d ratios approaching 2, overly conservative estimates of strength were calculated for 
the beams in the evaluation database using the AASHTO LRFD (2008) STM provisions.  The 
excessive amount of conservatism was due to the inconsistency of the efficiency factor at the 
CCT node-strut interface with the geometry of non-hydrostatic nodes.  Due to this excessive 
conservatism, a large discrepancy in calculated shear strength between the STM provisions and 
the sectional shear provisions in AASHTO LRFD (2008) exist at an a/d ratio of 2.  With the use 
of the STM provisions proposed in Section 5.2 and a limit on the Vs/Vc ratio of 2, the 
discrepancy in calculated shear strength is largely eliminated.   
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5.4 Diagonal Cracking under Service Loads 
The objective of this task was to assess the feasibility of limiting diagonal cracking under 

service loads.  It was determined that the most appropriate approach to limit diagonal cracking 
was to perform a separate design check comparing service level shear to an estimate for the 
diagonal cracking load.  Data from the literature and the experimental program were used to 
develop an empirical equation that provides a conservative estimate for the diagonal cracking 
load of deep beams.  

5.4.1 Background 
It may not be possible to completely eliminate the presence of diagonal cracking of bent 

caps under service loads due to a variety of inconsistencies between design assumptions and field 
conditions such as overloads, restrained shrinkage, temperature changes, etc.  However, there are 
a few design considerations that can be made to restrict the width of diagonal cracks to an 
acceptable level or to mitigate the chance of the formation of diagonal cracks.  In Section 4.5.3, 
the beneficial effect of web reinforcement on the width of diagonal cracks was discussed.  It was 
shown that with minimum web reinforcement of 0.3% in each direction, the width of diagonal 
cracks was limited to acceptable values at first cracking and up to typical service loads.  
Providing additional reinforcement can further restrict the width of diagonal cracks to some 
degree.  In this section, the task of reducing the risk of diagonal cracking under service loads is 
explicitly addressed.   

Two types of diagonal cracks are recognized in reinforced concrete beams: flexure-shear 
cracks and web-shear cracks (MacGregor and Wight, 2005).  Flexure-shear cracks form after or 
concurrently with flexural cracks.  They extend from the tip of the flexural crack towards the 
origin of load.  Web-shear cracks occur independently of flexural cracking.  They form when the 
principal tension stress in the web of the member exceeds the tensile strength of concrete.  In 
deep beams, web-shear cracks are also referred to as bursting or splitting cracks.  Specifically, 
they are caused by transverse tensile stresses that exist due to the spreading of compressive 
stresses in bottle-shaped struts.  It is apparent that the spreading of compressive stresses in deep 
beams contributes to the width of flexure-shear cracks as well.  Both of these cracks are depicted 
in Figure 5.51. 
 

Web‐shear or 
Splitting crack

Flexure – shear crack

Flexural crack
 

Figure 5.51: Types of cracks in reinforced concrete deep beams 
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With regard to this task, no distinction was made between flexure-shear or web shear 
cracks when evaluating the diagonal cracking load of the test specimens.  Both were treated 
simply as inclined cracks.  However, as noted in Section 4.2.2, the first diagonal crack to appear 
in the test specimens was generally a flexure-shear crack.  The load at which it formed was 
determined through visual observation and with the help of electrical strain gauges attached to 
the web reinforcement.  For example, the appearances of the test regions of several specimens 
after first diagonal cracking are included in Figure 5.52.  It is clear that the inclined cracks in 
these pictures are flexure-shear cracks.  Also, note that the applied shear at the time the picture 
was taken is slightly greater than the cracking shear determined with the strain gauge data 
attached to the web reinforcement. 

 

II-03-CCC2021
Vapp = 147 kips
Vcr = 139 kips

 
(a) II-03-CCC2021 

III-1.85-03b
Vapp = 133 kips
Vcr = 114 kips

 
(b) III-1.85-03b 

III-1.2-02
Vapp = 192 kips
Vcr = 165 kips

 
(c) III-1.2-02 

III-2.5-02
Vapp = 118 kips
Vcr = 105 kips

 
(d) III-2.5-02 

Figure 5.52: First pictures taken after the formation of first diagonal crack in several tests 

5.4.2 Approach 
Two approaches were considered to limit diagonal cracking under service loads.  The 

first approach was associated with a single-panel strut-and-tie model.  To limit diagonal 
cracking, the force generated in the bottle-shaped strut due to service loads would be limited to a 
specified percentage of the unfactored strut capacity.  In effect, this strategy consisted of 
performing a separate service-load strut-and-tie analysis in which a reduced efficiency factor at 
the node-strut interface (consistent with the diagonal cracking strength of the strut) would be 
compared to the stress in the strut due to unfactored service loads.  The advantage of this 
approach was that it could be integrated fairly easily with the ultimate-strength strut-and-tie 
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analysis since the same model would be used.  The differences would be the applied loads and 
the efficiency factor at the node-strut interface.   

However, it was determined that this approach was flawed.  The basic theory behind 
strut-and-tie modeling is that it is a lower-bound plasticity-based approach.  It is intended to be 
used in design to provide a safe estimate for ultimate strength.  It is not intended to accurately 
estimate service level stresses or to limit diagonal cracking.  In fact, cracking is expected to 
occur for the member to reach the ultimate capacity estimated by a strut-and-tie analysis.  
Therefore, it was inappropriate to use a STM-based approach to limit diagonal cracking under 
service loads. 

The second approach considered for this task consisted of a separate, service load check.  
The service level shear would be compared to an estimate for the diagonal cracking load of the 
member.  This check would be done separately from the ultimate strength analysis.  It was more 
theoretically justified than the first approach and was still very simple.  To use this approach, an 
estimate of the diagonal cracking load of deep beams was required.  In this task, a 
recommendation is given to estimate the diagonal cracking load of deep beams based on data 
from the experimental program and the literature.      

5.4.3 Results 
One approach to estimating the diagonal cracking load of a deep beam is to perform an 

elastic analysis.  However, due to the proximity of the load to the support, there is a complicated 
state of stress in the member (Figure 5.53).  Plane sections do not remain plane and general 
flexural theory assumptions do not apply.  To address this difficulty, a finite element analysis 
(FEA) can be performed to determine the location and magnitude of the principal tension stress 
in the member.  This procedure is plausible for cases in which the maximum principal stress is in 
the web of the member indicating that the first crack should be a web-shear crack.  However, in 
cases where the maximum principal stress is at the extreme tension fiber of the member, the 
beam is expected to develop flexural cracks first.  After which, shear cracks will extend from the 
end of the flexural cracks (flexure-shear cracks).  In this case, the elastic analysis needs to be 
modified to account for the redistribution of stresses after flexural cracking (MacGregor and 
Wight, 2005).  In the past, researchers have addressed the difficulty associated with an elastic 
analysis of a deep beam by estimating the diagonal cracking load with empirical models.  This 
approach was taken in this project as well.   
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Figure 5.53: Stress trajectories in B-regions (Bernoulli) and in D-regions (discontinuity) 
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Variables that affect diagonal cracking loads of deep beams 

In 1962, a landmark paper was published entitled “Shear and Diagonal Tension” by ACI-
ASCE Committee 326.  In this paper, the development of a semi-empirical equation for the 
diagonal tension cracking load of reinforced concrete beams was discussed.  The equation was 
based off a principal stress analysis and was calibrated with test data from several research 
studies (ACI-ASCE Committee 326, 1962).  The equation is presented as Equation 5.25. 
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(5.25)

  
 
with  f ′c = compressive strength of concrete (psi) 
 ρl = longitudinal reinforcement ratio (As / bwd) 
 V = shear at critical section (kips) 
 M = moment at critical section (in-kips) 
 bw = web width of the member (in.) 
 d = effective depth of the member (in.) 
 
The equation incorporated all of the major variables that affected the diagonal cracking 

load of reinforced concrete beams known at the time, namely (1) the section size (bwd), (2) the 
tensile strength of concrete ( 'f c ), (3) the longitudinal reinforcement ratio (ρl),  and  (4) the 
ratio of moment to shear at the critical section (M/V).  The equation could be applied to 
reinforced concrete beams with any a/d ratio as long as the critical section was appropriately 
defined.  It was determined that for deep beams (a/d ≤ 2), the critical section is located at the 
middle of the shear span (a/2).  This critical section produces an M/V ratio for simple beams with 
single or double concentrated loads of a/2.  For beams with an a/d > 2, the critical section is 
located at a distance d from the maximum applied moment.  In this case the M/V ratio is equal to 
a minus d.  Thus, the equation was intended to be used for beams with any a/d ratio and was 
calibrated as such.  

In ACI 318-08, Equation 5.25 is listed as Equation 11-5.  In the commentary (R11.2.2.1), 
it is stated that the variables accounted for in Equation 5.25 are still considered the primary 
variables that affect diagonal cracking loads.  However, some research has shown that Equation 
5.25 does not appropriately weigh each of the variables.  In addition, it is suggested that the 
overall depth of the member may influence the diagonal cracking strength as well (ACI 318-08). 

In the current task, the effects of the aforementioned variables (bwd, 'f c , a/d, ρl, d) on 
the diagonal cracking load of deep beams were assessed with data from the experimental 
program and the literature through the use of the evaluation database.  The purpose was to 
validate that these variables do affect the diagonal cracking loads of deep beams.  Ultimately, 
this information was used to recommend an equation to estimate diagonal cracking loads for the 
purpose of limiting diagonal cracking in service.   

The evaluation database consists of 179 specimens from the literature and the 
experimental program (Section 2.5.2).  The diagonal cracking loads from more than half of the 
specimens from the literature were not reported.  In addition, as noted in Section 3.6, only the 
cracking load of the first test of each 42”-, 44”-, and 48”-deep specimen was available due to the 
testing procedure.  As a result, the diagonal cracking loads of 59 specimens existed in the 
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evaluation database.  The diagonal cracking loads for all of the test specimens are listed in Table 
4.1.  

The effect of section size on the diagonal cracking load of the specimens in the 
evaluation database is shown in Figure 5.54.  As expected, as the shear area (bwd) of the 
specimen increases, the diagonal cracking load increases.  Prior to diagonal cracking, the 
member primarily behaves elastically. The entire section contributes to the diagonal cracking 
strength.  It is important to note that this finding is not necessarily consistent with the ultimate 
strength of deep beams as shown in Section 4.6.2. 
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Figure 5.54: Effect of shear area on the diagonal cracking load of beams in evaluation database 

The diagonal cracking loads of two specimens from the literature were circled in Figure 
5.54 because longitudinal bars were cut off within the shear span (Uribe and Alcocer, 2001).  To 
ensure that the specimens would fail in shear, additional longitudinal reinforcement at midspan 
was provided; but the reinforcement was terminated at two locations within the shear span.  It is 
likely that the stress concentration that existed at the cutoff locations affected the first cracking 
load.  These specimens were included in the evaluation database to illustrate the effect of bar 
cutoffs on the load at first diagonal cracking and because a similar situation could arise in 
practice. 

It is clear from Figure 5.54 that within each group of data of the same section size there is 
a considerable amount of scatter.  The scatter is a result of the other variables that contribute to 
the diagonal cracking load of deep beams.  The effect of these variables ( 'f c , a/d, ρl, d) were 
assessed with the evaluation database as well.  To isolate the effect of the tensile strength of 
concrete, the diagonal cracking load was normalized by the shear area and plotted versus 'f c  
in Figure 5.55.   
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Figure 5.55: Effect of tensile strength on diagonal cracking load of deep beams in database 

Since it is widely accepted that the tensile strength of concrete is a function of 'f c  
(with considerable scatter), it is appropriate to evaluate the effect of the tensile strength of 
concrete on the diagonal cracking load by plotting it versus the square root of the compressive 
strength.  The results in Figure 5.55 indicate that the diagonal cracking load is a function of the 
square root of the compressive strength of concrete, although the trend is relatively weak.  It is 
expected that the diagonal cracking load would increase with increasing tensile strength since a 
crack forms when the principal tension stress exceeds the tensile strength of concrete.  However, 
as before there is a substantial amount of scatter in Figure 5.55 for specimens with identical 
values of 'f c .  This scatter is the result of the contributions of other variables to the diagonal 
cracking load and of the inherent scatter associated with the tensile strength of concrete in 
general.   

In the literature and throughout this report, diagonal cracking loads are normalized by the 
shear area and the square root of the compressive strength of concrete.  It is accepted that both of 
these parameters are primary variables affecting the diagonal cracking load.  The results 
presented in Figure 5.54 and Figure 5.55 support this practice, albeit with significant amounts of 
scatter. 

The effect of the shear-span-to-depth (a/d) ratio on the load at first diagonal cracking is 
illustrated in Figure 5.56.  With increasing a/d ratio, the normalized diagonal cracking load 
decreases for the most part.  This trend is associated with the change in the principle tensile 
stress distribution that occurs as the a/d ratio changes.  At low a/d ratios, a complicated state of 
stress exists due to the proximity of the applied load to the support.  As the a/d ratio approaches 
and exceeds 2, the state of stress near midheight of the member is not affected by local support 
or loading conditions.  The state of stress is consistent with flexural theory assumptions.  As a 
result, as the a/d ratio approaches 2 in Figure 5.56, the diagonal cracking loads approach the 
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diagonal cracking strength of slender beams, 2 'f c bwd.  For slender beams without transverse 

reinforcement, the diagonal cracking load of 2 'f c bwd is equivalent to the ultimate strength.  It 
is important to note that the trend of decreasing diagonal cracking loads with increasing a/d ratio 
was observed previously by numerous researchers for deep beams (Smith and Vantsiotis, 1982, 
Tan et al., 1995, Tan and Lu, 1999, Shin et al., 1999, and Oh and Shin, 2001).   
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Figure 5.56: Effect of a/d ratio on diagonal cracking load of deep beams in database 

The effect of the longitudinal reinforcement ratio, ρl, on the diagonal cracking load of the 
deep beams in the evaluation database is depicted in Figure 5.57.  The results do not indicate a 
clear trend.  It is likely that the lack of a significant number of specimens outside of the range of 
1.5% to 2.5% reinforcement contributes to the lack of a trend.  It is possible to isolate the effect 
of the longitudinal reinforcement ratio on the cracking load by only plotting data from similar 
specimens tested at similar a/d ratios.  This approach was taken in Figure 5.58. 
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Figure 5.57: Effect of longitudinal reinforcement ratio on diagonal cracking load of beams in 

the database 
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Figure 5.58: Effect of longitudinal reinforcement ratio on diagonal cracking load of beams with 

the same a/d ratio 

The data in Figure 5.58 is from specimens tested in the experimental program and from 
one specimen tested by Deschenes (2009).  All of the tests were conducted at an a/d ratio of 1.85.  
The 21-inch wide specimens in the experimental program had a longitudinal reinforcement ratio 
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of 2.3%; the 36”x48” specimens had a longitudinal reinforcement ratio of 2.9%.  The specimen 
tested by Deschenes had a 21”x42” cross-section and a longitudinal reinforcement ratio of 3.1%.  
Since all of the specimens in Figure 5.58 were tested at the same a/d ratio and were similar in 
size, the effect of the longitudinal reinforcement ratio on the diagonal cracking load can be 
isolated from other contributing variables.  The results indicate that the normalized diagonal 
cracking load increases with increasing longitudinal reinforcement ratio to some degree.  This 
finding is in agreement with the results of several research studies (Moody et al., 1954, Morrow 
and Viest, 1957, de Paiva and Siess, 1965), most of which were used in the development of 
Equation 5.25.  The results in Figure 5.58 are justified since the first diagonal crack is generally a 
flexure-shear crack.  At the tip of the flexural crack, the amount of longitudinal reinforcement 
reduces the principal tension stress thereby delaying the load at which the flexural crack turns 
into a diagonal crack.   

The effect of depth on the diagonal cracking load of the beams in the evaluation database 
is shown in Figure 5.59.  The results indicate that the diagonal cracking load of deep beams 
decreased with increasing depth, on average.  However, it is clear that the scarcity of data for 
beams with effective depths greater than 40-inches likely contributed to this average reduction.  
From a lower bound perspective, the decrease in cracking load with increasing depth is small.  
As before, the effect of depth on the diagonal cracking load of deep beams can be isolated by 
plotting the data from specimens with different depths, but identical a/d ratios and beam 
parameters.  The diagonal cracking loads of the beams tested in the experimental program are 
provided in Figure 5.60.  
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Figure 5.59: Effect of depth on the diagonal cracking load of beams in the evaluation database 
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Figure 5.60: Effect of depth on the diagonal cracking load of deep beams in testing program 

All of the data in Figure 5.60 is from the current experimental program.  The normalized 
diagonal cracking loads of the specimens tested at an a/d ratio of 1.2 decreased with increasing 
depth.  At a/d ratios of 1.85 and 2.5, little to no depth effect was apparent.  As noted previously 
in Section 4.5.3, the reduction in diagonal cracking load for specimens with an a/d ratio of 1.2 
may be due to a Weibell statistical effect.  Conflicting results on this issue exist in the literature.  
Similar results to that in Figure 5.60 were presented by Tan and Lu (1999) for specimens tested 
at a/d ratios of 0.56 and 1.13, but not for specimens tested at an an a/d ratio 0.84.  Conversely, in 
experimental studies by Walraven and Lehwalter (1994) and Zhang and Tan (2007), both 
researchers concluded that the diagonal cracking load of deep beams is not affected by size.  The 
specimens in these studies were tested at an a/d ratio of approximately 1.  As a result, it is 
possible that the effective depth of a deep beam contributes to the diagonal cracking load to some 
extent, but the effect is likely small and erratic, especially as the a/d ratio approaches and 
exceeds 2. 

The effect of the quantity of web reinforcement on the diagonal cracking load of deep 
beams was also evaluated in the experimental program and with the evaluation database.  In 
Section 4.5.3, it was shown that the diagonal cracking loads of deep beams were not appreciably 
affected by the quantity of web reinforcement, either in the horizontal or the vertical direction 
(Figure 4.57 and Figure 4.58).  This finding is plausible since the web reinforcement should not 
affect the performance of the beam until diagonal cracks form.  The results from the specimens 
in the experimental program in which web reinforcement was the primary variable are illustrated 
in Figure 5.61. 
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Figure 5.61: Effect of web reinforcement on the diagonal cracking load of similarly sized deep 

beams 

In summary, based on the results presented in this section, it is apparent that a 
considerable amount of scatter exists in diagonal cracking loads of deep beams.  One reason for 
the scatter is the number of variables that affect the load at first cracking.  It was shown that the 
primary variables affecting the diagonal cracking load of deep beams are the section size (bwd), 
the tensile strength of the concrete ( 'f c ), and the a/d ratio.  The longitudinal reinforcement 
ratio may contribute to the diagonal cracking load to some degree, although there was only a 
minimal amount of data available to evaluate this variable.  Based on the results in Figure 5.59, 
Figure 5.60, and from the literature, it was shown that the effect of section depth on the diagonal 
cracking load is likely small and erratic.  Lastly, the load at first diagonal cracking was not 
noticeably affected by the quantity of web reinforcement. 

Estimating Diagonal Cracking Loads  

For this task, an estimate for the diagonal cracking load of deep beams was required.  
Previous researchers have proposed empirical equations aimed at estimating the diagonal 
cracking load of reinforced concrete beams.  In general, the equations have accounted for the 
primary variables that affect diagonal cracking with the exception of the effective depth.  In this 
section, a few equations from the literature are evaluated with the data in the evaluation database. 

The first equation to be evaluated is ACI-318-08 Equation 11-5, presented previously as 
Equation 5.25.  This equation was developed in the early 1960s and accounts for the following 
variables: bwd, 'f c , a/d, and ρl.  For each specimen in the database, the estimated cracking load 
according to Equation 5.25 was computed.  For beams with an a/d ≤ 2, the critical section was 
taken as the halfway point on the shear span producing an M/V ratio equal to a/2.  For beams 
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with an a/d > 2, the critical section was taken as d away from the location of maximum moment 
which slightly affected the M/V ratio for these specimens.  The experimental diagonal cracking 
loads were divided by the estimated diagonal cracking loads.  The results were plotted in Figure 
5.62 versus the a/d ratio. 
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Figure 5.62: Comparison of measured and estimated diagonal cracking loads – ACI Eq. 11-5 

In Figure 5.62, a value of 1.0 represents a cracking load estimate that is equal to the 
measured cracking load.  Values below 1 represent unconservative estimates; values above 1 
represent conservative estimates.  It is clear from Figure 5.62 that a trend exists with a/d ratio.  
As the a/d ratio increases, the estimated diagonal cracking load is less conservative.  This trend 
implies that Equation 5.25 underestimates the effect of the a/d ratio on the diagonal cracking load 
of deep beams.  Another observation from Figure 5.62 is the large amount of scatter.  On 
average, the diagonal cracking loads are computed conservatively (Avg. = 1.17), but with a very 
high standard deviation (SD = 0.43).  The high standard deviation is a reflection of the 
inaccuracy of Equation 5.25 and the inherent scatter in the diagonal cracking loads themselves.   

In 1968, an equation for the diagonal cracking load of reinforced concrete beams was 
developed by Zsutty.  The equation was based on a linear regression analysis of data in the 
literature.  Another equation was needed because Zsutty claimed that Equation 5.25 did not 
properly weigh the primary variables that affect the diagonal cracking load.  The equation is 
presented as Equation 5.26.  In the derivation of the equation, the data was split by the a/d ratio.  
Beams with an a/d ratio > 2.5 were considered slender.  Beams with an a/d ratio < 2.5 were 
considered short.  The cutoff at an a/d ratio of 2.5 was made because Zsutty found that above this 
value, the diagonal cracking load data agreed well with his empirical equation.  At an a/d ratio 
less than 2.5, there was significantly greater errors.  Based on this abrupt change in performance, 
the cutoff between short beams and slender beams was taken at an a/d ratio of 2.5.  The reason 
for the additional error in the short beam data was believed to be the result of the “arch action” in 
short beams (Zsutty, 1968).  Improvements to the equation for short beams were attempted to no 
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avail.  In the words of the author: “several attempts to remove variables such as ρ, or add 
variables such as bond contact area ratio, did nothing to improve the prediction precision” 
(Zsutty, 1968).  In a later publication, a modification to Equation 5.26 was made to estimate the 
ultimate strength of short beams (Zsutty, 1971).  In estimating the ultimate strength of short 
beams, Zsutty commented that the equation “must contain an accurate representation of the top 
and bottom pressures due to load and support conditions” (Zsutty, 1968).  No need was seen to 
alter the estimate for first diagonal cracking of short beams since these members carry additional 
load after first cracking.  However, great attention was given to improving the estimated diagonal 
cracking load for slender beams since this value is often the ultimate strength of unreinforced 
specimens and is used as the concrete contribution in the sectional shear design model.  The 
diagonal cracking loads in the evaluation database are compared to those estimated with 
Equation 5.26 in Figure 5.63. 
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with  f ′c = compressive strength of concrete (psi) 
 ρl = longitudinal reinforcement ratio (As / bwd) 
 d = effective depth of the member (in.) 
 a = shear span (in.) 
 bw = web width of the member (in.) 

 

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

0.0 0.5 1.0 1.5 2.0 2.5 3.0

V
cr

ac
k

/ Z
su

tt
y

(1
96

8)
 V

cr
E

q.

Shear Span to Depth Ratio (a/d)

Other StudiesCurrent Project

Evaluation Database
N = 59 U

nc
on

se
rv

at
iv

e
C

on
se

rv
at

iv
e

Avg. = 1.00
SD = 0.37
COV = 0.37

 
Figure 5.63: Comparison of measured and estimated diagonal cracking loads – Zsutty Equation 

The results in Figure 5.63 do not show a significant improvement with respect to the 
results in Figure 5.62.  There still appears to be a trend with increasing a/d ratio.  Even though 
the average of the experimental diagonal cracking loads divided by the estimated diagonal 
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cracking loads are 1.0 with Equation 5.26, the standard deviation and the coefficient of variation 
are very high (SD = 0.37).  The amount of error seen in Figure 5.63 is consistent with what 
Zsutty found.  In his study, the error was attributed to “the wide dispersion of the arch action 
shear stress values,” not the inappropriate form of the equation (Zsutty, 1968).  Even though it 
appears that the a/d ratio is not appropriately weighed in Equation 5.26 based on the results in 
Figure 5.63, it is likely that the scatter in diagonal cracking loads of nominally identical 
specimens greatly contributes to the inability to accurately predict them.   

In 1999, an experimental study was conducted by Shin et al. in which thirty high-strength 
concrete beams were tested at a/d ratios ranging from 1.5 to 2.5.  The cross-section of the 
specimens was 4.9”x9.8” and the longitudinal reinforcement ratio was 3.8%.  Two series of tests 
were conducted in which the concrete strength was either 7,600-psi or 10,600-psi.  The diagonal 
cracking loads of the specimens were evaluated with Equations 5.25 and 5.26.  The authors 
found that Equation 5.25 was overly conservative when used to estimate the cracking loads of 
their specimens.  A fairly good correlation was found with the use of Equation 5.26.  Based on a 
regression analysis of their test data, a different equation for the diagonal cracking load of deep 
beams was recommended. The equation is presented as Equation 5.27.  The diagonal cracking 
loads in the evaluation database are compared to those estimated with Equation 5.27 in Figure 
5.64.   
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with  f ′c = compressive strength of concrete (psi) 
 ρl = longitudinal reinforcement ratio (As / bwd) 
 d = effective depth of the member (in.) 
 a = shear span (in.) 
 bw = web width of the member (in.) 
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Figure 5.64: Comparison of measured and estimated cracking loads – Shin et al. Eq. 

At the conclusion of the study, it was warned by Shin et al. that “Strictly speaking, the 
equations are valid only within the ranges of variability of the parameters studied” (Shin et al., 
1999).  Since high-strength concrete and a reinforcement ratio of 3.8% were used in their test 
specimens, the beams in the evaluation database are not similar.  Furthermore, only the beams 
loaded at a/d ratios ranging from 1.5 to 2.5 would be applicable.  Nevertheless, for comparison 
purposes, the estimates obtained by using Equation 5.27 are compared to the cracking loads in 
the evaluation database as shown in Figure 5.64.  It is clear from the figure that excluding the 
data at a/d ratios less than 1.5 would only further penalize the accuracy of Equation 5.27.  With 
respect to the other equations, the use of Equation 5.27 did have slightly less scatter as measured 
by the standard deviation and coefficient of variation.  However, the standard deviation is still 
large (SD = 0.30) and the accuracy on average is unconservative (Avg. = 0.85).  The point of 
comparing the data in the evaluation database with Equation 5.27 is not to assess the accuracy of 
the equation since it was obviously not calibrated with the range of parameters in the evaluation 
database.  Instead, the point is to illustrate the wide range of scatter that can result when the 
quantities of the primary variables that affect the diagonal cracking load are altered.  Whereas the 
data from the study by Shin et al. was predicted with their proposed equation with remarkable 
accuracy (Avg. = 1.0, SD = 0.06, COV = 0.06), the data in the evaluation database was not.  This 
inconsistency suggests that while the parameters that affect diagonal cracking are correctly 
identified, it is difficult to weigh them appropriately for the wide range of values for each 
pertinent variable.  In addition, there may be inconsistencies in the way with which each 
researcher is measuring the diagonal cracking load, although the description of first diagonal 
cracking in each study is similar.    

Based on the results presented in this section, it is clear that it is very difficult to 
accurately estimate diagonal cracking loads of deep beams.  It is likely that a new equation could 
be developed that better agrees with the data in the evaluation database than Equations 5.25, 
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5.26, and 5.27.  However, there still will be a considerable amount of error due to the difficulty 
with accurately accounting for the wide range of each variable that affects diagonal cracking 
loads.  Furthermore, a significant amount of error will result from the variability in the diagonal 
cracking loads themselves as pointed out by Zsutty (1968).  To illustrate the variability in 
diagonal cracking loads of nominally-identical specimens, the cracking loads of several beams 
from the evaluation database in which the only variable is the quantity of web reinforcement are 
plotted in Figure 5.65.  Fifteen specimens with an identical cross-section and longitudinal 
reinforcement ratio from the research study conducted by Oh and Shin (1999) are included.  
Eight specimens with a longitudinal reinforcement ratio and cross-section from the experimental 
program are included as well.    
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Figure 5.65: Diagonal cracking loads for nominally-identical specimens 

As shown previously in Figure 5.61 and in Section 4.5.3, the quantity of web 
reinforcement did not have an appreciable effect on the diagonal cracking load.  Therefore, the 
diagonal cracking loads in Figure 5.65 at each a/d ratio should be similar.  Instead, a 
considerable amount of scatter exists.  Often, the maximum diagonal cracking load in a group is 
50% greater than the minimum.  In a couple of cases, the maximum and minimum diagonal 
cracking load differ by a factor of 2.  Thus, for nominally-identical specimens, the diagonal 
cracking loads are considerably different.  The most likely reason for the scatter is the variability 
in the tensile strength of concrete.  Improving the accuracy of diagonal cracking loads beyond 
the accuracy with which the tensile strength of concrete is estimated is not possible.   

Due to the difficulties associated with accurately estimating diagonal cracking loads and 
due to the nature of the current task, it was determined that a simple and reasonably conservative 
estimate of the diagonal cracking load was the most appropriate approach.  The equation should 
be simple to use, and it should be conservative since the goal of the current task is to prevent 
diagonal cracking in service.  The proposed equation is based off of the data previously 
presented in Figure 5.56.  The proposed equation is shown with the data in Figure 5.66. 
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Figure 5.66: Development of proposed equation for a reasonably conservative estimate of 

diagonal cracking 

The proposed diagonal cracking load equation is a reasonable lower bound to the data 
considering the primary variables that affect first cracking, namely the section size (bwd), the 
tensile strength of concrete ( 'f c ), and the a/d ratio of the member.  For an a/d ratio less than 

0.5, the estimated diagonal cracking load is 5 'f c bwd.  As the a/d ratio increases from 0.5 to 

1.5, the estimated diagonal cracking load decreases from 5 'f c bwd to 2 'f c bwd.  For an a/d 

ratio > 1.5, the diagonal cracking load is 2 'f c bwd.  Limiting the diagonal cracking load to 

2 'f c bwd at an a/d ratio of 2 is consistent with the diagonal cracking load of slender beams.  
Since the equation is a lower bound estimate, it inherently accounts for other variables that may 
contribute to the scatter in Figure 5.66 (i.e. the longitudinal reinforcement ratio or the effective 
depth).  Furthermore, it does not seem practical to recommend an equation that varies with the 
longitudinal reinforcement ratio since ρl in TxDOT structures does not vary as much as it does 
for beams in the literature.  In typical bent caps, the longitudinal reinforcement ratio is generally 
less than 1% (TxDOT, 2008).  It is important to emphasize that the proposed diagonal cracking 
load estimate is intended to be simple and reasonably conservative.   

5.4.4 Design Implications 
To limit diagonal cracking under service loads, the following approach should be taken.  

After the completion of a strength analysis, a service load shear check should be performed.  The 
shear in the member due to the unfactored service loads should be computed.  This value should 
then be compared to the estimated diagonal cracking load given by the following equation:   
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but not greater than 5 'f c bwd nor less than 2 'f c bwd 

 
with  a = shear span (in.) 
 d = effective depth of the member (in.) 
 f ′c = compressive strength of concrete (psi) 
 bw = web width of the member (in.) 

 
If the service level shear is less than the estimated diagonal cracking load, then the 

member is not expected to crack in service.  If the service level shear is greater than the 
estimated diagonal cracking load, several options exist for the designer.  First, the design of the 
member can be altered to increase the value of the diagonal cracking load.  The section size 
(bwd) of the member can be increased.  If the depth is increased, the a/d ratio of the member for 
the typical situation in which the span length is fixed will also be reduced.  Alternatively, or in 
conjunction with an increase in section size, a higher compressive strength of concrete can be 
specified.  Second, if these options are not practical, the designer can provide additional web 
reinforcement to help restrain the diagonal crack widths under service loads.  However, as noted 
in Section 4.5.3, there are diminishing returns in regards to the benefits of the quantity of web 
reinforcement for crack width control.   

At the very least, the service load check outlined in this section provides an indication of 
the likelihood of the formation of diagonal cracks in service.  If the service load shear exceeds 
the expected diagonal cracking load, the designer can determine at what percentage of the live 
load the member is expected to form a diagonal crack.  In extreme cases, this check will indicate 
if the member is expected to crack under dead loads.   

In the design example in Appendix B, this service load shear check is performed on two 
sections of a bent cap with a/d ratios of 0.85 and 2.0.  In both cases, for the sections that were 
designed according to the proposed strength provisions in Section 5.2, the diagonal cracking load 
estimate was equal to the full dead load shear plus approximately 25% of the live load shear.  
Thus, for these examples, diagonal cracking would be expected under full service loads.  To 
reduce the risk of diagonal cracking under full service loads, modifications to the cross-section 
will need to be made.  This example indicates that it may be slightly impractical to design the 
cross-section to remain free of diagonal cracks under the application of the full service load.  
Instead, limiting diagonal cracking under the full dead load and a percentage of the live load may 
be more realistic.  This adjustment can be made in the proposed service load shear check by 
simply computing the shear due to the dead load plus a reasonable amount of live load.   

5.4.5 Summary and Conclusions 
In this task, the variables that affect the diagonal cracking load of deep beams were 

determined with data from the experimental program and from the literature.  It was verified that 
the cross section of the member (bwd), the tensile strength of concrete ( 'f c ), and the a/d ratio 
are primary variables.  The diagonal cracking load appeared to be a function of the longitudinal 
reinforcement ratio to some degree, but there was not a wide enough range of data to evaluate 
this variable properly.  It should be noted that the longitudinal reinforcement ratio does not vary 
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much in TxDOT bent caps in general.  It was shown that the effective depth of the member may 
have an effect on the normalized diagonal cracking load, but it is likely small.  Using empirical 
equations presented in the literature, it was determined that accurately estimating the diagonal 
cracking load is difficult.  The difficulty is due to the complexity of accounting for the wide 
range in the values of each variable that affect diagonal cracking and due to the inherent scatter 
of the diagonal cracking loads of nominally-identical specimens.  The latter problem is likely due 
to the variability in the tensile strength of concrete.  As a result, a simple and conservative 
empirical equation was recommended to estimate the diagonal cracking load of deep beams.  
This estimate can be compared to service level shear to determine the likelihood of diagonal 
cracking in service. 

Following the procedure outlined in this section will not guarantee that a reinforced 
concrete deep beam will remain uncracked in service, primarily due to the inconsistencies 
between many design assumptions and actual field conditions such as overloads, restrained 
shrinkage, temperature changes, etc.  However, it is a simple and logical approach that can 
significantly reduce or limit diagonal cracking in service.  Furthermore, it forces the designer to 
think about the serviceability performance of the structure in the design phase. 
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5.5 Correlation of Maximum Diagonal Crack Width to Capacity 
On occasion, diagonal cracks are discovered in bent caps (deep beams) in service 

(Section 1.2).  Upon inspection of the structures, field engineers are asked to assess the amount 
of distress in the cracked member.  Currently, there is little information in the literature regarding 
a method to link the width of diagonal cracks to the amount of distress in the deep beam.     

The objective of this task was to develop a means to aide field engineers in evaluating the 
residual capacity of a diagonally-cracked bent cap.  Data from the literature and data from the 
current experimental program were used to identify key variables that influence the width of 
diagonal cracks.  Accounting for these variables, a simple chart was developed that correlates the 
maximum width of the primary diagonal crack in a deep beam to the corresponding percent of its 
ultimate capacity.   

5.5.1 Background 
Contrary to that of diagonal cracks, the variables affecting the width of flexural cracks 

have been studied extensively over the last fifty years.  Several empirical relationships based on 
experimental data exist for estimating the width of flexural cracks.  A brief background on 
variables affecting the width of flexural cracks will be discussed in this section.  Less 
information on the width of diagonal cracks is present in the literature, particularly for members 
governed by shear behavior.  Of the many research projects conducted on deep beam shear, 
diagonal crack width information was only included in a few studies.  These studies will provide 
some indication of the primary variables that affect diagonal crack width in shear-critical 
members.   

Variables affecting width of flexural cracks 

 Based on research conducted over the last fifty years, the three primary variables 
affecting flexural crack width are steel stress, concrete cover, and bar spacing.  Test results 
indicate that steel stress is the most important of the three, especially at service load levels.  In 
ACI 318-08, crack width is limited through the maximum bar spacing of the reinforcement (ACI, 
2008).  The equation for bar spacing accounts for the stress in the reinforcement and concrete 
cover.  In AASHTO LRFD 2008, crack width is also limited by restricting the spacing of mild 
reinforcement (AASHTO, 2008).  However, the AASHTO equation for bar spacing addresses 
exposure condition and strain gradient in addition to concrete cover and steel stress.  A 
distinction between exposure conditions is not made in ACI 318-08 due to “the inherent 
variability in cracking” and due to experimental evidence that does not support the width of 
cracks influencing corrosion at service-load levels (Committee Closure, 1999 and ACI 318-08, 
2008).    As noted in Section 4.2.2, exposure conditions were addressed in ACI-318 prior to the 
1999 version of the code.   

Tensile stress of the longitudinal reinforcement was confirmed as the primary variable 
affecting flexural crack widths in a research study conducted by Young et al. in 2002.  In this 
project, sixteen full-scale reinforced concrete bent caps were tested at an a/d ratio of 
approximately 1.6.  Limiting the longitudinal reinforcement stress at the face of the column to 
30-ksi and 24-ksi under service load levels corresponded to maximum flexural crack widths of 
0.016- and 0.013-inches, respectively.  It was found that the distribution of longitudinal 
reinforcement through transverse spacing had little effect on flexural crack widths. 
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Types of diagonal cracks 

As noted in Section 5.4.1, two different types of diagonal cracks exist in reinforced 
concrete deep beams: flexure-shear cracks and web-shear cracks.  Flexure-shear cracks form 
after or concurrently with flexural cracks.  They extend from the top of the flexural crack 
towards the origin of load.  Web-shear cracks occur independently of flexural cracking.  They 
form when the principal tension stress in the web of the member exceeds the tensile strength of 
concrete.  In deep beams, web-shear cracks are also referred to as bursting or splitting cracks.  
Specifically, they are caused by transverse tensile stresses that exist due to the spreading of 
compressive stresses in bottle-shaped struts.  It is apparent that the spreading of compressive 
stresses in deep beams contributes to the width of flexure-shear cracks as well.  Both of these 
cracks are depicted in Figure 5.67. 
 

Web‐shear or 
Splitting crack

Flexure – shear crack

Flexural crack
 

Figure 5.67: Types of cracks in reinforced concrete deep beams 

The purpose of this task was to correlate maximum diagonal crack widths with the 
residual capacity of a deep beam bent cap.  In the analysis of the crack width data from the 
experimental program and the literature, a distinction between web-shear cracks and flexure-
shear cracks was not made.  Both were treated simply as inclined cracks.  The only relevant 
distinction between the two is related to the level of distress present in a shear-critical member.  
In general, the presence of web-shear cracks is a sign of impending failure (Section 4.5.2).  

Effect of web reinforcement on diagonal crack widths of deep beams 

In the literature, transverse reinforcement was found to be the most important variable in 
controlling diagonal crack widths.  Unfortunately, very little diagonal crack width data was 
reported in the literature.  A few studies in which diagonal crack widths were monitored during 
deep beam tests are discussed in this section.  Crack width data from these studies are replotted 
where possible.  In each case, the qualitative findings of the researchers are presented.   

 In a study by Smith and Vantsiotis, fifty-two deep reinforced concrete beams with a 
4”x14” cross-section were tested to failure (1982).  The purpose of the study was to evaluate the 
effect of web reinforcement on the strength and overall performance of deep beams.  Specimens 
were tested with simple supports at a/d ratios of 0.77, 1.01, 1.34, and 2.01.  During the tests, 
maximum crack widths were recorded at each load increment.  In the paper, the maximum 
diagonal crack width at failure for each of the specimens was listed.  However, only 
representative crack width data was provided from a beam at each a/d.  Nevertheless, the authors 
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indicated that “web reinforcement was effective in reducing crack widths at all corresponding 
load levels and particularly in beams with a/d > 1.0” (Smith and Vantsiotis, 1982).  Specifically, 
the researchers recommended minimum web reinforcement to restrain crack widths 
corresponding to 0.18% in the vertical direction and 0.23% in the horizontal direction (ρv = 
0.0018 and ρh = 0.0023).  It was apparent from the maximum crack width at failure data that 
reinforcement in addition to the minimum did little to further restrain the diagonal crack widths.    

A research study conducted by Kong et al. focused on varying the amount of transverse 
reinforcement depending on the a/d ratio of the test specimen (1970).  Kong et al. tested thirty-
five reinforced concrete deep beams with a/d ratios ranging from 0.35 to 1.18.  The crack width 
data indicated that at low a/d ratios (0.35), horizontal reinforcement placed near the tension steel 
was most effective at restraining crack widths.  As the a/d ratio increased, the effectiveness of the 
vertical reinforcement at restraining diagonal cracks increased.   

In an investigation by Tan et al., crack width data was recorded for eighteen deep 
reinforced concrete beams (1997).  Six specimens each were tested at an a/d ratio of 0.85, 1.13, 
and 1.69.  It was observed that for specimens with reinforcement in only one direction, vertical 
reinforcement was more effective than horizontal reinforcement at restraining crack widths.  
However, the most effective crack width restraint was provided by similar amounts of 
reinforcement in both orthogonal directions (Tan et al., 1997).  These trends were evident at all 
three a/d ratios.   

The effect of transverse reinforcement on the width of diagonal cracks was also evaluated 
in the full-scale study conducted by Bracci et al. (Bracci et al., 2000 and Young et al., 2002).  
Sixteen 33”x36” bent caps were tested to failure at an a/d ratio of approximately 1.6.  The 
longitudinal reinforcement ratio for the specimens ranged from 0.6% to 0.8%.  Three different 
web reinforcement arrangements were included in the test specimens.  For the Group 1 and 2 
specimens, the reinforcement in the horizontal direction ranged from 0.19% to 0.22%; the 
reinforcement in the vertical direction was 0.3%.  The vertical reinforcement consisted of two-
legged, #5 stirrups.  In the Group 3 specimens, the horizontal reinforcement was 0.22% and the 
vertical reinforcement was 0.6%.  The vertical reinforcement in the Group 3 specimens consisted 
of four-legged #5 stirrups.  During the tests to failure, the maximum width of inclined cracks was 
recorded for each specimen.  From the test results, it was observed that the additional vertical 
reinforcement in the Group 3 specimens promoted “a more desirable (ductile) flexural failure 
mechanism at ultimate loading” (Young et al., 2002).  The diagonal crack width data from this 
study are replotted in Figure 5.68.  From the data, it is evident that the additional vertical 
reinforcement did little to further restrain the diagonal crack widths at first cracking and in the 
service load range.  Above 50% of the total applied load, however, the Group 3 specimens had 
narrower crack widths than the Group 1 or 2 specimens.  These results from full-scale specimens 
agree well with the findings in Section 4.5.3 regarding minimum web reinforcement.  Increasing 
the amount of vertical reinforcement from 0.3% to 0.6% did little to reduce the crack widths at 
first cracking or at typical service loads.  These data indicate that there are diminishing returns in 
regards to the diagonal crack width restraint from increasing the amount of transverse 
reinforcement.  
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Figure 5.68: Effect of transverse reinforcement on width of diagonal cracks (Bracci et al., 2000) 

Effect of a/d ratio on diagonal crack widths 

In the literature, there are mixed observations regarding the effect of a/d ratio on diagonal 
crack width.  This effect was not comprehensively studied by any previous researcher.  In a few 
research projects, some trends between diagonal cracks widths and a/d ratio were either noted or 
denied.  When possible, only specimens with transverse reinforcement are evaluated in this 
section. 

In the study by Kong et al., a trend with a/d ratio was detected (1970).  Thirty-five deep 
beams were tested at a/d ratios of 0.35, 0.54, and 1.18.  As the a/d ratio increased, average and 
maximum diagonal crack widths increased.  The maximum crack width data from the Series 4 
and 5 specimens are replotted in Figure 5.69.  These series had the most practical reinforcement 
layouts of the beams tested.  From the data, a considerable difference in the diagonal crack 
widths was seen at 50% of the maximum applied load and greater.  The first cracking load for 
the specimens tested at an a/d ratio of 0.35 was approximately 40% of the maximum applied 
load.  It is important to note that different a/d ratios were obtained by changing the depth of the 
section.  It is possible that the change in depth also influenced the crack widths based on the 
results that were presented in Section 4.6.3.  In this case, the effect of depth would have 
mitigated the width of the diagonal cracks as the a/d ratio increased (and the depth of the 
member decreased).    
 

Side Face Crack Width, in. 
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Figure 5.69: Effect of a/d ratio on width of diagonal cracks (Kong et al., 1970) 

In the study by Tan et al. (1997), a slight increase in diagonal crack widths with 
increasing a/d ratios was noticed.  Diagonal crack width plots were provided for the beams tested 
at each a/d ratio: 0.85, 1.13, and 1.69.  Unfortunately, only the general trends in the data were 
visible in the original reference; it was not possible to extract the data from the plots due to their 
size.  Nevertheless, at similar percentages of the maximum applied load, it appeared that the 
diagonal crack widths were greater in the specimens with an a/d ratio of 1.69 when compared to 
those tested at an a/d ratio of 0.85 or 1.13.  However, there was not a clear difference between 
the data from the specimens with an a/d ratio of 0.85 and 1.13.  For the specimens tested at an 
a/d ratio of 1.69, it was noted that “the fastest development rate of the diagonal crack occurred” 
(Tan et al., 1997).   

In the research study conducted by Smith and Vantsiotis, however, no trend between 
diagonal crack widths and a/d ratio was detected (1982).  Fifty reinforced concrete beams were 
tested at a/d ratios of 0.77, 1.01, and 1.34.  Two additional beams were tested at an a/d ratio of 
2.0.  Maximum crack width at failure was tabulated for all of the specimens.  Negligible 
differences in maximum crack width at failure were evident as the a/d ratio changed for the test 
specimens.  In addition, representative load versus crack width plots were provided at each a/d 
ratio.  From these plots, an effect of a/d ratio on the width of diagonal cracks was not apparent.  
The data from the representative crack width plots are replotted in Figure 5.70.   

 

Diagonal Crack Width, in. 
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Figure 5.70: Effect of a/d ratio on diagonal crack width (Smith and Vantsiotis, 1982) 

Effect of longitudinal reinforcement on diagonal crack widths 

In 1971, Suter and Manuel tested twelve deep beams (6” x 13”) at an a/d ratio of 1.5 and 
2.0.  At each a/d ratio, the longitudinal reinforcement was either 0.96% or 2.44%.  Four of the 
beams were unreinforced transversely; the remaining eight were reinforced with a single stirrup 
at the midspan of the beam.  The experimental results suggested that the beams with greater 
longitudinal reinforcement (2.44%) were more shear critical.  Specifically, the width of diagonal 
cracks was more dominant than the flexural cracks at service loads and near ultimate.  On the 
contrary, the width of the diagonal cracks of the beams with a lower amount of longitudinal 
reinforcement (0.96%) was not as critical as the flexural cracks at service loads (0.4Multimate).  At 
approximately 70% of the ultimate load, the width of the diagonal cracks exceeded that of the 
flexural cracks.  All of the transversely reinforced beams with 0.96% longitudinal reinforcement 
failed in flexure; two of the four transversely reinforced beams with 2.44% longitudinal 
reinforcement failed in flexure; the other two in shear.  This study illustrated that longitudinal 
reinforcement can affect the diagonal crack widths in a deep beam by affecting the governing 
mechanism of behavior. 

Effect of concrete cover on diagonal crack widths 

It is known that the width of flexural cracks is affected by the thickness of the concrete 
cover to the extreme tension face (Gergely and Lutz, 1968 and Frosch, 1999).  The reason is due 
to the strain gradient.  The crack width measured at the extreme tension face will increase as the 
concrete cover increases because the restraint provided by the primary tension reinforcement is 
further away.  The situation is different for diagonal crack widths and side face cover.   

An experimental study was conducted by Rahal to investigate the effect of concrete cover 
on shear behavior (2006).  Attention was given to the effect on diagonal crack widths.  Seven 
tests were carried out at an a/d ratio of 3.  The overall depth of the test specimens was 15.7-

Diagonal Crack Width, in. 
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inches.  The width of the specimens ranged from 8.3- to 13.8-inches.  The side concrete cover to 
the stirrups increased proportionally with the width of the member.  Four different covers were 
evaluated: 0.2-, 1-, 2-, and 3-inches.  The diagonal crack widths were plotted versus the applied 
shear for the test specimens.  A similar increase in the width of diagonal cracks with increasing 
applied load was observed for the specimens with 0.2-, 1-, and 2-inches of cover.  When the 
cover was within this range, the diagonal crack widths were not affected.  For the specimens with 
3-inch side cover, however, “a sharp increase in crack width” occurred shortly after cracking, 
nearly 10-times larger than that of the specimens with smaller cover (Rahal, 2006).  The same 
general trend was seen for specimens with 3,600- and 6,000-psi concrete.  Thus, the study by 
Rahal suggests that concrete cover should not affect the width of diagonal cracks provided that 
the cover is less than 2-inches.  For reference, the side face cover for most of the specimens in 
the experimental program was 0.75-inches. 

In summary, the primary variable that affects the width of diagonal cracks is the amount 
of web reinforcement.  While there was not much crack width data in the literature showing this 
relationship, numerous researchers unanimously came to this conclusion.  However, it was 
shown that there is a limit to the reduction in diagonal crack widths that can be obtained by 
providing additional web reinforcement.  There was not as much consensus in the literature with 
regards to the effect of a/d ratio on the width of diagonal cracks.  Based on the available data, it 
is likely that the a/d ratio affects the diagonal crack widths to some degree.  Perhaps, the lack of 
consensus is an indication that the effect is relatively minor.  Also, it was shown that the 
longitudinal reinforcement ratio can affect the width of diagonal cracks by altering the governing 
behavior of the member.  In the current task, the performance of shear-critical members was 
addressed in response to the observed cracking patterns in field specimens (Section 1.2).  With 
knowledge of the primary variables that affect diagonal crack widths, an approach to correlate 
them with the residual capacity of a deep beam can be determined. 

5.5.2 Approach 
In this task, a technique to link the maximum width of a diagonal crack with the residual 

capacity of an in-service bent cap was required.  Two different approaches were considered that 
incorporated the primary variables that affect the width of diagonal cracks in deep beams.   

First, an analytical approach was taken.  The steps of the approach are illustrated in 
Figure 5.71.  A simple strut-and-tie model was used to estimate the perpendicular tensile force in 
a bottle-shaped strut, assuming that the diagonal crack forms along the axis of the strut.  The 
perpendicular tensile force was calculated as a function of the angle of spreading in the bottle-
shaped strut, the angle of the strut with respect to the horizontal, and the amount of shear on the 
section.  The tensile force was converted to tensile strain assuming that all of the strain exists in 
the transverse steel, ignoring the strain in the concrete.  Multiplying the perpendicular tensile 
strain by the perpendicular crack spacing provided an estimate for the average width of a 
diagonal crack.  From the literature, a constant of 2.0 was used to convert the average width of 
the diagonal crack to the maximum diagonal crack width, or the 95-percentile crack width 
(Adebar, 2001).  Several assumptions were required to estimate diagonal crack widths with this 
approach.  They include the following: 

• Strain in the concrete perpendicular to the diagonal crack was ignored 
• Crack spacing perpendicular to the diagonal crack was calculated assuming that 

longitudinal crack spacing (sl) was equal to stirrup spacing  



279 

• The difference between average crack widths and maximum crack widths was 
taken as 2.0 

• An angle of spreading was assumed (α) 
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Figure 5.71: Preliminary analytical model for estimating diagonal crack widths 

A few of the aforementioned assumptions are troublesome.  Neglecting the contribution 
of the concrete in resisting the transverse tensile stresses in a bottle-shaped strut is fairly 
reasonable.  The tensile strain in the concrete between cracks is very small in relation to the 
strain in the reinforcement at the cracks.  Assuming that the crack spacing equaled the stirrup 
spacing is also a fair assumption.  The basis of this assumption was the crack patterns of similar 
specimens in the experimental program in which the main difference between them was a stirrup 
spacing of 6-, 10-, or 15-inches.  However, even though the crack spacing changed between 
these tests, the maximum diagonal crack width was not affected proportionally to the spacing.  It 
is likely that the difference between average crack widths and maximum crack widths is not 
constant as the stirrup spacing changes.  Lastly, and most important, it is difficult to justify an 
assumed angle of spreading (α).  In ACI 318-08 Appendix A, the angle of spreading is assumed 
to be approximately 26-degrees, corresponding to a slope of 2:1 (ACI 318-08, 2008).  In 1982, 
Schlaich and Weischede presented a model for estimating the spreading of compressive stresses 
in an elastic body based off of the starting width of the bottle-shaped strut and an assumed width 
at midheight (1982).  In general, this approach yielded angles of spreading shallower than 26-
degrees.  It is difficult to justify either assumption. 

In addition to the problems with the assumptions of this analytical approach, there are 
significant problems with its applicability.  Crack widths are calculated as a function of the shear 
in the member.  Since this task is aimed at correlating crack widths to residual capacity, an 
estimate for the load-carrying capacity of the member must be made as well.  As such, a full 
strut-and-tie model analysis would be required.  This level of calculation is inappropriate for a 
task conducted in the field.  Lastly, conditions in the field can be very different from those in the 
laboratory.  Some differences may include boundary conditions, axial restraint, long-term (time) 
effects, and the presence of repeated loads.  The inherent variability of crack widths and the 
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differences between field and laboratory conditions negate the level of accuracy that is implied 
with these detailed calculations. 

It should be noted that a study was conducted by Zhu et al. aimed at crack width 
prediction using a “compatibility-aided strut-and-tie model” (2003).  This study focused 
specifically on the diagonal cracking of members with re-entrant corners.  In this study, some of 
the aforementioned assumptions of the analytical approach were addressed.  Strains in the 
concrete perpendicular to the diagonal crack were accounted for, but in conjunction with an 
assumed area of concrete contributing to the restraint.  Instead of crack spacing, an estimate for 
gauge length was used that was calibrated with test data.  Due to the dominance of a single crack 
at re-entrant corners, a difference between average and maximum crack widths was not made.  
Lastly, assumptions regarding the angle of spreading were not necessary due to the defined 
geometry of this application.  While the approach by Zhu et al. (2003) is more sophisticated and 
more calibrated than the analytical approach discussed herein, it suffers from the same 
limitations in applicability in regards to the current task.  The required amount of calculations is 
significant, an ultimate-strength estimate is required, and the level of accuracy is not justified due 
to inevitable differences between field and laboratory conditions.  

The second approach used to address this task was empirically-based.  Maximum crack 
width data was obtained for the specimens tested in the current study as discussed in Section 
3.5.4.  Each crack width measurement was plotted versus the corresponding percent of ultimate 
load.  The data was grouped by the amount of web reinforcement in the test specimen.  A strong 
relationship between the maximum diagonal crack width and the amount of web reinforcement 
crossing the crack was supported by the test data.  A chart was developed with the diagonal crack 
width data from the experimental program that links the maximum diagonal crack width to the 
amount of load in the member (quantified as a percent of the ultimate capacity).  Only the 
amount of web reinforcement in each direction is needed to use the chart.   

The data used in the development of the chart is discussed in the next section.  Following 
that, the chart is presented.  Estimates from the chart are compared to crack width data from 
sixteen full-scale bent caps tested by Bracci et al. that were not used in the calibration of the 
chart (2000). 

5.5.3 Results 
All of the test specimens fabricated in the current project are listed in Table 5.7.  Two 

specimens fabricated and tested by Deschenes are listed in the table as well (Deschenes, 2009).  
The beam details and test results for the specimens tested by Deschenes are provided in Table 
5.8 and Table 5.9, respectively.  The data from these specimens were included with the beams 
from the experimental program due to the scarcity of reliable diagonal crack width data for full-
scale deep beams in the literature.  In addition, the specimens contained different amounts of 
longitudinal and web reinforcement than those in the current study.     

The shaded specimens in Table 5.7 were not used to address the current task primarily 
because their details did not reflect typical TxDOT practice.  The data from specimens with 
insufficient web reinforcement, overall beam height of 23”, and abnormally large bearing plates 
were excluded.  Also, since the current project focused on deep beam behavior, specimens tested 
at an a/d ratio greater than 2 were not used.  Lastly, the crack width data from two specimens, II-
02-CCC1007 and M-03-2-CCC2436, were excluded because it was unreliable.   

Therefore, the results of 24 deep beam shear tests were used in the current task (two of 
which were tested by Deschenes (2009)).  Twenty-one specimens were tested at an a/d ratio of 
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1.85; three specimens were tested at an a/d ratio of 1.2.  The overall height of the specimens 
ranged from 42- to 75-inches.  The width ranged from 21- to 36-inches.  The minimum amount 
of web reinforcement in the specimens corresponded to a reinforcement ratio of 0.002 in both 
orthogonal directions.  The maximum amount of reinforcement in the vertical and horizontal 
direction corresponded to a reinforcement ratio of 0.0086 and 0.0058, respectively.  Several 
different bearing plate sizes were used as shown in Table 5.7.  Lastly, the longitudinal 
reinforcement ratio ranged from 2.3% to 3.1%.   

The measured diagonal crack width data from the tests in the experimental program were 
plotted versus the percent of maximum applied load.  It was determined that plotting crack 
widths in this manner was an appropriate way to compare data from beams with a variety of 
different section parameters, such as size and compressive strength.  Furthermore, it was 
consistent with the primary goal of this task: to correlate maximum diagonal crack widths to the 
load on the structure, quantified as a percent of the ultimate capacity.  Provided that the depth of 
the member was greater than or equal to 42-inches, the size of the member did not affect the 
diagonal crack width data when plotted in this fashion (Section 4.6.3).  Also, the size of the 
bearing plates had no effect on the width of diagonal cracks as long as the size did not 
significantly alter the effective a/d ratio (Section 4.4.3).  
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Table 5.7: Specimens used in correlating crack width-to-capacity (shaded tests not used) 

Testing 
Series Beam I.D.  b 

in. 
d 
in. 

Support 
Plate† 

Load 
Plate† 

No. of 
Stirrup 

Legs
ρv ρh a/d 

ratio

I 

I-03-2 

21 38.5 16”x21” 20”x21” 

2
0.003 0.003 

1.84 
I-03-4 4
I-02-2 2

0.002 0.002 
I-02-4 4

II 

II-03-CCC2021 

21 38.6 

10”x21” 20”x21”

2 

0.003 0.0045 

1.84 

II-03-CCC1007 10”x21” 10”x7”
II-03-CCT1021 10”x21” 36”x21”
II-03-CCT0507 5”x7” 36”x21”
II-02-CCT0507 5”x7” 36”x21”

0.002 0.002 
II-02-CCC1007 10”x21” 10”x7”
II-02-CCC1021 10”x21” 10”x21”
II-02-CCT0521 5”x21” 20”x21”

III 

III-1.85-0 

21 38.6 16”x21” 20”x21” 

- 0.000 0.000 
1.84

III-2.5-0 2.47
III-1.85-02 

2 

0.002 0.002

1.84 

III-1.85-025 0.0025 0.0015
III-1.85-03 0.003 0.003
III-1.85-01 0.001 0.001
III-1.85-03b 0.003 0.003
III-1.85-02b 0.002 0.002
III-1.2-02 0.002 0.002

1.20 
III-1.2-03 0.003 0.003
III-2.5-02 0.002 0.002

2.49 
III-2.5-03 0.003 0.003

IV 

IV-2175-1.85-02 

21 

68.9 

16”x21” 

29”x21” 

2 

0.002 0.002
1.85 

IV-2175-1.85-03 0.003 0.003
IV-2175-2.5-02 

24”x21” 
0.002 0.002 2.50

IV-2175-1.2-02 0.002 0.002 1.20
IV-2123-1.85-03 

19.5 

16.5”x 
21” 

0.003 0.003
1.85 

IV-2123-1.85-02 0.002 0.002
IV-2123-2.5-02 15.5”x21 0.002 0.002 2.50
IV-2123-1.2-02 18”x21” 0.002 0.002 1.20

M 

M-03-4-CCC2436 

36 40 16”x36” 

24”x36”

4 

0.003 0.003

1.85 

M-03-4-CCC0812 8”x12” 0.003 0.003
M-09-4-CCC2436 24”x36” 0.0086 0.003
M-02-4-CCC2436 24”x36” 0.002 0.002 

M-03-2-CCC2436 24”x36” 2 0.003 0.003

Deschenes 
(2009) 

Validation 
21 42 16”x21” 20”x21” 2 

0.003 0.0058
1.85 

nR1 0.003 0.0058
†  Load plate dimensions: [in direction of span] x [transverse to direction of span] 
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Table 5.8: Summary of beam details for two specimens tested by Deschenes (2009) 

Beam I.D. bw 
(in.) 

h 
(in.) 

d 
(in.) ρl ρ′l ρv ρv Support 

Plate 
Load 
Plate a/d 

Validation 21 42 36.1 0.031 0.01 0.003 0.0058 16”x21” 20”x21” 1.85 
nR1 21 42 36.1 0.031 0.01 0.003 0.0058 16”x21” 20”x21” 1.8 

 
 

Table 5.9: Summary of test results for two specimens tested by Deschenes (2009) 

Beam 
I.D. 

f ′c 
(psi) 

fyl 
(ksi) 

fyv 
(ksi) 

Vcrack 
(kips) 

Vcrack / 
Vtest 

Vtest 
(kips) 

Validation 5,060 66 65 151 0.26 571 
nR1 7,250 66 65 - - 561 

 

Effect of web reinforcement on diagonal crack widths of deep beams 

The variables that affect the width of diagonal cracks of deep beams were explicitly 
evaluated with the tests in the experimental program.  The most important variable noted in the 
literature was the amount of web reinforcement crossing the diagonal crack.  The same 
conclusion was reached in this project.  The effect of the quantity of web reinforcement on the 
diagonal crack widths of deep beams was discussed in Section 4.5.3.  Diagonal crack width data 
from six 21”x42” specimens tested at an a/d ratio of 1.85 are shown in Figure 5.72.  In general, 
the amount of transverse reinforcement directly affects the maximum width of the diagonal crack 
at first cracking and throughout the loading history.  It is interesting to note that in the case of 
test III-1.85-0, a narrow diagonal crack at first cracking was recorded.  However, due to a lack of 
web reinforcement, the width of that crack increased dramatically in the next load increment.  
Providing web reinforcement of 0.25% in the vertical direction and 0.15% in the horizontal 
direction yielded similar results to providing 0.2% in each direction.  For this reason, the data 
from these specimens were grouped together in the development of the crack-width-to-capacity 
chart later in this section. 
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Figure 5.72: Effect of web reinforcement on diagonal crack widths of test specimens 

The spacing of web reinforcement was not explicitly evaluated in the experimental 
program.  However, a couple of valid comparisons were possible.  As noted in Section 4.5.3, the 
spacing of the vertical reinforcement only slightly affected the width of diagonal cracks and only 
if the reinforcement was not adequately distributed.  For one specimen, III-1.85-02, the spacing 
of the stirrups was 14.5-inches.  The diagonal crack widths for this specimen were compared to 
that of a nominally-identical specimen with a stirrup spacing of 9.5-inches.  The results indicated 
that the larger stirrup spacing in III-1.85-02 contributed to more scatter in the crack width data.  
However, the scatter was within the total scatter of specimens with similar section sizes and 
quantities of web reinforcement (Section 4.5.3).  Based on this data, it was recommended that the 
existing spacing limit of d/4 or 12-inches in Section 5.13.2.3 of AASHTO LRFD 2008 be 
upheld.  Thus, for the purposes of this task, the spacing of web reinforcement was not considered 
a primary variable that affects the width of diagonal cracks in deep beams. 

 

Effect of a/d ratio on diagonal crack widths of deep beams 

The effect of a/d ratio on the diagonal crack widths of deep beams was also evaluated 
through the tests in the experimental program.  Little consensus exists in the literature regarding 
the effect of a/d ratio.  In the experimental program, tests were conducted at a/d ratios of 1.2, 
1.85, and 2.5.  The test results of three specimens with identical beam details are presented in 
Figure 5.73.  All three 21”x42” specimens had 0.3% web reinforcement in each direction.  The 
only difference among the tests was the a/d ratio.  Since the current task is limited to evaluating 
deep beams (a/d < 2), the data from specimen III-2.5-03 was not specifically needed.  It is 
included in Figure 5.73 for comparison purposes.  It is appropriate to compare the data from this 

Diagonal Crack Width, in. 
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specimen with that of the other specimens because the final failure mode was reasonably 
consistent for all three (Section 4.5.2). 
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Figure 5.73: Effect of a/d ratio on diagonal cracking widths, 3 specimens, 0.3% reinf.  

In Figure 5.73, a trend between the a/d ratio and the maximum width of diagonal cracks 
is observed.  For a given percentage of maximum applied load, the diagonal crack width 
increases as the a/d ratio increases.  The data in Figure 5.73 plotted with the diagonal crack 
widths of the other applicable tests in the experimental program is shown in Figure 5.74.  The 
data in Figure 5.74 indicates that while there may be an effect with a/d ratio, the effect is 
relatively small in light of the scatter that exists in diagonal crack width data.  The change in the 
maximum width of diagonal cracks from an increase in a/d ratio from 1.2 to 1.85 was not greater 
than the scatter associated with the crack widths of similar specimens. 
 

Diagonal Crack Width, in. 
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Figure 5.74: Effect of a/d ratio on diagonal crack widths, 9 specimens, 0.3% reinf. 

The diagonal crack width data for two similar specimens with 0.2% web reinforcement 
tested at an a/d ratio of 1.2 and 1.85 are presented in Figure 5.75.  The specimens have a 21”x42” 
cross-section.  A trend with a/d ratio is not evident in this plot.  It should be noted that the crack 
width data from a similar specimen tested at an a/d ratio of 2.5 was excluded from Figure 5.75 
because this specimen failed in sectional shear whereas the other two specimens failed by 
crushing of the direct strut.  As noted previously (Section 4.5.3), the dominant shear transfer 
mechanism must be similar to compare crack width data from multiple tests.  The crack width 
data from all of the specimens with 0.2% web reinforcement is plotted in Figure 5.76.  The 
maximum diagonal crack widths from IV-2175-1.2-02 were included in this plot as well.  In 
Figure 5.76, it is clear that no trend with a/d ratio is evident, especially considering the scatter 
that exists in diagonal crack width data.   
 

Diagonal Crack Width, in. 
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Figure 5.75: Effect of a/d ratio on diagonal crack widths, 2 specimens, 0.2% reinf. 
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Figure 5.76: Effect of a/d ratio on diagonal crack widths, 11 specimens, 0.2% reinf. 

The results presented in Figure 5.73 indicate that a trend with a/d ratio exists to some 
extent.  However, the results presented in Figure 5.74 through Figure 5.76  suggest that the trend 
is relatively small considering the scatter in diagonal crack width data for deep beams.  Based on 
these findings, it was determined that increasing the a/d ratio from 1.2 to 1.85 did not 
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significantly affect diagonal crack widths.  Thus, it was not considered a primary variable for the 
purpose of this task.  

 

Effect of longitudinal reinforcement on diagonal crack widths of deep beams 

The effect of the longitudinal reinforcement ratio on the width of diagonal cracks was not 
explicitly studied in the experimental program.  However, the crack width data from two tests 
with similar beam parameters but different longitudinal reinforcement can be compared to 
evaluate it to some degree.  In Figure 5.77, the diagonal crack width data from two tests in the 
experimental program, II-03-CCC2021 and II-03-CCC1007, was compared to that of the two 
tests conducted by Deschenes (2009) that were described previously (Table 5.8 and Table 5.9).  
All four specimens had an identical cross-section and similar amounts of web reinforcement.  
The main difference between the specimens was the amount of longitudinal reinforcement.  
Specimens II-03-CCC2021 and II-03-CCC1007 had 2.3% longitudinal reinforcement; the beams 
tested by Deschenes (2009) had 3.1% reinforcement.  
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Figure 5.77: Effect of longitudinal reinforcement on diagonal cracks in shear-critical members 

The results in Figure 5.77 indicate that the quantity of longitudinal reinforcement does 
not affect the width of diagonal cracks in deep beams in general.  Since the maximum diagonal 
crack width was often measured near the mid-depth of the member, this finding makes sense.  It 
should be noted, however, that the width of diagonal cracks can be affected by the longitudinal 
reinforcement by affecting the dominant mechanism of behavior as noted by Suter and Manuel 
(1971).  More discussion related to the effect of longitudinal reinforcement on the width of 
diagonal cracks exists later in this section when the data from Bracci et al. (2000) is compared to 
the estimates from the proposed chart. 

Diagonal Crack Width, in. 
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It was shown from the crack width data from the experimental program that the quantity 
of web reinforcement is the primary variable that affects the maximum width of diagonal cracks.  
To some extent, the a/d ratio contributed to the width of diagonal cracks.  However, the effect 
was small in relation to the scatter associated with the crack widths of similar specimens.  Also, 
it was shown with the data from the experimental program that the longitudinal reinforcement 
ratio does not affect the width of diagonal cracks for shear-critical members.  Lastly, based on 
the conclusions of Rahal (2006) regarding the influence of concrete side cover on diagonal crack 
widths, this variable is also unlikely to significantly affect the width of diagonal cracks (Section 
5.5.2).  As a result, a method for correlating the diagonal crack width to the residual capacity of 
the member was developed considering the quantity of web reinforcement as the primary 
variable. 

Correlation of Crack Width to Residual Capacity 

The crack width data for the 21 specimens used in the current task are plotted in Figure 
5.78.  All of the beams represented in this plot were tested at an a/d ratio of 1.85.  The data was 
separated into three groups by the quantity of web reinforcement: 0.2% reinforcement in each 
direction, 0.3% reinforcement in each direction, and greater than 0.3% reinforcement in each 
direction.  The data from one specimen with 0.25% vertical reinforcement and 0.15% horizontal 
reinforcement was included in the 0.2% group (Figure 5.72).  The data in the greater-than-0.3% 
group had a variety of different distributions in each direction.  In general, the specimens in this 
group had reinforcement in one direction greater than 0.3% and reinforcement in the other 
direction of approximately 0.3%.   

From the data in Figure 5.78, a consistent trend of the maximum diagonal crack width to 
the amount of web reinforcement is seen.  It is clear that there is some scatter in the plot 
consistent with crack widths in general.  A power function trend line was fitted through the data 
in each group.  The square of the correlation coefficient (R2) is provided next to each trend line.  
This value quantifies the error between the trend line and the data points.  An R2 value of 1.0 
represents a perfect fit.  In Figure 5.78, it is interesting to note that the R2 value increases as the 
quantity of web reinforcement increases in each group.  This finding indicates that with less 
reinforcement (0.2% in each direction), there was generally more scatter in the diagonal crack 
width data.  As the amount of web reinforcement approached and exceeded 0.3% in each 
direction, the maximum width of diagonal cracks was more consistent. 

In Figure 5.79, the power function trend line is replaced with straight line segments.  
From these straight line segments, a table was created that correlated the maximum width of 
diagonal cracks to the corresponding percent of the ultimate capacity.  At several values for the 
maximum diagonal crack width, the average percent of ultimate capacity was tabulated for each 
data group.  With each average value, a range of the scatter in terms of the percent of ultimate 
capacity was placed in parentheses. The chart is included as Figure 5.80. 
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Figure 5.78: All crack width data at a/d ratio of 1.85 used in this task with trend lines 
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Figure 5.79: All crack width data at a/d ratio used in this task with straight line approximations 

Diagonal Crack Width, in. 

Diagonal Crack Width, in. 



291 

                                          wmax (in.)              
Reinforcement

0.01 0.02 0.03 0.04 0.05 0.06

ρv = 0.002        ρh = 0.002 20 (+10) 30 (±10) 40 (±10) 50 (±10) 60 (±15) 70 (±15)

ρv = 0.003        ρh = 0.003 25 (±10) 40 (±10) 55 (±10) 70 (±10) 80 (±10) 90 (±10)

ρv > 0.003        ρh > 0.003 30 (±10) 50 (±10) 70 (±10) 85 (±10) ~ Ultimate ~ Ultimate

Notation: Directions:
wmax = maximum measured diagonal crack width (in.) 1). Determine ρv and ρh for bent cap
ρv = reinforcement ratio in vertical direction (ρv = Av / bsv) 2). Measure maximum diagonal crack width, wmax, in inches
ρh = reinforcement ratio in horizontal direction (ρh = Ah / bsh) 3). Use chart with wmax, ρv, and  ρh to estimate % of capacity
Av & Ah = total area of stirrups or horizontal bars in one spacing (in.2)
sv & sh = spacing of stirrups or horizontal bars (in.)
b = width of web (in.)

Important Notes:

    -variability in crack widths in general (± scatter)      -differences between field and laboratory conditions
    -members loaded at a/d < 1.85 may be at slightly higher % of capacity      -implications of an unconservative estimate of capacity

This chart is not intended to be used for inverted-tee bent caps.

In this chart, the maximum width of the primary diagonal crack in a shear-critical member is linked to the load on the member, quantified as a percent of 
its ultimate capacity.  The intent of this chart is to aide field engineers in evaluating residual capacity in diagonally-cracked, reinforced-concrete bent caps 
subjected to concentrated loads at a/d ratios between 1.0 and 2.0.  This chart was developed from crack width data from 21 tests of simply-supported 
reinforced concrete beams with overall heights between 42" and 75".  The testing was conducted at an a/d ratio of 1.85.  Data has shown that diagonal 
crack widths may slightly decrease with decreasing a/d ratio.  The same crack width at a smaller a/d ratio indicates that a higher percentage of capacity 
from the above chart has already been reached.                                                                                                       

This chart should be used in conjunction with sound engineering judgement with consideration of the following limitations:                     

Load on the Member, Quantified as a Percent of Ultimate Capacity on Average (± scatter)

 
Figure 5.80: Proposed chart that links diagonal crack width to percent of ultimate capacity of RC deep beams 
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The crack width measurements obtained by Bracci et al. were compared to the estimates 
from the proposed chart (2000).  Two different distributions of web reinforcement were 
investigated by Bracci et al.  Some judgment was required to group the data with the limits in the 
proposed chart.  The specimens with 0.3% vertical reinforcement and 0.22% horizontal 
reinforcement were compared with the 0.3% group estimate.  The specimens with 0.6% vertical 
reinforcement and 0.22% horizontal reinforcement were compared to the greater-than-0.3% 
group.  The results of the comparisons are provided in Figure 5.81.  
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Figure 5.81: Comparison of crack width data from Bracci et al. (2000) and chart estimates 

In Figure 5.81, the accuracy of the proposed chart was evaluated with independent crack 
width measurements of full-scale specimens.  The specimens were tested at an a/d ratio of 1.6 
and had longitudinal reinforcement ratios ranging from 0.6% to 0.8%.  Considering the 
differences between the specimens tested by Bracci et al. and those used to develop the chart, the 
level of accuracy is reasonable.  In each group, at a given crack width, the chart estimated an 
amount of load on the member that was within 20 percentage points of the actual capacity.  For 
example, at a crack width of 0.02-inches, it was estimated with the chart that a member with 
0.3% reinforcement in each direction was at approximately 40% (±10%) of its capacity.  The 
specimens with a similar amount of reinforcement at the same crack width were at anywhere 
from 48- to 60% of their ultimate capacity.  It was estimated with the chart that specimens with 
web reinforcement exceeding 0.3% were at 50% (±10%) of their capacity at a maximum 
diagonal crack width of 0.02-inches.  The specimens tested by Bracci et al. (2000) with similar 
amounts of reinforcement and with maximum crack widths of 0.02-inches were at 48% to 68% 
of their ultimate capacity.   

It is clear from Figure 5.81 that the data from Bracci et al. (2000) is shifted to the left 
with respect to the estimates from the chart.  One potential reason for the shift is the longitudinal 
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reinforcement ratio.  The smaller longitudinal reinforcement ratio in the specimens tested by 
Bracci et al. caused the specimens to be less shear-critical than those represented in the proposed 
chart.  It is possible that the maximum width of the diagonal cracks reduced for this reason.  
Additional research is needed to improve the accuracy of the chart in relation to the effects of a/d 
ratio and the longitudinal reinforcement ratio.   

The accuracy of the proposed chart was also compared to the specimens from the 
experimental program that were tested at an a/d ratio of 1.2.  In this way, the implications of 
excluding an adjustment for the a/d ratio in the proposed chart could be evaluated.  The results 
are presented in Figure 5.82.  The results indicate that the chart does an adequate job of 
estimating the level of distress in each member until approximately 60% to 70% of the ultimate 
capacity is reached.  Closer to ultimate, the crack widths for the specimens with 0.2% web 
reinforcement diverge from the estimated crack widths.  As noted previously, changing the a/d 
ratio from 1.85 to 1.2 only slightly affected the maximum width of diagonal cracks. 
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Figure 5.82: Comparison of data from specimens tested at a/d of 1.2 and chart estimates 

Since the chart was developed with data from specimens tested at an a/d ratio of 1.85 and 
was evaluated with data from specimens at an a/d ratio of 1.2, it should not be used for cases 
well outside of this range.  A range in a/d ratio from 1 to 2 seems appropriate due to the minor 
affect of a/d ratio on the width of diagonal cracks.  It is not recommended to use the proposed 
chart for members with a/d ratios less than 1 since no data was obtained in this range.  Maximum 
diagonal crack widths at a given percentage of capacity may slightly decrease with decreasing 
a/d ratio.  As a result, a crack width of 0.03-inches is worse (higher percentage of capacity) for a 
member loaded with an a/d ratio < 1 than for a member loaded with an a/d ratio of 1.85.   

The chart is not intended to be used for inverted-tee bent caps.  No diagonal crack width 
data from inverted-tees were used in the calibration of the chart.  It is possible that the presence 
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of tension in the web of an inverted-tee member due to load applied to the flange could 
significantly alter the width of diagonal cracks.  Future research is required to assess the 
applicability of this chart to inverted-tee bent caps. 

It cannot be emphasized enough that the use of this chart should be done in conjunction 
with sound engineering judgment.  The conditions in the field can be drastically different then in 
the laboratory.  It is clear that the chart estimate can be off by as much as 20% of the ultimate 
capacity due to variability in crack width data, the limited variables accounted for in the chart, 
and the differences between field and laboratory conditions.  Thus, the chart should be viewed as 
an important guide to making an informed decision regarding the level of distress in a 
diagonally-cracked bent cap, in the absence of more sophisticated means of distress evaluation.      

5.5.4 Summary and Conclusions 
For the current task, information from the literature and data from the experimental 

program were used to determine the primary variables that affect the maximum width of 
diagonal cracks in shear-critical, reinforced concrete deep beams.  The results indicate that the 
amount of web reinforcement crossing the diagonal crack is the primary variable.  The effect of 
changing the a/d ratio from 1.2 to 1.85 did not significantly affect the maximum width of the 
diagonal cracks considering the inherent amount of scatter in crack widths.  From the crack 
width data obtained in the experimental program, a chart was prepared that correlates the 
maximum width of the primary diagonal crack to the load acting on the member, quantified as a 
percent of the ultimate capacity.  Experimental data from 21 full-scale tests on specimens that 
were 21”x42”, 21”x75”, and 36”x48” was used to develop the chart.  The chart is applicable for 
a/d ratios between 1 and 2 and for a range of web reinforcement quantities.  It is not applicable to 
inverted-tee bent caps.  The chart should be used with sound engineering judgment considering 
the following limitations: 

• Variability in crack widths in general 
• Limited variables accounted for in the chart 
• Differences between field and laboratory conditions 
• Implications of an unconservative estimate of capacity 

5.6 Summary 
In Chapter 5, data from the experimental program and from the evaluation database was 

analyzed to address tasks 5 through 8 of the current project.  These tasks included: (5) Proposed 
STM design provisions, (6) Discrepancy in calculated shear strength at an a/d ratio of 2, (7) 
Limiting diagonal cracking under service loads, and (8) Correlation of maximum diagonal crack 
width to capacity.  The overall findings of the project are summarized in Chapter 6. 
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Chapter 6.  Summary and Conclusions 

6.1 Summary 
Since the inclusion of Strut-and-Tie Modeling (STM) provisions in the AASHTO LRFD 

specifications in 1994, TxDOT engineers have been examining the impact that the provisions 
have on the design of their bent caps.  In general, it has been difficult to implement the STM 
provisions due to their seemingly complicated nature.  In addition, bents in the State of Texas are 
experiencing diagonal cracking problems with increasing frequency.  These field-related issues 
and the difficulty in implementing the AASHTO LRFD provisions in their design practice were 
the impetus for TxDOT to fund the current project.  The overall objective for the project was to 
develop safe and consistent design guidelines in regards to both strength and serviceability of 
bent caps and other deep beams. 

In order to accomplish the aforementioned goal, the scope of the project was divided into 
eight tasks: 

 
1. Determine the influence that the distribution of stirrups across the width of a beam 

web has on the strength and serviceability behavior of a deep beam (Section 4.3). 
2. Determine the influence that triaxially confined bearing plates has on the strength 

and serviceability behavior of a deep beam (Section 4.4). 
3. Determine the influence that the amount of web reinforcement (stirrups and 

longitudinal side face reinforcement) has on the strength and serviceability 
behavior of a deep beam (Section 4.5). 

4. Determine the influence that member depth has on the strength and serviceability 
behavior of a deep beam (Section 4.6). 

5. Propose a simple STM design methodology for the strength design of deep beams 
(Section 5.2). 

6. Make a recommendation to reduce the discrepancy between shear strength 
calculated using STM and sectional shear provisions at an a/d ratio of 2 (Section 
5.3). 

7. Make a recommendation on the feasibility of limiting diagonal cracking under 
service loads (Section 5.4). 

8. Make a recommendation on a methodology for relating the maximum diagonal 
crack width of a deep beam to its residual capacity (Section 5.5). 

 
To achieve the primary research objectives outlined above, an exhaustive database of test 

results from the literature was compiled; and an experimental program was conducted.  Data 
from approximately 250 beam tests were added to a database originally compiled by Brown et al. 
(2006).  The total number of deep beam tests (a/d ≤ 2.5) in the database, including the specimens 
of the current project, was 905.  The data from the literature was generally insufficient to address 
the objectives of the current project for two reasons.  First, very little serviceability information, 
primarily diagonal crack width data, exists in the literature.  Second, the cross-sectional 
dimensions of deep beams, particularly the beam width, tested in the past are drastically smaller 
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than those of members in service.  It was determined that the best means to improve the design 
and performance of actual bent caps was to examine specimens that were as representative as 
possible.  As a result, filtering criteria were established based primarily off of cross-sectional 
dimensions, quantity of web reinforcement, and sufficient bearing plate details to remove 
specimens from the database that were exceptionally un-representative of actual members.  After 
filtering, a statistically-significant number of tests (179), including those from the current 
project, remained in the evaluation database.   

In addition, an experimental program was conducted consisting of 37 tests on some of the 
largest reinforced concrete deep beams ever tested in the history of shear research.  The cross-
sectional dimensions of the test specimens included the following sizes: 21”x23”, 21”x42”, 
21”x44”, 21”x75”, and 36”x48”.  During the tests, measurements of the applied load, the 
deflection along the beam, the strain at various locations throughout the section and along the 
member, and the maximum diagonal crack width in the test span at each load increment were 
recorded.  With the data from these tests and from the database, the eight primary objectives of 
the current project were addressed.   

6.2 Conclusions 
The conclusions of the current study are presented in this section. The following 

conclusions are based on information from the literature, data from the experimental program, 
and the analysis of the evaluation database. 

6.2.1 Distribution of Stirrups across the Width of a Beam Web 
The purpose of this task was to investigate the AASHTO LRFD (2008) STM provision 

that limits the width of a strut framing into a CTT node (AASHTO Article 5.6.3.3.2 and Figure 
5.6.3.3.2-1 (a)).  Four tests were conducted on beams with a 21”x44” cross-section, and two tests 
were conducted on beams with a 36”x48” cross-section. Both sets of tests had a shear span-to-
depth ratio of 1.85. Transverse reinforcement ratios of 0.2% and 0.3% in each direction were 
investigated.   In companion tests, the difference in strength and serviceability between 
concentrating stirrups near the member side face (2 legs) and distributing them across the web (4 
legs), without changing the reinforcement ratio, was evaluated.  

 
• The AASHTO LRFD (2008) provision requiring designers to limit the strut width 

framing into a CTT node within a D-region is unnecessary (AASHTO Figure 5.6.3.3.2-1 
(a)). Singular node regions are more critical than smeared node regions [fib (1999); Schlaich 
et al. (1987)]. Thus, the focus of a STM design should be placed on the more critical singular 
node regions. The AASHTO LRFD (2008) CTT node limitation rarely is applicable for the 
design of a beam region with an a/d ratio less than two. This fact has been validated by 
experimental tests conducted as part of the current research program for beams as wide as 36-
inches. It is proposed that the provision be removed from AASHTO LRFD (2008). 

• Distributing stirrup legs across the width of the web (while maintaining the same 
reinforcement ratio) did not influence the width of diagonal cracks of beams up to 36-
inches wide when 0.3% web reinforcement was provided. However, distributing stirrup 
legs across the web width did reduce the crack widths of beams with 0.2% web 
reinforcement.  At loads greater than estimated service loads (>40% of capacity), distributing 
the stirrups across the width of the web reduced the width of diagonal cracks.  At first 
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cracking and near estimated service loads, however, the width of diagonal cracks was similar 
for beams with 0.2% web reinforcement distributed in 2 or 4 legs.   

6.2.2 Triaxial Confinement of Load and Support Plates (CCC and CCT Nodes) 
The purpose of this task was to investigate the influence that triaxial confinement of the 

load or support plate (CCC or CCT node) has on the shear strength and serviceability behavior of 
a deep beam. Eight tests were conducted on beams with a 21”x42” cross-section, and two were 
conducted on beams with a 36”x48” cross-section. The shear span-to-depth ratio of all specimens 
was 1.85. Triaxial confinement of the load and support plates (CCC and CCT nodes) was 
investigated in members with 0.2% and 0.3% web reinforcement in each direction. The relative 
serviceability performances between confined and unconfined bearing plates were compared to 
one another. 

 
• The capacity of all faces of the CCC and CCT nodal region can be increased by the 

bearing capacity factor,
1

2
A

A , included in the AASHTO LRFD (2008) and ACI 318-

08 provisions. ACI 318-08 §10.14 and AASHTO LRFD (2008) Article 5.7.5 allow for an 
increase in the bearing capacity of concrete when triaxial confinement is present. Based on the 
experimental and analytical results of this research program, it was found that an increase in 
the capacity of the CCC and CCT nodal region by a similar factor provided for more accurate 
STM estimations with less unnecessary conservatism. 

• For specimens that contained a ratio of 0.2% web reinforcement in each direction, the 
serviceability behavior was more sensitive to the bearing plate configuration and 
reinforcement details. In general, the crack widths and crack distribution for beams with 
0.2% web reinforcement in each direction were wider and more erratic than beams reinforced 
with 0.3% web reinforcement in each direction. 

6.2.3 Minimum Web Reinforcement 
The purpose of this task was to recommend an appropriate amount of minimum web 

reinforcement to ensure adequate strength and serviceability performance in deep beams.  
Numerous tests in the experimental program were used to evaluate the effect of the quantity of 
web reinforcement on the performance of the member.  At an a/d ratio of 1.85, tests were 
conducted on beams with a 21”x23”, 21”x42”, 21”x44”, 21”x75”, and 36”x48” cross-section.  At 
a/d ratios of 1.2 and 2.5, two tests were conducted on beams with a 21”x42” cross-section.  
Several different distributions of web reinforcement were investigated.  The majority of the test 
specimens had either 0.2% or 0.3% reinforcement in each direction.  Stirrups with 2 and 4 legs 
were used.  Two tests were conducted on specimens without web reinforcement. 

 
• For beams tested at an a/d ratio of 1.2 and 1.85, providing either 0.2% or 0.3% 

reinforcement did not affect the shear strength of the member.  A specimen tested at an 
a/d ratio of 2.5 with 0.3% reinforcement in each direction failed at a substantially higher 
load than a companion specimen with 0.2% reinforcement.  The specimens tested at an a/d 
ratio less than 2 failed in a manner consistent with a single-panel, direct-strut mechanism.  
Thus, any reinforcement greater than that which is required to maintain equilibrium in the 
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bottle-shaped strut is unnecessary for strength.  The specimens tested at an a/d ratio of 2.5 
generally failed in a manner that was consistent with a sectional-shear model, or a multiple-
panel STM.  At this a/d ratio, increasing the amount of vertical reinforcement increases the 
shear strength of the member. 

• To adequately restrain maximum diagonal crack widths at first cracking and at 
estimated service loads, 0.3% reinforcement in each orthogonal direction should be 
provided and spaced evenly within the effective strut area.  The maximum diagonal crack 
width of specimens with 0.2% reinforcement in each direction often exceeded 0.016-inches at 
first cracking or at estimated service loads, whereas those with 0.3% reinforcement satisfied 
this limit in general.  0.3% reinforcement is consistent with the current AASHTO LRFD 
provision (Article 5.6.3.6, 2008) except it is proposed that the amount of reinforcement need 
not be based on the gross concrete section.  A revised definition is provided, for adoption into 
the AASHTO LRFD specifications, in Appendix A. 

6.2.4 Effect of Member Depth 
The purpose of this task was to evaluate the effect of member depth on the strength and 

serviceability performance of reinforced concrete deep beams.  Tests were conducted at a/d 
ratios of 1.2, 1.85, and 2.5 on specimens with 21”x23”, 21”x42”, and 21”x75” cross-sections and 
with 0.2% web reinforcement in each direction.  The size of the nodal regions was kept as 
constant as possible for the tests conducted at each a/d ratio.  In this way, the effect of changing 
the depth of a deep beam without proportionally changing the size of the nodal regions was 
assessed.    

  
• Provided that the bottle-shaped strut is adequately reinforced and the force in the 

tension tie does not control, the strength of deep beams (a/d ≤ 2) is governed by the size 
and stress conditions in the nodal regions, not by the effective depth of the member.  The 
results in this task highlighted the importance of using a strut-and-tie analysis to design 
reinforced concrete deep beams in order to explicitly address the stress conditions in the nodal 
regions.  Using section-based approaches to design deep beams is unacceptable and 
inappropriately suggests that a large size effect exists.     

• The maximum diagonal crack width at a given percentage of the maximum applied load 
tended to increase as the overall depth of the member increased from 23” to 42” but not 
from 42” to 75”.  The results in this task suggested that diagonal crack width data from small 
specimens should be used with caution in forming recommendations for full-scale structures.  
However, at a depth of 42-inches and greater, it appeared that the effect of depth on the width 
of diagonal cracks is mitigated.   

6.2.5 Proposed STM Design Provisions 

A new STM design procedure was developed for the design of deep beams. The new 
method was formulated based on the methodology used in fib (1999) while maintaining 
consistency with ACI 318-08 and AASHTO LRFD (2008). In addition, the proposed method 
was calibrated based on beams that were considered more representative of beams designed in 
practice – in terms of their size and reinforcement details. 
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In developing an STM procedure, it was necessary to explicitly define the truss 
geometries. This step cannot be over-emphasized as the performance of an STM methodology 
and its efficiency factors are intrinsically linked to the geometry of the nodal regions. Thus, the 
new STM provisions are based on an explicitly defined single-panel truss model with non-
hydrostatic nodes. This model was used to define all of the beams in the evaluation database. 

Another important aspect of the new STM design methodology is that it was 
comprehensively derived based on all the stress checks that constitute an STM design. Stress 
checks at all six nodal faces (three faces at CCC and three faces at CCT nodes) and in the 
longitudinal tie were performed for all of the beams in the evaluation database. The splitting of 
the strut was indirectly accounted for by only considering those beams that contained a minimum 
amount of transverse reinforcement. The results of the stress checks were used to formulate the 
new STM design provisions. Thus, the newly proposed design procedure considers every facet of 
an STM design. Accordingly, the following conclusion can be made: 

• The newly proposed STM procedure is: (i) simpler and (ii) more accurate than the ACI 
318-08 and AASHTO LRFD (2008) STM design provisions. The procedure is based on the 
fundamental principles of STM and on the procedures established in ACI 318-08, AASHTO 
LRFD (2008), and fib 1999. Thus, it has been derived based on theoretical principles, tests of 
D-regions, and by maintaining consistency with current design provisions. The procedure is 
practical, yields conservative strength estimates, and has been derived in a comprehensive and 
transparent manner. Implementation of the new design provisions into AASHTO LRFD 
(2008) is recommended as presented in Appendix A.     

6.2.6 Discrepancy in Calculated Shear Strength at a/d Ratio of 2 
The objective of this task was to improve the discrepancy in shear strength calculated 

using the STM and the sectional shear provisions in AASHTO LRFD (2008) at an a/d ratio of 2.  
It is well known that as the a/d ratio approaches and exceeds 2, the dominant shear transfer 
mechanism transitions from a deep beam mechanism to a sectional shear mechanism.  However, 
the transition in behavior is gradual, not immediate; and therefore, a large discrepancy between 
the shear strength calculated at an a/d ratio of 2 according to each design model is not justified.  
The level of conservatism consistent with the sectional shear provisions in AASHTO LRFD was 
compared to that of the AASHTO LRFD and the proposed STM provisions for specimens in the 
database with a/d ratios up to 2.5.  Also, shear capacity calculated with the proposed STM 
provisions was compared to capacity calculated with sectional shear provisions in AASHTO 
LRFD (2008) and ACI 318-08 for specimens in the database with a/d ratios between 2 and 2.5.   

• With the use of the proposed Project 5253 STM provisions and a limit on the ratio of 
Vs/Vc in sectional shear provisions, a reasonably smooth transition exists as the shear 
design model changes at an a/d ratio of 2.  The proposed STM provisions more 
appropriately account for the reduction in shear strength with increasing a/d ratio than the 
AASHTO LRFD STM provisions.  As a result, excessive conservatism concurrent with the 
use of the AASHTO LRFD STM provisions near an a/d ratio of 2 has been largely eliminated.  
In terms of calculated design strength, limiting the ratio of Vs/Vc to 2 for sectional shear 
reduces the difference in capacity of the two design models near an a/d ratio of 2.       

• Data from the experimental program suggested that a single-panel strut-and-tie model is 
suitable for the design of deep beams with a/d ratios ≤ 2.  The observed failure modes of 
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the test specimens and measured strain data from specimens with a/d ratios of 1.2, 1.85, and 
2.5 suggest that the dominant transfer mechanism for beams with an a/d ratio ≤ 2 is consistent 
with a single-panel STM.  The use of a multiple-panel model at an a/d ratio less than 2 is not 
recommended since it is not consistent with the dominant load transfer mechanism and thus, 
often results in a overly conservative estimate of strength.         

6.2.7 Limiting Diagonal Cracking under Service Loads 
The purpose of this task was to assess the feasibility of limiting diagonal cracking under 

service loads.  In addition to providing minimum web reinforcement, it was determined that a 
service-load shear check was a simple way to limit diagonal cracking under service loads.  
Measured diagonal cracking loads from the experimental program and from the database were 
used to determine the primary variables that affect the diagonal cracking load of deep beams.   

 
• A simple and reasonably conservative equation to estimate the diagonal cracking load of 

deep beams was developed that was a function of the shear area, the square root of the 
compressive strength of concrete, and the a/d ratio.  With this equation, the service level 
shear in the member (full dead load + live load) can be checked with the estimated diagonal 
cracking load.  If the service level shear exceeds the estimated diagonal cracking load, the 
design of the section can be modified.  At the very least, this check encourages the designer to 
consider the likelihood of diagonal cracking in service.   

6.2.8 Correlation of Maximum Diagonal Crack Width to Capacity 
The purpose of this task was to develop a means to help field engineers in evaluating the 

residual capacity of a diagonally-cracked bent cap.  On occasion, diagonal cracks are discovered 
in bent caps in service.  Currently, there is little information in the literature regarding a method 
to link the width of diagonal cracks to the amount of distress in the member.  Data from the 
literature and the current experimental program were used to identify primary variables that 
influence the width of diagonal cracks in deep beams.  All of the crack width data was from 
specimens with a minimum overall depth of 42-inches. 

 
• A simple chart was developed to correlate the maximum diagonal crack width in a deep 

beam to the load acting on the member, quantified as a percent of its ultimate capacity.  
The chart applies to beams with an a/d ratio between 1 and 2 and is only a function of the 
amount of web reinforcement in the member.  It was determined that the effect of a/d ratio 
within this range on diagonal crack widths was minimal relative to the amount of scatter 
inherent in diagonal crack width data.  This chart is viewed as a simple means to make an 
informed decision regarding the amount of distress in a diagonally-cracked bent cap in the 
absence of a more sophisticated means of distress evaluation. 

6.3 Concluding Remarks 
In this research project, deep beam behavior was extensively studied.  Thirty-seven tests 

were conducted on some of the largest deep beams ever tested in the history of shear research.  
In addition, an extensive database was compiled of previous shear tests in the literature.  From 
the analysis of all of these data, the effect of the following factors on the strength and 
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serviceability performance of deep beams was determined: the distribution of stirrup legs across 
the width of the member, triaxial confinement at CCC and CCT nodes, the quantity of web 
reinforcement, the depth of the member, and the shear-span-to-depth ratio.  With the knowledge 
obtained from investigating the effect of these factors, new strut-and-tie model provisions for 
strength were developed that are simpler and more accurate than those in AASHTO LRFD 
(2008) and ACI 318-08, and yet are just as conservative.  In addition, design provisions aimed at 
improving the serviceability performance of deep beams were proposed.  Minimum web 
reinforcement was recommended to control the width of diagonal cracks, and a service-load 
check was suggested to limit the formation of cracks in service.  The knowledge obtained from 
this study was also used to improve the evaluation of bent caps in the field.  A comprehensive 
understanding of the factors affecting the behavior of deep beams is vital to properly assessing 
the condition of a bent cap in service. 
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APPENDIX A. Proposed Changes to the AASHTO LRFD (2008) 

Bridge Design Specifications 

A.1.1 Introduction 

The proposed revisions to the strut-and-tie model specifications in AASHTO LRFD 
(2008), based on the results of the current project, are presented in this appendix.  The proposed 
efficiency factors and STM methodology that were discussed in Section 5.2 are incorporated into 
the AASHTO LRFD (2008) strut-and-tie provisions.  The proposed provisions are based on the 
STM recommendations in fib (1999) while maintaining consistency between other aspects of 
AASHTO LRFD (2008).  They are significantly simpler than the current AASHTO LRFD 
(2008) STM provisions.  The calculation of the tensile strain transverse to the CCT node is no 
longer required and stress checks on internal, or smeared, nodes are no longer recommended.  
The proposed procedure is significantly more accurate than the current AASHTO LRFD method, 
as illustrated in Section 5.2.  In addition, it removes unnecessary conservatism of the AASHTO 
LRFD (2008) provisions at high shear span-to-depth ratios (1.5 ≤ a/d ≤ 2) such that a relatively 
smooth transition exists between the proposed STM provisions and current sectional shear 
provisions in AASHTO LRFD (2008).  Based on the results discussed in Section 4.5, the 
proposed clarification to the crack control, or minimum reinforcement, provisions in AASHTO 
LRFD (2008) are also presented.  The proposed changes are denoted with bold text.  A brief 
explanation of the changes is presented in Section A.1.3. 
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A.1.2 Proposed Changes to AASHTO LRFD Bridge Design Specifications  

5.6.3 StrutandTie Model 
5.6.3.1 General 

Strut‐and‐tie  models  may  be  used  to 
determine  internal  force  effects  near 
supports  and  the  points  of  application  of 
con a t acentr ted  loads at s rength  nd extreme 
event limit states. 

The  strut‐and‐tie  model  should  be 
considered  for  the  design  of  deep  footings 
and  pile  caps  or  other  situations  in  which 
the distance between the centers of applied 
load  and  the  supporting  reactions  is  less 
than about twice the member depth. 

The  angle  between  the  axes  of  any 
strut  and  any  tie  entering  a  single node 
shall  not  be  taken  as  less  than  25 
degrees. 

If  the strut‐and‐tie model  is selected for 
tructural  analysis,  Articles  5.6.3.2  through 
.6.3.6 shall apply. 
s
5
 

 
C5.6.3.1 

Where  the  conventional  methods  of 
strength  of  materials  are  not  applicable 
because  of  nonlinear  strain  distribution, 
strut‐and‐tie  modeling  may  provide  a 
convenient way of approximating load paths 
and  force  effects  in  the  structure.  The  load 
paths may be visualized and the geometry of 
concrete  and  steel  reinforcement  selected 
to implement the load path. 

The  strut‐and‐tie model  is new  to  these 
Specifications. More detailed information on 
this a 7 method is given by Schlaich et  l. (198 ) 
and Collins and Mitchell (1991). 

Traditional  section‐by‐section  design  is 
based  on  the  assumption  that  the 
reinforcement  required  at  a  particular 
section  depends  only  on  the  separated 
values  of  the  factored  section  force  effects 
Vu,  Mu,  and  Tu  and  does  not  consider  the 
mechanical  interaction  among  these  force 
effects  as  the  strut‐and‐tie model  does. The 
traditional  method  further  assumes  that 
shea w lr distribution  ill vary  inearly over the 
depth of the beam. 

For  members  such  as  the  deep  beam 
shown  in  Figure  C5.6.3.2‐1,  these 
assumptions are not valid. The behavior of a 
component,  such  as  a  deep  beam,  can  be 
predicted  more  accurately  if  the  flow  of 
forces  through  the  complete  structure  is 
studied. Instead of determining Vu and Mu at 
different sections along the span, the flow of 
compressive  stresses  going  from  the  loads, 
P,  to  the  supports  and  the  required  tension 
force to be developed between the supports 
should be established. 

The angle between the axes of a strut 
and  tie  should be  limited between 25  to 
65  degrees  in  order  to  mitigate  wide 
crac  k  openings  and  excessive  strain  in
the reinforcement at failure. 

For  additional  applications  of  the  strut‐
and‐tie model, see Articles 5.10.9.4, 5.13.2.3, 
and 5.13.2.4.1. 
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5.6.3.2 Structural Modeling 
The  structure  and  a  component  or 

region,  thereof,  may  be  modeled  as  an 
assembly  of  steel  tension  ties  and 
concrete  compressive  struts 
interconnected  at nodes  to  form  a  truss 
capable  of  carrying  all  applied  loads  to 
the  supports.  The  determination  of  a 
truss is dependent on the geometry of the 
CCC and CCT nodal regions as defined  in 
Figure 1. The geometry of these singular 
nodal regions shall be detailed as shown 
in Figures 1 and 2. Proportions of nodal 
regions  are  dependent  on  the  bearing 
dimensions,  reinforcement  location,  and 
depth  of  the  compression  zone  as 
illustrated in Figure 2. 

Interior  nodes  that  are  not  bounded 
by  a  bearing  plate  are  referred  to  as 
smeared  nodes.  Since Dregions  contain 
both  smeared  and  singular  nodes,  the 
latter  will  be  critical  and  a  check  of 
concrete  stresses  in  smeared  nodes  is 
unnecessary (Schlaich et al. 1987) 

The nominal resistance of each face of 
a nodal region and of a tie, φPn  , shall be 
proportioned  to  be  greater  than  the 
factored force acting on the node face or 
in the tie, Pu : 

 
φPn ≥ P

h e: 

u      (5.6.3.2‐1) 
 
w er
 
Pn =  nominal resistance of a node face or 
tie (kip) 

P  =  factored force acting on the face of a u

node or in a tie (kip) 

φ  =  resistance  factor  for  tension  or 
compression  specified  in  Article  5.5.4.2,  as 
appropriate 

C5.6.3.2 
Cracked reinforced concrete carries load 

principally  by  compressive  stresses  in  the 
concrete  and  tensile  stresses  in  the 
reinforcement.  The  principle  compressive 
stress  trajectories  in  the  concrete  can  be 
approximated  by  compressive  struts. 
Ten incipal 
rein

sion ties are used to model the pr
forcement. 
A strut‐and‐tie model is shown in Figure 

1 for a simply supported deep beam. The 
zone  of  high  unidirectional  compressive 
stress  in  the  concrete  is  represented  by  a 
compressive  strut.  The  regions  of  the 
concrete  subjected  to  multidirectional 
stresses, where the struts and ties meet  the 
joints of the truss, are represented by nodal 
zones. 

Research  has  shown  that  a  direct 
strut  is  the  primary  mechanism  for 
transferring  shear  within  a  Dregion. 
Therefore,  a  singlepanel  truss model  is 
illustrated in Figure 1 and may be used in 
common  Dregions  such  as:  transfer 
girders, bents, pile caps, or corbels. 

Stresses  in  a  strutandtie  model 
concentrate at the nodal zones. Failure of 
the  structure  may  be  attributed  to  the 
crushing  of  concrete  in  these  critical 
nodal  regions.  For  this  reason,  the 
capacity of a truss model may be directly 
related  to  the  geometry  of  the  nodal 
regions.  Conventional  techniques  to  be 
used  for  proportioning  nodes  are 
illustrated in Figure 2. 
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Figure 2(b)

CCC Nodal Zone
Figure 2(a)
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Figure 5.6.3.21 StrutandTie Model for a Deep Beam 
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Figure 5.6.3.22. Nodal Geometries. 
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5.6.3.3 Proportioning of Nodal Regions 
5.6.3  a Node .3.1 Strength of the Face of

The nominal  resistance of  the  face of a 
 shall be taken as:node  

cn      (5.6.3.3.1‐1) 
 
Pn = fcu∙A

h e: 
 
w er
 
n re th ofP  =  nominal  sistance of a  e face   a 
node (kip) 
fcu = as 
spe ie

  limiting  compressive  stress 
cif d in Article 5.6.3.3.3 (ksi) 

Acn =  effective  cross‐sectional  area  of  the 
ace  of  a  node  as  specified  in  Article 
.6.3.3.2 (in2) 
f
5
 
5.6. e  C

e of
3.3.2  Effectiv rossSectional  Area  of 

the Fac  a Node 
The value of Acn  shall be determined by 

considering the details of the nodal region 
as illustrated in Figure 2. 

When  a  strut  is  anchored  by 
reinforcement,  the  back  face  of  the  CCT 
node,  ha,  may  be  considered  to  extend 
twice  the  distance  from  the  exterior 
surface of the beam to the centroid of the 
longitudinal  tensile  reinforcement,  as 
shown in Figure 2(b). 

The depth of the back face of the CCC 
node, hs , as shown in Figure 2(a), may be 
taken  as  the  effective  depth  of  the 
compression  stress  block  determined 
from a conventional flexural analysis. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
C5.6.3.3.2 

A  direct  strut  is  the  primary  shear 
carrying  mechanism  for  a  deep  beam. 
Therefore,  previous  reference  to  CTT 
nodal regions has been removed from the 
Specifications  in  order  to  place  the 
emphasis  of  a  deep  beam  design  on  the 
more critical CCC and CCT nodal regions. 

Research  has  shown  that  the  shear 
behavior  of  conventionally  reinforced 
deep beams, as wide as 36 inches, are not 
significantly  influenced  by  the 
distribution  of  stirrups  across  the 
section. Beams wider  than 36  inches, or 
beams with a width to height aspect ratio 
greater  than  one  may  benefit  from 
distributing stirrup legs across the width 
of the crosssection. 
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5.6.3.3.3  Limiting  Compressive  Stress  at 
the Face of a Node 

Unless  confining  reinforcement  is 
provided  and  its  effect  is  supported  by 
analysis or experimentation, the limiting 
compressive stress at  the  face of a node, 
fcu, shall be taken as: 
 

fcu = m ⋅ν ⋅ fc'      (5.6.3.3.3 ‐1) 
 
where: 
 
fc′  =  specified  compressive  strength  of 
concrete (psi) 

A
m =  confinement  modification  factor, 

taken  as  2
A1
but  not more  than  2  as 

defined in Article 5.7.5 
ν = concrete efficiency factor: 
0.85, bearing and back face of CCC node 
0.70, bearing and back face of CCT node 

The  stress  applied  to  the  back  face  of 
CCT node may be reduced as permitted 
in 5.6.3.3.31. 

0.85− f c'
20ksi ,    CCC  and  CCT  strutto

node interface 
  Not to exceed 0.65 nor less than 0.45 
0.45, CCC  and  CCT  struttonode 

interface:  Structures  that  do  not 
contain  crack  control  reinforcement 
(Article 5.6.3.5) 

 

In  addition  to  satisfying  strength 
criteria,  the  node  regions  shall  be 
designed  to  comply with  the  stress  and 
anchorage  limits  specified  in  Article 
5.6.3.4.1 and 5.6.3.4.2. 

 
5.6.3.3.31 Back Face of CCT Node 

Bond  stresses  resulting  from  the 
force in a developed tension tie need not 
e  applied  to  the  back  face  of  the  CCT 
ode. 
b
n
 

C5.6.3.3.3
Concrete efficiency  factors have been 

selected  based  on  simplicity  in 
application,  compatibility  with  other 
sections  of  the  Specifications, 
compatibility with tests of Dregions, and 
compatibility with other provisions. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
C5.6.3.3.31 

The  stress  that  must  be  resisted  by 
the  back  face  of  a  CCT  node  can  be 
attributed  to  the  anchorage  of  the  tie, 
bearing  from an anchor plate or headed 
bar, or an external indeterminacy such as 
that  which  occurs  at  a  node  over  a 
continuous support (Figure C1). 
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Bond
Stress

 
 

(a) Bond stress resulting from the anchorage of a developed tie. 

Assume unbonded

     
(b) Bearing stress applied from an 

anchor plate or headed bar. 
(c) Interior node over a continuous 

support. 

Figure C5.6.3.3.31. Stress condition at the back face of a CCT node 

 

If the tie is adequately developed, the 
bonding stresses are not critical and need 
not  be  applied  as  a  direct  force  to  the 
back face of a CCT node. 

If the stress applied to the back face of 
a  CCT  node  is  from  an  anchor  plate  or 
headed  bar,  a  check  of  the  back  face 
stresses  should  be made  assuming  that 
the  bar  is  unbonded  and  all  of  the  tie 
force is transferred to the anchor plate or 
bar head. 

If the stress applied to the back face of 
a CCT node is the result of a combination 
of  both  anchorage  and  a  discrete  force 
from another strut, it is only necessary to 
proportion  the  node  to  resist  the  direct 
compression stresses.  It  is not necessary 

317 



to apply the bonding stresses to the back 
face,  provided  the  tie  is  adequately 
anchored. 

 

5.6.3.4 Proportioning of Tension Ties 
5.6.3.4.1 Strength  f Tie 

Tension  tie  reinforcement  shall  be 
anchored  to  the  nodal  zones  by  specified 
embedment  lengths,  hooks,  or  mechanical 
anchorages.  The  tension  tie  force  shall  be 
dev  

o

eloped  at  the  inner  face  of the  nodal 
zone. 

he  nominal  resistance  of  a  tension  tie 
be ta : 

T
in kips shall  ken as

 
st + Aps[fpe + fy]     (5.6.3.4‐1) Pn = fyA

 
where: 
 
st ild  steel A   =  total  area  of  longitudinal  m
reinforcement in the tie (in2) 
Aps = area of prestressing steel (in2) 
y f = yield strength of mild steel  longitudinal 
reinforcement (ksi) 
pe  =  stress  in  prestressing  steel  due  to 
restress after losses (ksi) 
f
p
 
5.6.3.4.2 Anchorage of Tie 

The  tension  tie  reinforcement  shall  be 
anchored  to  transfer  the  tension  force 
therein  to  the  node  regions  of  the  truss  in 
accordance  with  the  requirements  for 
development  of  reinforcement  as  specified 
n A ticle 5.11. i

 

r
 

 
 
 
 
 
 
 
 
 
 
 

C.5.6.3.4.1 
The second term of the equation for Pn  is 

intended to ensure that the prestressing steel 
does not reach its yield point, thus a measure 
of  control  over  unlimited  cracking  is 
maintained.  It  does,  however,  acknowledge 
that  the  stress  in  the  prestressing  elements 
will  be  increased  due  to  the  strain  that  will 
cause  the  concrete  to  crack.  The  increase  in 
stress  corresponding  to  this  action  is 
arbitrarily  limited  to  the  same  increase  in 
stress that the mild steel will undergo. If there 
is no mild steel, fy may be taken as 60.0 ksi for 
the second term of the equation. 
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5.6.3.5 Crack Control Reinforcement 
Structures  and  components  or  regions 

thereof, except for slabs and footings, which 
have been designed  in  accordance with  the 
provisions  of  Article  5.6.3,  shall  contain  an 
orthogonal  grid  of  reinforcing  bars  near 
each  face.   The  spacing of  the bars  in  these 
grids  shall  not  exceed  the  smaller  of  d/4 
and 12.0 in. 

The reinforcement in the vertical and 
horizontal  direction  shall  satisfy  the 
following: 

003.0≥
vw

v

sb
A

      (5.6.3.5 – 1) 

003.0≥
hw

h

sb
A

       (5.6.3.5 – 2) 

 
where: 
 
Av,  Ah  =  total  area  of  vertical  and 
horizontal  crack  control  reinforcement 
within  spacing  sv  and  sh,  respectively 
(in.2) 
bw = width of member web (in.) 
sv,  sh=  spacing of vertical and horizontal 
crack control reinforcement, respectively 
(in.) 

Crack  control  reinforcement  shall be 
distributed evenly near  the side  faces of 
the  strut.  Where  necessary,  interior 
layers  of  crack  control  reinforcement 
may be used.    

 

 
 
 
 

C5.6.3.5 
This reinforcement  is  intended to control 

the width of cracks and to ensure a minimum 
ductility  for  the member  so  that,  if  required, 
significant  redistribution  of  internal  stresses 
is possible. 

The total horizontal reinforcement can 
be  calculated  as 0.003  times  the effective 
area  of  the  strut  denoted  by  the  shaded 
region in Figure C1.   For thinner members, 
this  crack  control  reinforcement  will  consist 
of two grids of reinforcing bars, one near each 
face.    For  thicker members, multiple  grids of 
reinforcement  through  the  thickness may  be 
required  in  order  to  achieve  a  practical 
layout.   

 
Figure  C5.6.3.51:  Distribution  of  crack 
control  reinforcement  in  compression 
strut 
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A.1.3 Explanation for Proposed Changes 

Currently, AASHTO LRFD (2008) is organized such that a STM is separated into its 
primary elements: struts, ties, and nodes and designed accordingly. The philosophy of the 
proposed method is slightly different in that the design of a strut and node-to-strut interface is not 
distinguished from one another.  Stresses concentrate within the nodal regions, so the design of 
the node-to-strut interface indirectly accounts for the design of a strut.  Also, a premature strut 
failure (strut-splitting) is prevented by providing the required crack control reinforcement.  As a 
result, with the proposed changes to AASHTO LRFD (2008), strut-and-tie model design consists 
of the design of the nodal regions and the ties.  Reference to the design of a strut and design of a 
reinforced strut has been removed to place the emphasis of a deep beam design on the critical 
nodal regions.  A detailed explanation of the proposed limiting compressive stress (Equation 
5.6.3.3.3-1) is presented in Section 5.2. 

The truss model used to derive the newly proposed efficiency factors is presented in 
Figures 1 and 2. The purpose for including this model in the code is to provide explicit guidance 
for designers so that consistency can be achieved between their model and the model used to 
derive the new efficiency factors.  As noted in Section 5.3, the dominant shear transfer 
mechanism for members loaded with an a/d ratio < 2 is consistent with a single-panel strut-and-
tie model.  It is not appropriate to use a multiple-panel model for beams with an a/d ratio < 2.  
This model does not capture the dominant shear transfer mechanism (Section 5.3). 

It is proposed that reference to CTT nodal regions be removed from the AASHTO LRFD 
deep beam provisions.  A CTT node is typically a smeared node and is not as critical as a 
singular node.  The purpose for removing the provision is to place the emphasis of a deep beam 
design on the critical stresses in the singular, CCC and CCT nodal regions.    

 
A.1.4 Summary 

Proposed changes to the AASHTO LRFD Bridge Design Specifications are summarized 
in this Appendix. These changes are based on the findings of the current project.  The primary 
changes to AASHTO LRFD are: (i) the new efficiency factors, (ii) the reorganization of the 
provisions to focus the design of a truss model on the nodal regions rather than the struts, and 
(iii) the clarified of the crack control reinforcement provision.  

A design example of a multiple column bent is presented in Appendix B in order to 
illustrate the differences between the proposed provisions and the current AASHTO LRFD 
(2008) Bridge Design Specifications. 

320 



 321

APPENDIX B.  Design Example 
 

B.1 Overview 
The purpose of this case study is to compare the AASHTO LRFD (2007) and ACI 318-

08 deep beam shear design provisions with the newly proposed deep beam design provisions 
presented in this report.  One of several multiple-column bent caps that has experienced shear 
cracking problems in service (Section 1.2 and Figure B.1) was examined. The cracking was so 
extensive that a costly retrofit project was undertaken in order to strengthen all of the bent caps 
in the interchange.  It is interesting to note that the bent caps were designed according to 
sectional shear provisions.  No strut-and-tie modeling was performed for the original structure.  
The bent cap examined in this example contains several shear regions of interest, including: a D-
region with an a/d ratio of 0.85; and a region with an a/d ratio of 2.05.  As a result, this example 
can be viewed as multiple examples within one structure in which the design of D-regions with 
relatively low and high a/d ratios can be evaluated. In addition, the capacity of the portion with 
an a/d ratio of 2.05 can be analyzed according to sectional shear or strut-and-tie modeling 
provisions. Thus, the example problem also provides an opportunity to examine the discrepancy 
between sectional shear and STM provisions.  In the example problem, strength and 
serviceability design provisions will be used.  

 

Max Crack = 0.035 in.  
Figure B.1: I-45 over Greens Road Bent Cap 

The multiple-column bent cap to be investigated is used to support an 86-foot wide 
portion of a 180-foot wide roadway, comprised of nine 12-foot wide traffic lanes and one 25-foot 
wide high occupancy vehicle (HOV) lane.  A layout of the bent cap is illustrated in Figure B.2.  
Cross-sectional details are presented for the two critical regions under investigation (a/d equal to 
0.85 and 2.05). 
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4’-0” typ.

5’-0” typ.

 

@ 4.25” @ 6”

14 -20 -

5.75”

8.5”

   

Max
Span = 185 ft

fc′ = 5,000 psi
fy = 60,000 psi

 

Figure B.2: Preliminary plan; elevation; and cross-sectional details at critical shear regions.
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As mentioned, this cap exists in the field.  The details of the original cross-section at the 
critical shear regions will be evaluated.  Where necessary, the cross-section will be modified to 
meet the requirements of AASHTO LRFD (2008), ACI 318-08, and the proposed provisions.  
Afterwards, the cross-sections proportioned to satisfy the three sets of STM provisions are 
compared for both shear regions.   

The design dead and live loadings applied to the bent cap from each steel box girder are 
presented as follows.  

Dead Loads 
The dead load includes the weight of the steel box girder, the concrete deck, and the self-

weight of the bent cap.  For simplicity, the self weight of the bent is distributed to the four girder 
locations in order to easily apply it to a truss model. 

PDL = 792 kip  

Live Loads + Impact 
The live load includes lane load and truck load plus impact.    

PLL = 280 kip  

Service Load 
The load case that is used to examine the amount of service load applied to the structure 

is the SERVICE I load case specified in AASHTO LRFD (2008). 
Ps = 792 kip (DL) + 280 kip (LL + Impact) Ps = 1072 kip 

Factored Load 
 Load factors specified by AASHTO LRFD (2008) and ACI 318-08 are slightly different 
from one another. For the purpose of comparison, the proposed methodology will use the same 
load factors as AASHTO LRFD (2008). 
 
AASHTO LRFD: STRENGTH I 

Pu = 1.25·(792 kip) + 1.75·(280 kip) Pu_AASHTO = 1480 kip 
 
ACI 318-08 

Pu = 1.2·(792 kip) + 1.6·(280 kip Pu_ACI = 1398 kip 

Resistance Factors 
Resistance factors specified by AASHTO LRFD (2007) and ACI 318-08 are slightly 

different from one another. For the purpose of comparison, the proposed methodology will use 
the same resistance factors as AASHTO LRFD. 
AASHTO LRFD 

Struts and Nodal Regions,   φ = 0.70 
Steel Tie,     φ = 0.90 

 
ACI 318-08 

Struts and Nodal Regions,   φ = 0.75 
Steel Tie,     φ = 0.90 
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B.2 Deep Beam Design 
This bent example problem has three distinct shear regions. The first D-region has an a/d 

ratio of 0.85; this portion is designed using strut-and-tie provisions; as presented in Section 
B.2.2. The next shear region has an a/d ratio greater than 3.5 and would be designed using 
typical sectional shear provisions. Finally, the third region has an a/d ratio of approximately 2.05 
(the a/d ratio varies between 1.9 and 2.1 depending where the depth is measured). This portion of 
the beam is considered to be in the transition zone where the shear behavior of a beam converts 
from sectional to deep beam shear. Therefore, this portion of the structure could be designed 
using either a strut-and-tie model or typical sectional shear provisions. The STM design for this 
region is presented in Section B.2.3 and the sectional shear design for this region is presented in 
Section B.3. 

When designing a D-region using a strut-and-tie model, the first step is to determine the 
configuration of the truss model and resulting forces in the truss elements. A preliminary truss 
model is determined as follows. 

B.2.1 Determination of Preliminary Truss Model 
The structure illustrated in Figure B.2 is modeled as a truss with compressive struts and 

tensile ties and presented in Figure B.3. The AASHTO LRFD (2007) factored load, Pu_AASHTO, is 
applied to the structure at each girder support. Only one half of the structure is presented; the 
bent is symmetric about its centerline, therefore, the loading and proportions of the other half are 
identical. 
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about CL
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about CL

 
Figure B.3: Strut-and-tie model with AASHTO LRFD (2008) factored loads. 

According to the proposed provisions (Appendix A), a deep beam region can be modeled 
with a single panel strut provided the a/d ratio is less than 2. Similarly, according to ACI 318-08, 
a single-panel strut may be used provided the angle of inclination is greater than 25-degrees; 
AASHTO LRFD (2008) does not limit a strut’s angle of inclination. As a result, both D-regions 
are shown in Figure B.3 as single compression struts.  While the a/d ratio of the interior D-region 
slightly exceeds 2, it is close enough to use either sectional shear or STM provisions. Also, it is 
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necessary to model the sectional shear portion of the bent as part of the overall truss in order to 
adequately represent the entire structure. Even though this portion of the structure is designed 
using sectional shear provisions, it is necessary to model the entire bent so that the correct 
quantity of shear is transferred to Strut EK. 

Typically, the top and bottom chord of a STM is positioned based on the location of the 
centroid of the longitudinal reinforcement or the depth of compression zone depending on 
whether the chord resists tension or compression, respectively. In a continuous element, the top 
and bottom chord resist both tension and compression. For the sake of simplicity, both of their 
locations are based on the centroid of the longitudinal reinforcement. For this example problem, 
the centroid of the longitudinal reinforcement is, on average, taken to be 5.75-inches below the 
top surface and 8.5-inches above the bottom surface.  These dimensions result in heights of the 
back face of the nodes of 11.5” and 17,” respectively.   

B.2.2 Shear Region with an a/d Ratio Equal to 0.85 
A close-up of the critical Strut AG and respective nodal zones is presented to scale in 

Figure B.4.  The dimensions of the node-to-strut interfaces (24.6” and 41.9” in Figure B.4) were 
calculated using the definition provided in Figure 5.6.3.2-2 in Appendix A. 

 

1254 kip

24.6”

11.5”

NODE G
(CCC)

NODE A
(CCT)

1480 kip

1940 kip

1940 kip

1254 kip

1480 kip

41.9”

54.4°

22”

39.4”

17”

(49.7°)
per global 
STM

5’
 –

3.
75

”

624 kip  
Figure B.4: Critical strut in region with a/d equal to 0.85 (AASHTO LRFD factored loads). 

The length of Node G is proportioned based on the amount of force that is transferred to 
the near support. As a result, the angle of inclination of Strut AG shown in Figure B.4 is slightly 
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different from the angle in the global model shown in Figure B.3 (54.4 versus 49.7-degrees, 
respectively). If the global truss model were to be updated with this new angle, then the forces in 
the elements would change slightly. However, it is common practice to ignore this slight 
discrepancy. Therefore, the truss elements shown in Figure B.4 are designed for the forces 
presented in Figure B.3. 

In order to design Strut AG, the allowable capacity of each nodal face (i.e. bearing face, 
back face, and strut-to-node interface) must be greater than the force applied to the boundary. 
This procedure is presented for the proposed method, ACI 318-08, and AASHTO LRFD (2008) 
provisions in the following sections. 

Design of Region with a/d = 0.85: Proposed Method 

Node A (CCT Node) 
The back face of node A must resist the bonding stresses developed by the anchorage of 

the tie. For this type of condition, stresses at the back face of a CCT node are not critical. The 
first step of the proposed method is to determine the triaxial confinement factor, m, as illustrated 
in Figure B.5. 

45 deg
22” x 22”

Bearing Plate
A1

45 deg

45 deg

Top of Bent Section through Bent

A2 is measured on this 
plane

Bearing Plate, A1

2
1

2
1

45”

 
Figure B.5: Determination of Triaxial Confinement Factor 

Triaxial Confinement Factor:  ( )
( ) 204.2

in22
in45m 2

2

≤==  

BEARING FACE  
Factored Load:  Fu = 1480 kip 
Efficiency:   ν = 0.70 
Concrete Capacity:  fcu = m·ν·fc′ = (2)·(0.7)·(5 ksi) = 7.0 ksi 

φ·Fn = (0.7)·(7.0 ksi)·(22 in.)·(22 in.) 
 = 2372 kip > 1480 kip OK 

STRUT-TO-NODE INTERFACE  
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 Factored Load:  Fu = 1940 kip 
 Efficiency:   0.65 ≤ ( )ksi20

ksi585.0 −  ≤ 0.45 = 0.60 

Concrete Capacity:  fcu = m·ν·fc′ = (2)·(0.60)·(5 ksi) = 6.0 ksi 
φ·Fn = (0.7)·(6.0 ksi)·(24.6 in.)·(22 in.) 

 = 2273 kip > 1940 kip OK 

Thus, according to the proposed procedure, the strength of Node A is sufficient to resist 
the applied forces. The capacity of Node G is determined as follows. Node G is not triaxially 
confined, so the confinement factor, m, is equal to one. 

Node G (CCC Node) 
Triaxial Confinement Factor:  m = 1.0 
BEARING FACE  

Factored Load:  Fu = 1480 kip 
Efficiency:   ν = 0.85 
Concrete Capacity:  fcu = m·ν·fc′ = (1)·(0.85)·(5 ksi) = 4.3 ksi 

φ·Fn = (0.7)·(4.3 ksi)·(39.4 in.)·(45  in.) 
 = 5337 kip > 1480 kip OK 

BACK FACE  
Factored Load:  Fu = 1254 kip 
Efficiency:   ν = 0.85 
Concrete Capacity:  fcu = m·ν·fc′ = (1)·(0.85)·(5 ksi) = 4.3 ksi 

φ·Fn = (0.7)·(4.3 ksi)·(17 in.)·(45  in.) 
 = 2303 kip > 1254 kip OK 

STRUT-TO-NODE INTERFACE  
 Factored Load:  Fu = 1940 kip 
 Efficiency:   0.65 ≤ ( )ksi20

ksi585.0 −  ≤ 0.45 = 0.60 

Concrete Capacity:  fcu = m·ν·fc′ = (1)·(0.6)·(5 ksi) = 3.0 ksi 
φ·Fn = (0.7)·(3.0 ksi)·(41.9 in.)·(45 in.) 

 = 3960 kip > 1940 OK 
Thus, according to the proposed procedure, the strength of Node G is sufficient to resist 

the applied forces. The capacity of Tie AB must also be evaluated. 

TIE AB 
Factored Load:  Fu = 1254 kip 
Efficiency:   ν = 1.0 
Tie Capacity:   (1.0)·(60ksi)·(20)·(1.56 in2) = 1872 kip 

φ·Fn = (0.9)·(1872 kip) 
 = 1685 kip > 1254 kip OK 

Thus, the capacity of Tie AB is adequate. Verifying the tie capacity is essentially the 
same procedure for all three provisions. Therefore, this check is not repeated for other 
provisions. 
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Minimum Transverse Reinforcement 
 The original cross-section (a/d = 0.85) had #6 4-legged stirrups at 4¼” and #7 horizontal 
bars at approximately 9” for web reinforcement.  The corresponding reinforcement ratios in each 
direction are calculated as follows: 

vw

v
v sb

A
=ρ  → 4·(0.44 in2)/ (45 in·4¼ in) = 0.0092   

     

hw

h
h sb

A
=ρ  → 2·(0.60 in2)/ (45 in·9 in) = 0.0029   

     
The original cross-section essentially meets the minimum web reinforcement 

requirements of the proposed provisions (5.6.3.5 in Appendix A).  The amount of stirrups 
exceeds the minimum by a factor of 3.  The quantity of horizontal reinforcement is slightly less 
than the required 0.3%.  If only the minimum amount of web reinforcement was provided, the 
web reinforcement would be as follows:   

1wv sb003.0A ⋅⋅=  → 2·(0.44 in2) = 0.003·(45in)·s1 
    s1 = 6.5in 

2wvh sb003.0A ⋅⋅=  → 2·(0.60 in2) = 0.003·(45in)·s2 
    s2 = 8.9in 
This reinforcement equates to #6 vertical stirrups at 6.5-inches and #7 horizontal bars at 

8.5-inches on center.  The minimum web reinforcement will be shown in the cross-section 
designed with the proposed STM provisions for comparison with the cross-sections designed 
according to the other specifications.  However, it is important to note that providing web 
reinforcement in excess of the minimum (as done in the original cross-section) is encouraged, 
albeit not required.  Additional web reinforcement will reduce the width of diagonal cracks (with 
diminishing returns) and will provide additional redistribution capacity to the member.   

A summary of the preceding design is presented in Figure B.7 along with the other 
provisions. Next, Strut AG and respective nodal regions are designed according to ACI 318-08. 

 

Design of Region with a/d = 0.85: ACI 318-08 

Check the ACI 318-08, §A.3.3.1 requirement for an adequately reinforced strut 
(discussed in Chapter 2, Equation 2-4). 

°⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
⋅

⋅
+°⎟⎟

⎠

⎞
⎜⎜
⎝

⎛
⋅

⋅
=

⋅
∑ 4.54sin

in6.8in45
in60.026.35sin

in25.4in45
in44.04sin

sb
A 22

i
is

si α  

      = 0.008 > 0.003 OK 
Thus, according to ACI 318-08 §A3.2.2, the strut is adequately reinforced. As a result, a 

higher strut efficiency factor of 0.75 may be used. 
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Refer to Figure B.4 for preliminary strut proportions and applied loads. The ACI 318-08 
load factors are lower than those applied to the STM presented in Figure B.3; as a result, the 
loads shown are multiplied by a factor of 0.945 (i.e. Pu_ACI/Pu_AASHTO = 1398/1480 = 0.945). 

Node A (CCT Node) 
BEARING FACE  

Factored Load:  Fu = 1398 kip 
Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 

φ·Fn = (0.75)·(3.4 ksi)·(22 in.)·(22 in.) 
 = 1234 kip < 1398 kip NG! 

BACK FACE  
Factored Load:  Fu = 1185 kip 
Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 

φ·Fn = (0.75)·(3.4 ksi)·(11.5 in.)·(22 in.) 
 = 645 kip < 1185 kip NG! 

STRUT-TO-NODE INTERFACE  
Factored Load:  Fu = 1833 kip 
Efficiency:   β = 0.75 
Concrete Capacity:  fcu=0.85·β·fc′ = (0.85)·(0.75)·(5 ksi) = 3.2 ksi 

φ·Fn = (0.75)·(3.2 ksi)·(24.6 in.)·(22 in.)  
 = 1299 kip < 1833 kip NG! 

Thus, the capacity of Node A does not meet the requirements of ACI 318-08. By 
inspection, Node A is more critical than Node G. The most critical location of Node A is its back 
face. Therefore, the bearing plates and beam must be resized in order to provide the back face of 
Node A with sufficient capacity. 

Typically, if a designer wishes to increase the capacity of a truss element, the simplest 
way is to increase the size of the bearing plate. However, there are realistic limits to the 
maximum size of a plate that can be provided. For this example, a 30”x30” bearing plate is 
considered to be a reasonable maximum size. It follows that increasing the size of the bearing 
plate to 30”x30” does not sufficiently increase the capacity of Strut AG in order for it to meet the 
requirements of ACI 318-08. 

Based on the ACI 318-08 STM provisions, additional shear capacity can be attained by 
increasing the depth of the bent; increasing the compressive strength of concrete; providing 
supplementary longitudinal reinforcement in order to increase the assumed height of the back 
face of a CCT node; or by a combination of all three of these methods. 

Increasing the compressive strength of concrete can be a very simple way to increase the 
capacity of a structure. However, TxDOT has expressed concern about maximum curing 
temperature in regard to concrete durability. Thus, it is believed to be impractical to exceed 
5,000-psi compressive strength while complying with the maximum temperature limits of the 
TxDOT 2004 Specifications. Also, for the purpose of comparison among different design 
provisions, the compressive strength of concrete is constantly maintained to be 5,000-psi. 
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For the purpose of this example problem, additional capacity is acquired by increasing 
the depth of the bent and/or nodal region. Most likely, the solutions determined in this example 
would vary from those selected in a design office given the many external factors involved such 
as: site restrictions, construction costs, and personal preferences. Nonetheless, the conclusions 
formed from comparing the provisions to one another will remain valid regardless of differences 
in optimization preferences. 

 In order for Strut AG (Figure B.4) to meet the requirements of ACI 318-08, its overall 
depth must be increased by 18-inches and the depth of the back face of Node A must be 
increased by 2.5-inches. As a result, the depth of the global model shown in Figure B.3 is 
increased by 16.75-inches (18” – 2

"5.2 = 16.75”) and the forces in the truss members are 
recalculated accordingly. The strut proportions and loads associated with these increases are 
illustrated in Figure B-6. 
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Figure B-6. Strut proportions associated with an increase in overall depth of 18-inches and 

increase in back face of Node A of 2.5-inches (ACI 318-08 load factors) 

The capacity of the critical back face of Node A is calculated as follows according to ACI 
318-08. 
BACK FACE OF NODE A, PER FIGURE B-6 

Factored Load:  Fu = 938 kip 
Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 
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φ·Fn = (0.75)·(3.4 ksi)·(14 in.)·(30 in.) 
 = 1071 kip > 938 kip OK 

Thus, the capacity of the bent illustrated in Figure B-6 meets the requirements of ACI 
318-08. 

 
Minimum Transverse Reinforcement 

ACI 318-08 does not require a minimum amount of transverse reinforcement. However, 
in order to use the higher strut efficiency factor, the following minimum amount of 
reinforcement must be provided: 

003.0sin
sb

A
i

is

si >
⋅

∑ α  

If it is assumed that the vertical and horizontal reinforcement ratios are identical, 
003.062sin28sin >°⋅+°⋅ ρρ  

Thus, 
 ρv = ρvh > 0.0022  

Provide #5 vertical stirrups at 6-inches and #6 horizontal bars at 8.5-inches on center.  
A summary of the preceding ACI 318-08 design is presented in Figure B.7 along with the 

other provisions. Next, Strut AG and respective nodal regions are designed according to 
AASHTO LRFD (2008). 

 

Design of Region with a/d = 0.85: AASHTO LRFD 

Refer to Figure B.4 for preliminary strut and nodal proportions, and respective applied 
loads. 
Node A (CCT Node) 
BEARING FACE  

Factored Load:  Fu = 1480 kip 
Efficiency:   ν = 0.75 
Concrete Capacity:  fcu = ν·fc′ = (0.75)·(5 ksi) = 3.8 ksi 

φ·Fn = (0.7)·(3.8 ksi)·(22 in.)·(22 in.) 
 = 1287 kip < 1480 kip NG! 

BACK FACE  
Factored Load:  Fu = 1254 kip 
Efficiency:   ν = 0.75 
Concrete Capacity:  fcu = ν·fc′ = (0.75)·(5 ksi) = 3.8 ksi 

φ·Fn = (0.7)·(3.8 ksi)·(11.5 in.)·(22 in.) 
 = 673 kip < 1254 kip NG! 

STRUT-TO-NODE INTERFACE  
 Factored Load:  Fu = 1940 kip 
Solve set of four equations simultaneously: 
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Concrete Efficiency:  85.0
1708.0
1

1
≤

⋅+
=

ε
ν   =  0.76 

 Tensile Strain Term:  °++= 4.54cot)002.0( 2
ss1 εεε   =  0.0030 

Tie Tensile Strain:  ( ) ( )ksi000,29in56.120
4.54cosF

2
n

s ⋅⋅
°⋅

=ε   = 0.0013 

Strength of Nodal Face: Fn= ν·(5 ksi)(24.6 in.)(22 in.) = 2058 kip 
    φ·Fn = (0.7)(2058 kip) 
 = 1441 kip < 1940 kip NG! 
By inspection, Node A is more critical than Node G. The most critical location of Node A 

is its back face. Therefore, the bearing plates and beam are proportioned such that Node A meets 
the requirements of AASHTO LRFD (2008). For the purpose of comparison, the nominal 
capacity of Node A is determined for the same strut proportions required by ACI 318-08 (Figure 
B-6). 
BACK FACE OF NODE A, PER FIGURE B-6 

Factored Load:  Fu = 993 kip 
Efficiency:   ν = 0.75 
Concrete Capacity:  fcu = ν·fc′ = (0.75)·(5 ksi) = 3.8 ksi 

φ·Fn = (0.7)·(3.8 ksi)·(14 in.)·(30 in.) 
 = 1117 kip > 993 kip OK 
Thus, for an a/d ratio of 0.85, the requirements of AASHTO LRFD (2008) are similar to 

ACI 318-08. 

Minimum Transverse Reinforcement 
AASHTO LRFD requires a vertical and horizontal reinforcement ratio of 0.3% of the 

gross area for the purpose of controlling crack widths. So, based on this requirement, provide #6 
vertical stirrups at 6.5-inches and eighteen #7 horizontal bars distributed evenly across the height 
of the section (resulting spacing is 5.75-inches).  

Comparison of Design Provisions for Shear Region with a/d = 0.85 

A comparison between the results obtained from the three design methodologies for the 
D-region with an a/d ratio equal to 0.85 (Figure B.2, Cross-Section A) is presented in Figure B.7.
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Proposed = 1.17
ACI 318 = 0.54
AASHTO = 0.54

Proposed = 1.17
ACI 318 = 0.54
AASHTO = 0.54   

ACI 318 = 1.14
Proposed = 1.86
AASHTO = 1.12

AASHTO = 1.12
Proposed = 1.86
ACI 318 = 1.14  

Figure B.7: Comparison of required cross-section per the proposed method, ACI 318-08, and AASHTO LRFD: a/d ratio = 0.85. 
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Based on a comparison of the three provisions, the following observations can be made: 
The proposed method results in a much higher nominal capacity than those obtained by 

using the ACI 318-08 and AASHTO LRFD (2008) provisions. As a result, the required cross-
section is significantly smaller. This is primarily attributed to the fact that the proposed 
provisions recognize that the back face check is overly conservative when the applied stress is 
attributed to bond of the anchored reinforcement. The capacity of the structure as determined by 
the ACI 318-08 and AASHTO LRFD (2008) provisions is controlled by the capacity at the back 
face of the CCT node. According to the proposed provisions, provided the tie is properly 
anchored behind the node, the stress check at this nodal face is not critical. 

Also, the smaller bearing plate (22”x22”) did not adversely affect the nominal capacity of 
the structure. The proposed method considers the increase in concrete compressive strength 
provided by triaxial confinement. Alternatively, the ACI 318-08 and AASHTO LRFD (2008) 
provisions do not consider the increase provided by triaxial confinement, so the bearing plate 
dimensions had to be increased to the maximum possible size (i.e. 30”x30”). 

Finally, the minimum amount of transverse reinforcement required by the proposed 
method, ACI 318-08 and the AASHTO LRFD (2008) specifications is significantly less than the 
amount contained in the existing bent.  However, the fact that the structure contains an amount in 
excess of the minimum is not a deficiency.  On the contrary, additional transverse reinforcement 
will provide for narrower crack widths and better distribution of cracks upon diagonal cracking 
with some diminishing returns. Next, the bent proportions and reinforcement ratio are discussed 
with regard to its anticipated serviceability performance. 

Serviceability Behavior for Region with a/d = 0.85 

By comparing the amount of shear due to service loads to the cracking strength of 
concrete, it is possible to estimate the likelihood that the structure will crack under service loads. 
The shear due to service loads for the portion of the bent with an a/d ratio of 0.85 is as follows: 
 Vsrv = 1072 kip 

As presented in Section 5.4.4, for an a/d ratio of 0.85, the shear at which the first diagonal 
crack will form can estimated as the following: 

( )( )inindbfdaV wccr 5.6945500095.3')/35.6( =⋅⋅−=  = 874 kip 
As a result, with the original cross-section, it is likely that diagonal cracks will form 

under the application of the full service loads.  Specifically, the first diagonal crack is expected 
to form under the full DL and 29-percent of the LL (792 + 0.29*280 = 874 kips).  To reduce the 
likelihood of diagonal cracking under full service loads, the size of the cross-section can be 
increased (increasing ‘d’ will also reduce the a/d ratio) or a higher strength concrete can be 
specified.  Minor diagonal cracking (single, narrow crack) was detected in this region of the 
original structure. 

 

B.2.3 Shear Region with an a/d Ratio Equal to 2.05 
Next, the nominal capacity determined by the proposed provisions is investigated for the 

deep beam portion of the bent with an a/d ratio equal to 2.05.  Since the a/d ratio for this portion 
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of the structure slightly exceeds 2, a sectional analysis would be recommended according to ACI 
318-08 and AASTHO LRFD 2007.  However, as shown in Section 5.3, the transition between 
deep beam and sectional beam behavior is gradual.  Thus, a STM analysis at this a/d ratio should 
be performed and compared with a sectional analysis.  A close-up of the critical strut proportions 
and respective nodal zones is presented to scale in Figure B-8. Note, the vertical reactions are 
slightly different from one another due to the inclined tie at Node K. 
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17”
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Figure B-8. Critical strut in region with a/d = 2.05. 

The length of Nodes E and K are proportioned based on the amount of force that is 
transferred to the near support. As a result, the angle of inclination of the strut is slightly changed 
from the global model shown in Figure B.3. However, forces from the global model are not 
updated to account for the slight change in strut angle. This method is consistent with standard 
design practice. 

Nodes E and K are classified as CCT nodes because of the presence of a horizontal tie to 
the right of Node E and to the left of Node K. Tensile stresses in the tie must be developed in the 
nodal region to some degree. However, the stress condition at the back face of Nodes E and K is 
much more complicated because of the compressive force that is applied from an additional strut 
framing into each node. These compressive stresses are not attributed to the bonding stress of an 
anchored tie; therefore, they must be applied to the back face and the nodes must be designed 
accordingly. As a result, the allowable capacity of Nodes E and K are verified as follows. 

In order to design this portion of the structure, the allowable capacity of each nodal face 
(i.e. bearing face, back face, and strut-to-node interface) must be greater than the applied force. 
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This procedure is presented for the proposed method, ACI 318-08 and the AASHTO LRFD 
(2008) provisions as follows. 

Design of Region with a/d Ratio Equal to 2.05: Proposed Method 

Node E (CCT Node) 

Triaxial Confinement Factor:  ( )
( ) 204.2

in22
in45m 2

2

≤==  

BEARING FACE  
Factored Load:  924 kip 
Efficiency:   ν = 0.70 
Concrete Capacity:  fcu = m·ν·fc′ = (2)·(0.7)·(5 ksi) = 7.0 ksi 

φ·Fn = (0.7)·(7.0 ksi)·(13.7 in.)·(22 in.) 
 = 1477 kip > 924 kip OK 

STRUT-TO-NODE INTERFACE  
 Factored Load:  2108 kip 
 Efficiency:   0.65 ≤ ( )ksi20

ksi585.0 −  ≤ 0.45 = 0.60 

Concrete Capacity:  fcu = m·ν·fc′ = (2)·(0.60)·(5 ksi) = 6.0 ksi 
φ·Fn = (0.7)·(6.0 ksi)·(16.8 in.)·(22 in.) 

 = 1552 kip < 2108 kip NG! 
BACK FACE 
 Factored Load:  947 kip 
 Efficiency:   ν = 0.70 

Concrete Capacity:  fcu = mνfc´ = (2)(0.70)(5 ksi) = 7.0 ksi 
φFn = (0.7)(7.0 ksi)(11.5 in.)(22 in.) 

= 1240 kip > 947 kip OK 
Node K (CCT Node) 
Triaxial Confinement Factor:  m = 1.0 
BEARING FACE  

Factored Load:  857 kip 
Efficiency:   ν = 0.70 
Concrete Capacity:  fcu = m·ν·fc′ = (1)·(0.70)·(5 ksi) = 3.5 ksi 

φ·Fn = (0.7)·(3.5 ksi)·(28 in.)·(45  in.) 
 = 3087 kip > 857 kip OK 

STRUT-TO-NODE INTERFACE  
 Factored Load:  2108 kip 
 Efficiency:   0.65 ≤ ( )ksi20

ksi585.0 −  ≤ 0.45 = 0.60 

Concrete Capacity:  fcu = m·ν·fc′ = (1)·(0.6)·(5 ksi) = 3.0 ksi 
φ·Fn = (0.7)·(3.0 ksi)·(28.6 in.)·(45 in.) 

 = 2703 kip > 2108 OK 
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BACK FACE 
 Factored Load:  948 kip 
 Efficiency:   ν = 0.70 

Concrete Capacity:  fcu = mνfc´ = (1)(0.70)(5 ksi) = 3.5 ksi 
φFn = (0.7)(3.5 ksi)(17 in.)(45 in.) 

= 1874 kip > 948 kip OK 
Tie EF 

Factored Load:  Fu = 948 kip 
Efficiency:   ν = 1.0 
Tie Capacity:   (1.0)·(60ksi)·(14)·(1.56 in2) = 1310 kip 

φ·Fn = (0.9)·(1310 kip) 
 = 1179 kip > 948 kip OK 

Thus, according to the proposed procedure, the stress check at the strut-to-node interface 
at Node E is not satisfied.  To increase the capacity, the beam width and the size of the bearing 
pad can be increased.  Also, the depth of the member can be increased which will decrease the 
force in the inclined strut.  All three of these options were used.  The size of the bearing plate 
was increased to 30”x30.”  This was considered to be a reasonable maximum for the size of the 
bearing plate.  Also, the beam width and beam depth were increased by 6-inches.  With these 
changes, the node-to-strut interface at Node E has sufficient capacity.  The updated strut 
proportions and forces are illustrated in Figure B-9. 
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Figure B-9: Strut proportions and forces associated with a 6-inch increase in depth of bent. 
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NODE E STRUT-TO-NODE INTERFACE, PER FIGURE B-9 
 Factored Load:  1954 kip 

 Confinement Factor:  ( )
( ) 7.1

in30
in51m 2

2

==  

Efficiency:   0.65 ≤ ( )ksi20
ksi585.0 −  ≤ 0.45 = 0.60 

Concrete Capacity:  fcu = m·ν·fc′ = (1.7)·(0.60)·(5 ksi) = 5.1 ksi 
φ·Fn = (0.7)·(5.1 ksi)·(19.6 in.)·(30 in.) 

 = 2099 kip > 1954 kip OK 
Thus, the capacity of strut illustrated in Figure B-9 meets the requirements of the 

proposed method. 

Minimum Transverse Reinforcement 
 As shown in the previous section, the size of the original cross-section (a/d = 2.05) was 
not sufficient according to the proposed STM provisions.  The minimum reinforcement required 
to ensure the satisfactory serviceability performance of the new section would be as follows:   

1wv sb003.0A ⋅⋅=  → 2·(0.44 in2) = 0.003·(51in)·s1 
    s1 = 5.75in 

2wvh sb003.0A ⋅⋅=  → 2·(0.60 in2) = 0.003·(51in)·s2 
    s2 = 7.8in 
This reinforcement equates #6 vertical stirrups at 5.5-inches and #7 horizontal bars at 7.5-

inches on center. The reinforcement should be distributed as shown in Article 5.6.3.5 of 
Appendix A.   

A summary of the preceding design is presented in Figure B.12 along with the other 
provisions. Next, Strut EK and respective nodal regions are designed according to ACI 318-08. 

 

Design of Region with a/d Ratio Equal to 2.05: ACI 318-08 

Refer to Figure B-8 for preliminary forces, strut, and nodal dimensions. By inspection, 
Node E is the most critical nodal zone. Therefore, the design of Strut EK is based on the design 
of Node E. Recall, that the ACI 318-08 load factors are less than those presented in Figure B-8. 
Therefore, all of the load values are multiplied by a factor of 0.945 (i.e. Pu_ACI/Pu_AASHTO = 
1398/1480 = 0.945). 

Node E (CCT Node) 
BEARING FACE  

Factored Load:  Fu = 873 kip 
Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 

φ·Fn = (0.75)·(3.4 ksi)·(13.7 in.)·(22 in.) 
 = 769 kip < 739 kip NG! 

BACK FACE  
Factored Load:  Fu = 895 kip + 896 kip = 1791 kip 
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Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 

φ·Fn = (0.75)·(3.4 ksi)·(11.5 in.)·(22 in.) 
 = 645 kip < 1791 kip NG! 

STRUT-TO-NODE INTERFACE  
 Factored Load:  Fu =1992 kip 
 Efficiency:   β = 0.75 

Concrete Capacity:  fcu =0.85·β·fc′ =(0.85)·(0.75)·(5 ksi) = 3.2 ksi 
φ·Fn = (0.75)·(3.2 ksi)·(16.8 in.)·(22 in.) 

 = 887 kip < 1992 kip NG! 

According to ACI 318-08, the back face of Node E is the most critical location. In order 
to properly design this region, the bent is proportioned such that the back face of Node E has 
adequate capacity. In addition to providing the maximum 30-inch bearing plate, the depth of the 
bent must be increased by 25-inches and the depth of the back face of Node E must be increased 
by 6-inches. The width of the beam was not increased because triaxial confinement is not 
permitted in the ACI 318-08 specifications.  Since the bearing plate is still less than the width of 
the member, an increase in beam width does not increase the width of the nodes.  Strut 
proportions and forces associated with these changes are illustrated in Figure B.10. 
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Figure B.10: Strut proportions and forces associated with a 25-inch increase in bent height and 

6-inch increase in depth of Node E (ACI 318 factored loads) 
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BACK FACE OF NODE E: PER FIGURE B.10 
Factored Load:  Fu = 739 kip + 592 kip = 1331 kip 
Efficiency:   β = 0.80 
Concrete Capacity:  fcu = 0.85·β·fc′ = (0.85)·(0.8)·(5 ksi) = 3.4 ksi 

φ·Fn = (0.75)·(3.4 ksi)·(17.5 in.)·(30 in.) 
 = 1339 kip > 1331 kip OK 

Thus, the capacity of the bent illustrated in Figure B.10 meets the requirements of ACI 
318-08. 

Minimum Transverse Reinforcement 
ACI 318-08 does not stipulate a minimum amount of transverse reinforcement. However, 

in order to use the higher strut efficiency factor, the following minimum amount of 
reinforcement must be provided: 

003.0sin
sb

A
i

is

si >
⋅

∑ α  

If it is assumed that the vertical and horizontal reinforcement ratios are identical, 
003.052sin38sin >°⋅+°⋅ ρρ  

Thus, 
ρv = ρvh > 0.0021  

Provide #5 vertical stirrups at 6-inches and #6 horizontal bars at 8.5-inches on center.  
A summary of the preceding ACI 318-08 results is presented in Figure B.12 along with 

the other provisions. Next, Strut EK and respective nodal regions are designed according to 
AASHTO LRFD. 

 

Design of Region with a/d Ratio Equal to 2.05: AASHTO LRFD 

Refer to Figure B-8 for preliminary forces, strut and nodal proportions. By inspection, 
Node E is the most critical nodal zone. Therefore, design of Strut EK is based on the design of 
Node E. 

Node E (CCT Node) 
BEARING FACE  

Factored Load:  Fu = 924 kip 
Efficiency:   ν = 0.75 
Concrete Capacity:  fcu = ν·fc′ = (0.75)·(5 ksi) = 3.8 ksi 

φ·Fn = (0.7)·(3.8 ksi)·(13.7 in.)·(22 in.) 
 = 802 kip < 924 kip NG! 

BACK FACE  
Factored Load:  Fu = 947 kip + 948 kip = 1895 kip 
Efficiency:   ν = 0.75 
Concrete Capacity:  fcu = ν·fc′ = (0.75)·(5 ksi) = 3.8 ksi 

φ·Fn = (0.7)·(3.8 ksi)·(11.5 in.)·(22 in.) 
 = 673 kip < 1895 kip NG! 
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STRUT-TO-NODE INTERFACE  
 Factored Load:  Fu = 2108 kip 
Solve set of four equations simultaneously: 

Concrete Efficiency:  85.0
1708.0
1

1

≤
⋅−

=
ε

ν   =  0.39 

 Tensile Strain Term:  °++= 5.29cot)002.0( 2
ss1 εεε  =  0.0103 

Tie Tensile Strain:  ( ) ( )ksi000,29in8.21
5.29cosF

2
n

s ⋅
°⋅

=ε   = 0.0010 

Strength of Nodal Face: Fn= ν·(5 ksi)(16.3 in.)(22 in.) =  705 kip 
    φ·Fn = (0.7)(705 kip) 
      = 722 kip < 2108 kip NG! 

The strut-to-node interface at Node E is the most critical location. Therefore, the size of 
the bent is increased in order to provide Node E with adequate capacity. As a preliminary check, 
evaluate whether or not the bent dimensions required per ACI 318-08 (Figure B.10) meet the 
requirements of AASHTO LRFD (2008). Recall, the loads illustrated in Figure B.10 are ACI 
318-08 factored loads. AASHTO LRFD (2008) load factors are slightly higher, so the loads are 
multiplied by a factor of 1.059 (i.e. Pu_AASHTO/Pu_ACI = 1480/1398 = 1.059). 

NODE E STRUT-TO-NODE INTERFACE, PER FIGURE B.10 
 Factored Load:  Fu = 1683 kip 
Solve set of four equations simultaneously: 

Concrete Efficiency:  85.0
1708.0
1

1

≤
⋅−

=
ε

ν   =  0.46 

 Tensile Strain Term:  °++= 5.37cot)002.0( 2
ss1 εεε  =  0.0080 

Tie Tensile Strain:  ( ) ( )ksi000,29in1.28
5.37cosF

2
n

s ⋅
°⋅

=ε   = 0.0017 

Strength of Nodal Face: Fn= ν·(5 ksi)(25.4 in.)(30 in.) = 1761 kip 
    φ·Fn = (0.7)(1761 kip) 
      = 1233 kip < 1683 kip NG! 
In order for the bent to meet the requirements of AASHTO LRFD, the bent depth must be 

increased by 35-inches and the depth of Node E must be increased by 10.5-inches. The width of 
the beam was not increased because triaxial confinement is not permitted in the AASHTO LRFD 
STM specifications.  Since the bearing plate (30”) is still less than the width of the member 
(45”), an increase in beam width does not increase the width of the nodes.  Strut proportions 
associated with this increase and applied loads are illustrated in Figure B.11. 
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Figure B.11: Strut proportions and forces associated with a 35-inch increase in bent depth and 

10.5-inch increase in depth of Node E (AASHTO LRFD factored loads). 

NODE E STRUT-TO-NODE INTERFACE, PER FIGURE B.11 
 Factored Load:  1592 kip 
Solve set of four equations simultaneously: 

Concrete Efficiency:  85.0
1708.0
1

1

≤
⋅−

=
ε

ν   =  0.53 

 Tensile Strain Term:  °++= 0.40cot)002.0( 2
ss1 εεε  =  0.0064 

Tie Tensile Strain:  ( ) ( )ksi000,29in6.40
0.40cosF

2
n

s ⋅
°⋅

=ε   = 0.0015 

Strength of Nodal Face: Fn= ν·(5 ksi)(28.9 in.)(30 in.) =  2287 kip 
    φ·Fn = (0.7)(2287 kip) 
      = 1601 kip > 1592 kip OK 

Thus, the capacity of the bent illustrated in Figure B.11 meets the requirements of 
AASHTO LRFD (2007). 
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Minimum Transverse Reinforcement 
AASHTO LRFD requires a vertical and horizontal reinforcement ratio of 0.3% of the 

gross area for the purpose of controlling cracking. So, based on this requirement, provide #6 
vertical stirrups at 6.5-inches and twenty #8 horizontal bars distributed evenly across the height 
of the section (resulting in a spacing of 7-inches).  

A summary of the preceding AASHTO LRFD results is presented along with the other 
provisions in the following section. 

Comparison of Design Provisions for Shear Region with a/d = 2.05 

A comparison between the results obtained from the three design methodologies (i.e. 
proposed method, ACI 318-08, and AASHTO LRFD) for the portion of the bent with an a/d ratio 
equal to 2.05 (Figure B.2, Cross-Section B) is presented in Figure B.12. 
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 Increase plate to 30” Increase plate to 30”  Increase plate by 30” 
 Increase height by 6” Increase height by 25”  Increase height by 35” 
 Increase width by 6” Increase node depth by 4.5” Increase node depth by 10.5” 

Ratio of Capacity over Applied Load, 
φVn Vu

Ratio of Capacity over Applied Load, 
φVn Vu

φVn Vu

 

   

Proposed = 0.74
ACI 318 = 0.36
AASHTO = 0.34      

Proposed = 1.07
ACI 318 = 0.51
AASHTO = 0.50    

ACI 318 = 1.09
Proposed = 1.62
AASHTO = 0.80   

AASHTO = 1.01
Proposed = 1.94
ACI 318 = 1.29  

 

Figure B.12: Comparison of required cross-section per the proposed method, ACI 318-08, and AASHTO LRFD (2007): a/d ratio 
= 2.05. 
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Based on a comparison of the three provisions, the following observations can be made: 
The proposed method results in a much higher capacity than the ACI 318-08 and 

AASHTO LRFD (2008) provisions. As a result, the cross-section required by the proposed 
procedure is significantly smaller. One reason for the difference can be attributed to the fact that 
the proposed procedure considers the increase in concrete compressive strength provided by 
triaxial confinement of the bearing plate. Neither the ACI 318-08 nor the AASHTO LRFD 
(2008) provisions consider the beneficial effects of triaxial confinement. In addition, according 
to the AASHTO LRFD (2008) provisions, the efficiency of the node-to-strut interface decreases 
as the shear span-to-depth ratio increases. It follows that excessively conservative results can be 
expected when using AASHTO LRFD (2008) for D-regions with an a/d ratio in the range of two.  
Despite the differences in the results of the three methods, they are similar in the fact that the 
results suggest that the dimensions of the original cross-section are inadequate to resist the 
application of the factored loads.  

Since this portion of the bent has an a/d ratio slightly greater than 2.0, the capacity of this 
region may be determined according to sectional shear provisions. The sectional shear strength 
of this region is determined according to ACI 318-08 and AASHTO LRFD (2008). A discussion 
on the implications of using a sectional analysis rather than a deep beam analysis is presented in 
Section B.3.   

In addition to the sectional shear strength, it is also of interest to examine the ratio of 
service load to cracking strength applied to this portion of the bent. The service loading is 
compared with the cracking strength of concrete in the following section. 

Serviceability Behavior for Region with a/d = 2.05 

By comparing the amount of service shear to the diagonal cracking strength of concrete, 
it is possible to estimate the likelihood that the structure will crack while in service. The shear 
force due to service loads for the portion of the bent with an a/d ratio of 2.05 is as follows: 

Vsrv = (856 kip)·(1072kip/1480kip) = 620 kip 
According to Section 5.4.4, for an a/d ratio of 2.05, the shear at which the first diagonal 

crack will form with the original section dimensions can be estimated as the following: 
( )( )in63in4550002db'f2V wccr =⋅⋅=  = 401 kip 

The cracking capacity of this portion of the structure is less than the full service level 
loading. As a result, it is expected that diagonal cracks will exist under full service loads.  In fact, 
diagonal cracks are expected to form under the application of 65% of the service-level loading 
(i.e. 401/620 = 0.65) or 88% of the DL (i.e. (856/1480)*792 = 458 kips DL; 401/458 = 0.88).  In 
the actual structure, a number of parallel, diagonal cracks existed in this portion of the structure 
(a/d = 2.05).  The significant amount of cracking agrees with the above calculation regarding the 
expectancy of the member to crack under only 88% of the DL. 

In order to prevent cracking from occurring under the application of service loads, bent 
dimensions or the compressive strength of concrete must be increased such that Vcr ≥ Vsrv.  For 
the proposed section, the diagonal cracking load can be estimated as:  

( )( )inindbfV wccr 695150002'2 =⋅⋅=  = 498 kip 
The cracking capacity of this portion of the structure is less than the full service level 

loading.  However, diagonal cracks are not expected to form until the full dead load and 
approximately 25-percent of the live load is on the structure (i.e. 498-458 = 40 kips of LL; 
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40/(856/1480*280) = 0.25).  To further reduce the likelihood of diagonal cracking under service, 
the design of the cross-section can be altered as before.  

B.3 Sectional Shear Design 
The purpose of calculating the sectional shear capacity for the portion of the beam with 

an a/d ratio of 2.05 (Figure B.2, Section A) is to compare the results to those determined from a 
strut-and-tie model. The discrepancy in the shear capacity at an a/d ratio near 2 determined by 
deep beam and sectional shear provisions is a topic of interest to the current project. 

The ACI 318-08 and AASHTO LRFD (2008) provisions require that a designer use deep 
beam provisions for structures with a shear span-to-depth ratio less than or equal to two. For 
structures whose a/d ratio is near two, it is logical to expect that the capacity determined from a 
strut-and-tie model to be similar to that determined from a sectional model. In other words, the 
calculated capacity of a member should not significantly vary for an a/d ratio of 2.1 or 1.9. 
However, the difference in the allowable shear capacity according to sectional shear or a STM is 
often quite drastic (Section 5.3). 

B.3.1 Shear Region with a/d Ratio Equal to 2.05 
Refer to Figure B.3 for the critical shear force in Section A. The AASHTO LRFD (2008) 

factored shear is 856-kip; the ACI 318-08 factored shear is 809-kip. The ACI 318-08 and 
AASHTO LRFD (2008) reduction factors for sectional shear are 0.75 and 0.9, respectively. The 
nominal shear capacity according to ACI 318-08 and AASHTO LRFD (2008) is presented as 
follows. 

ACI 318-08 §11.1, Shear Strength 

Factored Load:  Vu = 809 kip 
Sectional Capacity:  Vn = Vc + Vs 

Where, 
( ) ( )in63in45psi50002db'f2V wcc ⋅⋅=⋅⋅=   = 401 kip 

( ) ( ) ( )
in5.5

in63ksi60in44.04
s

dfAV
2

vv
s

⋅⋅⋅=⋅⋅=  = 1210 kip 

φVn = (0.75)·(1611 kip) = 1208 kip > 809 kip OK 
According to ACI 318-08, the strength of the bent is adequate. However, recall that 

according to the STM design previously presented, the depth of the bent had to be considerably 
increased in order to meet the requirements of ACI 318-08. The degree of discontinuity between 
sectional shear and STM provisions is discussed in Section B.3.2. Next, the sectional shear 
capacity according to the AASHTO LRFD (2008) provisions is presented.  

AASHTO LRFD§5.8.3, Sectional Design Model (General Procedure) 

Factored Load:  Vu = 856 kip 
Sectional Capacity:  Vn = Vc + Vs 

Where, 

vvcc db'f0316.0V β=  
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θtans
dfAV vyv

s ⋅=  

and, 
β = factor indicating the ability of diagonally cracked concrete to transmit 

tension and shear.  

According to AASHTO LRFD (2008), the factor, β, is determined based on the 
longitudinal strain, shear stress, spacing and inclination of cracking across the web. For non-
prestressed beams, sufficiently reinforced, the factor, β, may be determined according to 
Equation B.1: 

( )s
s 7501

8.4
ε

β
+

=  (B.1) 

And the angle of inclination of the cracking, θ, is determined according to Equation B.2: 
θ = 29 + 3500εs (B.2) 

Where the longitudinal strain, εs, in the web is determined according to Equation B.3. 

( )ss

uu
v

u

s AE2

cotV5.0N5.0
d
M

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
++

=

θ
ε  (B.3) 

Where, 
Mu = Factored moment at critical section, kip-in. 
Vu = Factored shear at critical section, kip 
Nu =  Factor axial force at critical section, kip 
θ = Angle of inclination of diagonal cracking, radian 
dv = distance between longitudinal top and bottom reinforcement, in. 
Es = Modulus of elasticity of steel reinforcement 
As = Area of flexural tension reinforcement, in2  

Based on a linear analysis of the multiple-column bent, the factored moment at the 
critical section is 51,750-kip·inches and the factored shear force is 856-kip. The longitudinal 
strain and angle of inclination terms are simultaneously calculated as follows: 

( )

( )2s in1.28ksi000,292

4.32cotkip8565.0kip05.0
in57

inkip750,51

⋅

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
°++

⋅

=ε  = 0.00097 

θ = 29 + 3500·(0.00097)     = 32.4º 
Thus, 

( )00097.07501
8.4

s ⋅+
=β      = 2.78 

Therefore, the nominal shear capacity can be calculated as follows: 
( )( ).in57.in45ksi57.20316.0Vc ⋅⋅=    = 489 kip 

( ) ( ) ( )
( ) °

⋅⋅= 4.32tan.in5.5
in57ksi60in44.04V

2

s   = 1724 kip 

 
φVn = (0.90)·(2214 kip)= 1992 kip > 856 kip OK 
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According to AASHTO LRFD (2008), the strength of the bent is adequate. Yet, recall 

that the depth of the bent had to be considerably increased in order to meet the requirements of 
the strut-and-tie provisions of AASHTO LRFD (2008). The discontinuity between sectional 
shear and deep beam provisions is discussed in the following section. 

B.3.2 Comparison of Deep Beam and Sectional Shear Provisions 
The capacity of the bent at Section B (Figure B.2) has been determined according to the 

proposed, ACI 318-08, and AASHTO LRFD (2008) STM provisions; and the ACI 318-08 and 
AASHTO LRFD (2008) section-based provisions. A comparison between the results of these 
analyses is presented in Table B.1. 

Table B.1. Shear Capacity of Original Cross-Section B (a/d = 2.05) 

Design 
Procedure 

Capacity / Factored Load 

STMV
SectionalV

n

n

φ
φ

 
STM, 

u

n

V
V⋅φ

 Sectional, 
u

n

V
V⋅φ

 

Proposed Method 0.74 1.49† 2.01 

ACI 318 0.36 1.49 4.14 
AASHTO LRFD 0.34 2.33 6.85 
† ACI 318-08 sectional shear capacity 

The information presented in Table B.1 illustrates the relative discontinuity in nominal 
capacity as determined by sectional shear and deep beam provisions. This phenomenon is 
especially apparent for a structure with an a/d ratio equal to 2.05. As an example, according to 
the AASHTO LRFD (2008) sectional shear provisions, the capacity of the structure under 
investigation is estimated to be 6.85 times greater than the capacity as determined per the deep 
beam provisions. The implication of such a discrepancy is that a bent over nine feet deep is 
required per AASHTO LRFD (2008) for an a/d ratio of 1.9 (Figure B.12), yet a 6.5-foot deep 
bent is sufficient if the a/d ratio is slightly greater than two. 

The proposed strut-and-tie modeling procedure addresses this discontinuity to a large 
extent.  The ratio of the capacity according to a sectional shear model and that of the proposed 
STM provisions is 2.01.  That is, the sectional shear strength is 1.92 times the STM strength.  
While this amount of discrepancy is still large, it is a substantial improvement relative to the 
factors of 4.14 and 6.85 that result with the use of the STM provisions in ACI 318-08 and 
AASHTO LRFD (2008), respectively (Table B.1).   

It is important to note that the discrepancy is increased by the large ratio of Vs/Vc.  As 
noted in Section 5.3.3, the Vs/Vc ratio should be limited to a value near 2 to help reduce the 
discrepancy between sectional shear and deep beam shear capacity.  For the AASHTO LRFD 
(2008) and the ACI 318-08 sectional shear provisions, the ratio of Vs/Vc was 3.5 and 3.0, 
respectively.  It is not recommended to rely on such a large percentage of shear capacity from 
stirrup contribution for members with an a/d ratio near 2.   

Completely eliminating the discrepancy between shear strength calculated with sectional 
shear and STM provisions in general is unlikely.  The models are completely different and a 
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function of many variables.  However, it was shown through this example and in Section 5.3.3 
that with the use of the proposed STM provisions, the discrepancy is largely reduced relative to 
the STM provisions in AASHTO LRFD (2008) and ACI 318-08.  Also, limiting the Vs/Vc ratio 
to a value near 2 may help reduce the discrepancy in shear strength at an a/d ratio near 2.   

B.4 Summary 
In this section, a multiple-column bent cap was evaluated.  Several findings of the current 

project were specifically implemented in the re-design or analysis of the structure.  First and 
foremost, the proposed STM provisions were used to check the capacity of the original cross-
section.  While the shear span with an a/d ratio of 0.85 was found to be satisfactory from a 
strength point of view, the shear span with an a/d ratio of 2.05 was not.  Using the proposed STM 
provisions, it was determined that one of the node-to-strut interfaces was overstressed by 
approximately 36% (2108/1552).  The amount of distress present in the bent cap in service 
(Figure B.1) seems to be fairly consistent with the level of distress implied by the strut-and-tie 
analysis of the original cross-section.  From a strength perspective, the use of the proposed STM 
provisions would suggest an increase in the cross-section (6-inches in depth and width) and an 
increase in the size of the bearing plate.  In the experimental program of the current study, the 
importance of bearing plate dimensions and triaxial confinement in regards to the strength of 
deep beams was illustrated definitively (Section 4.6 and 4.4).  

When the original bent cap was checked with the STM provisions in AASHTO LRFD 
(2008) and ACI 318-08, it was found to be drastically too small.  In fact, the use of the AASHTO 
LRFD (2008) and ACI 318-08 provisions recommended substantially larger cross-sections 
(Figure B.7 and Figure B.12).  From a strength standpoint, it is unlikely that such a dramatic 
change is warranted.  The reason for the reduction in unnecessary conservatism between the use 
of the proposed STM provisions and the AASHTO LRFD (2008) and ACI 318-08 provisions 
was the allowance for triaxial confinement and the treatment of the bond stresses at the back face 
of the CCT node in the case of the former.  

To limit the width of diagonal cracks at service loads, minimum reinforcement can be 
provided.  In addition, a simple serviceability check may be used to reduce the likelihood of 
diagonal cracking under service loads. In the example problem, it was shown that the 
recommended minimum reinforcement was actually less than that provided in the original cross-
section.  When practical, providing additional reinforcement in excess of the minimum is 
satisfactory and will reduce the width of diagonal cracks (with diminishing returns) should they 
form.  When service load shear checks were performed on the original cross-section, it was 
found that the member was expected to crack under service loads.  For the span with an a/d ratio 
of 0.85, the load at first diagonal cracking was estimated to occur under full service load and 
approximately 29-percent of the live-load.  For the span with an a/d ratio of 2.05, the load at first 
diagonal cracking was estimated to occur at only 88-percent of the dead load.  From this check, it 
is clear that the original section was expected to crack in service.  After performing these checks 
on the proposed section, it was found that diagonal cracking was expected to occur under full 
dead loads and approximately 25-percent of the live load for both shear spans.  From a strength 
perspective, this amount of distress seems satisfactory since the diagonal cracking load was 
generally only 30-percent of the ultimate capacity of the structure.  However, it may not be 
satisfactory from a serviceability perspective.  The designer has the option to increase the size of 
the section and specify higher concrete strength to reduce the risk of diagonal cracking in 
service.  
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Since one portion of the structure was loaded at an a/d ratio of 2.05, it can be designed 
with a sectional shear model.  In the example problem, it was illustrated that due to the 
unnecessary conservatism of the STM provisions in ACI 318-08 and AASHTO LRFD (2008) 
and the relatively high ratios of Vs/Vc, there was a large discrepancy between the sectional 
capacity and the STM capacity according to these provisions.  When the capacity according to 
the proposed STM provisions was compared to the sectional shear capacity, a more reasonable 
discrepancy was observed.  This discrepancy can likely be further reduced by limiting the Vs/Vc 
ratio to a value near 2. 

In short, the example problem presented in this section was a unique case study in which 
several of the findings of the current project could be applied directly.  It is believed that the 
results of this example problem further support the recommendations of the current study.   
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APPENDIX D.  Evaluation Database 

D.1 Overview 
The following details are presented in Table D.1 for the specimens in the Evaluation 

Database: 
b = beam width, in. 

h =  beam height, in. 

d =  distance form extreme compression fiber to centroid of tensile reinforcement, in. 

fc′ = compressive strength of concrete at the time of testing, psi. 

Note: if the compressive strength was measured based on the test of a standard 100 or 
150-mm cube, then it was converted to the equivalent 6-inch cylinder strength according 
to fib (1999). 

fy = yield strength of tensile reinforcement, ksi. 

fyv = yield strength of vertical transverse reinforcement, ksi. 

ρl = ratio of longitudinal tensile reinforcement to effective area, db
As

⋅  

ρl′ = ratio of longitudinal compression reinforcement to effective area, db
'As
⋅  

ρv = ratio of vertical transverse reinforcement to effective area, 
1

v
sb

A
⋅  

ρh = ratio of horizontal transverse reinforcement to effective area, 
2

vh
sb

A
⋅  

s = spacing of vertical ties, in. 

Load Plate = dimensions of the load bearing plate measured in the longitudinal and 
transverse direction (l x w), in. 

Support Plate = dimensions of the support bearing plate measured in the 
longitudinal and transverse direction (l x w), in. 

a/d ratio = shear span-to-depth ratio 

Vtest = maximum shear carried in test region, including the estimated self weight of the 
specimen and transfer girders, kip 
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Table D.1: Evaluation Database (1 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Current Study (2008) 
M-03-4-CCC2436 36 48 40 4100 67 61 0.0043 0.0293 0.0031 0.0030 11 24x36 16x36 1.85 1128.3 
M-09-4-CCC2436 36 48 40 4100 67 61 0.0043 0.0293 0.0086 0.0030 4 24x36 16x36 1.85 1426.0 
M-02-4-CCC2436 36 48 40 2800 65 63 0.0043 0.0293 0.0022 0.0022 10 24x36 16x36 1.85 1102.0 
M-03-4-CCC0812 36 48 40 3000 65 63 0.0043 0.0293 0.0031 0.0030 11 8x12 16x36 1.85 930.0 
M-03-2-CCC2436 36 48 40 4900 68 62 0.0022 0.0293 0.0031 0.0027 11 24x36 16x36 1.85 1096 
I-03-2 21 44 38.5 5240 73 67 0.0116 0.0229 0.0029 0.0033 6.5 20x21 16x21 1.84 569.2 
I-03-4 21 44 38.5 5330 73 73 0.0116 0.0229 0.0030 0.0033 7 20x21 16x21 1.84 657.4 
I-02-2 21 44 38.5 3950 73 67 0.0116 0.0229 0.0020 0.0020 9.5 20x21 16x21 1.84 453.7 
I-02-4 21 44 38.5 4160 73 73 0.0116 0.0229 0.0021 0.0020 10 20x21 16x21 1.84 528.1 
II-03-CCC2021 21 42 38.6 3290 64 65 0.0115 0.0231 0.0031 0.0045 9.5 20x21 10x21 1.84 499.5 
II-03-CCC1007 21 42 38.6 3480 64 65 0.0115 0.0231 0.0031 0.0045 9.5 10x7 10x21 1.84 477.4 
II-03-CCT1021 21 42 38.6 4410 66 71 0.0115 0.0231 0.0031 0.0045 9.5 36x21 10x21 1.84 635.4 
II-03-CCT0507 21 42 38.6 4210 66 71 0.0115 0.0231 0.0031 0.0045 9.5 36x21 5x7 1.84 597.4 
II-02-CCT0507 21 42 38.6 3120 69 64 0.0115 0.0231 0.0020 0.0019 15 36x21 5x7 1.84 401.4 
II-02-CCC1007 21 42 38.6 3140 69 64 0.0115 0.0231 0.0020 0.0019 15 10x7 10x21 1.84 334.8 
II-02-CCC1021 21 42 38.6 4620 69 67 0.0115 0.0231 0.0020 0.0019 15 10x21 10x21 1.84 329.0 
II-02-CCT0521 21 42 38.6 4740 69 67 0.0115 0.0231 0.0020 0.0019 15 20x21 5x21 1.84 567.4 
III-1.85-02 21 42 38.6 4100 66 64 0.0115 0.0231 0.0020 0.0019 14.5 20x21 16x21 1.84 487.8 
III-1.85-025 21 42 38.6 4100 66 64 0.0115 0.0231 0.0024 0.0014 12 20x21 16x21 1.84 515.6 
III-1.85-03 21 42 38.6 4990 69 64 0.0115 0.0231 0.0029 0.0029 10 20x21 16x21 1.84 412.3 
III-1.85-01 21 42 38.6 5010 69 63 0.0115 0.0231 0.0010 0.0014 18 20x21 16x21 1.84 272.6 
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Table D.1: Evaluation Database (2 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Current Study (2008), continued… 
III-1.85-03b 21 42 38.6 3300 69 62 0.0115 0.0231 0.0031 0.0029 6 20x21 16x21 1.84 471.1 
III-1.85-02b 21 42 38.6 3300 69 62 0.0115 0.0231 0.0020 0.0018 9.5 20x21 16x21 1.84 467.6 
III-1.2-02 21 42 38.6 4100 66 60 0.0115 0.0231 0.0020 0.0018 9.5 20x21 16x21 1.84 846.5 
III-1.2-03 21 42 38.6 4220 66 68 0.0115 0.0231 0.0031 0.0029 9.5 20x21 16x21 1.84 829.2 
III-2.5-02 21 42 38.6 4630 66 62 0.0115 0.0231 0.0020 0.0018 9.5 20x21 16x21 1.84 298.3 
III-2.5-03 21 42 38.6 5030 66 65 0.0115 0.0231 0.0031 0.0029 9.5 20x21 16x21 1.84 516.0 
IV-2175-1.85-02 21 74.5 68.9 4930 68 66 0.0129 0.0237 0.0020 0.0018 9.5 29x21 16x21 1.85 762.7 
IV-2175-1.85-03 21 74.5 68.9 4930 68 66 0.0129 0.0237 0.0031 0.0029 9.5 29x21 16x21 1.85 842.4 
IV-2175-2.5-02 21 74.5 68.9 5010 68 64 0.0129 0.0237 0.0021 0.0021 14.3 24x21 16x21 2.50 509.9 
IV-2175-1.2-02 21 74.5 68.9 5010 68 64 0.0129 0.0237 0.0021 0.0021 14.3 24x21 16x21 1.2 1222.8 
IV-2123-1.85-03 21 22.5 19.5 4160 66 66 0.0232 0.0232 0.0030 0.0030 6.3 16.5x21 16x21 1.85 328.5 
IV-2123-1.85-02 21 22.5 19.5 4220 66 81 0.0232 0.0232 0.0020 0.0017 5.3 16.5x21 16x21 1.85 347.0 
IV-2123-2.5-02 21 22.5 19.5 4570 65 58 0.0232 0.0232 0.0020 0.0017 5.3 15.5x21 16x21 2.50 160.7 
IV-2123-1.2-02 21 22.5 19.5 4630 65 58 0.0232 0.0232 0.0020 0.0017 5.3 18x21 16x21 1.20 591.6 
Rogowsky, MacGregor, and Ong (1986)
1/1.0N 7.9 39.4 37.4 3785 55 83 0.0000 0.0094 0.0015 0.0000 7.4 11.8x7.9 7.9x7.9 1.05 136.3 
2/1.0N 7.9 39.4 37.4 3887 55 83 0.0003 0.0094 0.0015 0.0006 7.4 11.8x7.9 7.9x7.9 1.05 169.6 
2/1.5N 7.9 23.6 21.1 6150 66 83 0.0005 0.0112 0.0019 0.0011 5.9 11.8x7.9 7.9x7.9 1.87 78.8 
2/2.0N 7.9 19.7 17.9 6266 66 83 0.0006 0.0088 0.0014 0.0012 7.9 7.9x7.9 7.9x7.9 2.20 46.3 
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Table D.1: Evaluation Database (3 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Brown, Sankovich, Bayrak, Jirsa, Breen, and Wood (2006) 
I-CL-8.5-0 6 30 27 2584 68 73 0.0195 0.0014 0.0043 0.0000 8.5 6x6 6x6 1.11 79.9 
I-2C-8.5-0 6 30 27 3208 68 73 0.0195 0.0014 0.0043 0.0000 8.5 12x6 6x6 1.67 121.6 
II-N-F-5.8-3 18 18 16 2880 68 73 0.0219 0.0008 0.0041 0.0000 3 10x18 6x18 1.69 180.8 

Moody, Viest, Elstner, and Hognestad (1954) 
III-30 7 24 21 3680 44 47 0.0425 0.0213 0.0052 0.0000 6 8x7 8x7 1.52 108.1 
III-31 7 24 21 3250 44 44 0.0425 0.0213 0.0095 0.0000 6 8x7 8x7 1.52 114.6 
Oh and Shin (2001) 
N42A2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.85 64.1 
N42B2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0022 0.0043 8.7 7.1x5.1 5.1x5.1 0.85 84.9 
N42C2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0034 0.0043 5.7 7.1x5.1 5.1x5.1 0.85 80.6 
H41A2(1) 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.50 160.3 
H41B2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0022 0.0043 8.7 7.1x5.1 5.1x5.1 0.50 158.7 
H41C2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0034 0.0043 5.7 7.1x5.1 5.1x5.1 0.50 159.3 
H42A2(1) 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.85 109.9 
H42B2(1) 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0022 0.0043 8.7 7.1x5.1 5.1x5.1 0.85 102.7 
H42C2(1) 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0034 0.0043 5.7 7.1x5.1 5.1x5.1 0.85 94.7 
H43A2(1) 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 78.2 
H43B2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0022 0.0043 8.7 7.1x5.1 5.1x5.1 1.25 85.8 
H43C2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0034 0.0043 5.7 7.1x5.1 5.1x5.1 1.25 90.6 
H45A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 2.00 47.6 
H45B2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0022 0.0043 8.7 7.1x5.1 5.1x5.1 2.00 53.6 
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Table D.1: Evaluation Database (4 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Oh and Shin (2001), continued… 
H45C2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0034 0.0043 5.7 7.1x5.1 5.1x5.1 2.00 53.1 
N33A2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 51.5 
N43A2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 57.5 
N53A2 5.1 22.1 19.7 3440 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 46.9 
H31A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.50 167.6 
H32A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.85 119.1 
H33A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 85.0 
H51A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.50 157.9 
H52A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 0.85 127.8 
H53A2 5.1 22.1 19.7 7121 60 60 0.0156 0.0022 0.0012 0.0043 16 7.1x5.1 5.1x5.1 1.25 81.8 
Foster and Gilbert (1998)  
B1.2-3 4.9 47.2 44.2 11603 58 62 0.0134 0.0017 0.0067 0.0028 3 9.8x4.9 9.8x4.9 0.76 292.9 
B2.0-1 4.9 27.6 24.6 12038 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.32 179.0 
B2.0-2 4.9 27.6 24.6 17404 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.32 185.8 
B2.0-3 4.9 27.6 24.6 11313 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.32 157.7 
B2.0A-4 4.9 27.6 24.6 12473 58 62 0.0241 0.0030 0.0067 0.0037 3 3.9x4.9 9.8x4.9 0.88 213.9 
B2.0C-6 4.9 27.6 24.6 13489 58 62 0.0241 0.0030 0.0100 0.0000 2 9.8x4.9 9.8x4.9 1.32 164.4 
B2.0D-7 4.9 27.6 24.6 15084 58 62 0.0241 0.0030 0.0067 0.0000 3 9.8x4.9 9.8x4.9 1.32 162.2 
B3.0-1 4.9 27.6 24.6 11603 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.88 115.2 
B3.0-2 4.9 27.6 24.6 17404 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.88 118.5 
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Table D.1: Evaluation Database (5 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Foster and Gilbert (1998), continued… 
B3.0-3 4.9 27.6 24.6 11168 58 62 0.0241 0.0030 0.0067 0.0037 3 9.8x4.9 9.8x4.9 1.88 118.5 
B3.0A-4 4.9 27.6 24.6 12763 58 62 0.0241 0.0030 0.0067 0.0037 3 3.9x4.9 9.8x4.9 1.28 174.7 
Clark (1951) 
A1-1 8 18 15.3 3575 47 48 0.0310 0.0018 0.0038 0.0000 7.2 3.5x8 3.5x8 2.35 50.4 
A1-2 8 18 15.3 3430 47 48 0.0310 0.0018 0.0038 0.0000 7.2 3.5x8 3.5x8 2.35 47.4 
A1-3 8 18 15.3 3395 47 48 0.0310 0.0018 0.0038 0.0000 7.2 3.5x8 3.5x8 2.35 50.4 
A1-4 8 18 15.3 3590 47 48 0.0310 0.0018 0.0038 0.0000 7.2 3.5x8 3.5x8 2.35 55.4 
B1-1 8 18 15.3 3388 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 63.1 
B1-2 8 18 15.3 3680 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 58.1 
B1-3 8 18 15.3 3435 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 64.4 
B1-4 8 18 15.3 3380 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 60.7 
B1-5 8 18 15.3 3570 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 54.7 
B2-1 8 18 15.3 3370 47 48 0.0310 0.0018 0.0073 0.0000 3.8 3.5x8 3.5x8 1.96 68.1 
B2-2 8 18 15.3 3820 47 48 0.0310 0.0018 0.0073 0.0000 3.8 3.5x8 3.5x8 1.96 72.8 
B2-3 8 18 15.3 3615 47 48 0.0310 0.0018 0.0073 0.0000 3.8 3.5x8 3.5x8 1.96 75.7 
B6-1 8 18 15.3 6110 47 48 0.0310 0.0018 0.0037 0.0000 7.5 3.5x8 3.5x8 1.96 85.7 
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Table D.1: Evaluation Database (6 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Clark (1951) continued… 
C1-1 8 18 15.3 3720 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 62.8 
C1-2 8 18 15.3 3820 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 70.3 
C1-3 8 18 15.3 3475 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 55.7 
C1-4 8 18 15.3 4210 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 64.7 
C2-1 8 18 15.3 3430 47 48 0.0207 0.0018 0.0069 0.0000 4 3.5x8 3.5x8 1.57 65.6 
C2-2 8 18 15.3 3625 47 48 0.0207 0.0018 0.0069 0.0000 4 3.5x8 3.5x8 1.57 68.1 
C2-3 8 18 15.3 3500 47 48 0.0207 0.0018 0.0069 0.0000 4 3.5x8 3.5x8 1.57 73.2 
C2-4 8 18 15.3 3910 47 48 0.0207 0.0018 0.0069 0.0000 4 3.5x8 3.5x8 1.57 65.2 
C3-1 8 18 15.3 2040 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 50.7 
C3-2 8 18 15.3 2000 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 45.4 
C3-3 8 18 15.3 2020 47 48 0.0207 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 42.7 
C4-1 8 18 15.3 3550 47 48 0.0310 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 69.9 
C6-2 8 18 15.3 6560 47 48 0.0310 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 95.7 
C6-3 8 18 15.3 6480 47 48 0.0310 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 98.2 
C6-4 8 18 15.3 6900 47 48 0.0310 0.0018 0.0034 0.0000 8 3.5x8 3.5x8 1.57 96.7 
D1-1 8 18 15.5 3800 49 48 0.0163 0.0018 0.0046 0.0000 6 3.5x8 3.5x8 1.16 68.1 
D1-2 8 18 15.5 3790 49 48 0.0163 0.0018 0.0046 0.0000 6 3.5x8 3.5x8 1.16 80.6 
D1-3 8 18 15.5 3560 49 48 0.0163 0.0018 0.0046 0.0000 6 3.5x8 3.5x8 1.16 58.1 
D2-1 8 18 15.5 3480 49 48 0.0163 0.0018 0.0061 0.0000 4.5 3.5x8 3.5x8 1.16 65.6 
D2-2 8 18 15.5 3755 49 48 0.0163 0.0018 0.0061 0.0000 4.5 3.5x8 3.5x8 1.16 70.6 
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Table D.1: Evaluation Database (7 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Clark (1951) continued… 
D2-3 8 18 15.5 3595 49 48 0.0163 0.0018 0.0061 0.0000 4.5 3.5x8 3.5x8 1.16 75.6 
D2-4 8 18 15.5 3550 49 48 0.0163 0.0018 0.0061 0.0000 4.5 3.5x8 3.5x8 1.16 75.7 
D3-1 8 18 15.5 4090 49 48 0.0244 0.0018 0.0092 0.0000 3 3.5x8 3.5x8 1.16 89.2 
D4-1 8 18 15.5 3350 49 48 0.0163 0.0018 0.0122 0.0000 2.3 3.5x8 3.5x8 1.16 70.6 
Alcocer and Uribe (2008) 
MR 13.8 47 43.3 5134 65 62 0.0158 0.0079 0.0053 0.0029 6 15.8x13.8 15.8x13.8 1.27 363.4 
MT 13.8 47 43.3 5076 65 62 0.0158 0.0079 0.0053 0.029 6 15.8x13.8 15.8x13.8 1.27 363.4 

Tanimura and Sato (2005) 
2A 11.8 17.7 15.8 3365 66 54 0.0214 0.0033 0.0021 0.0000 3.9 3.9x11.8 3.9x11.8 0.50 184.9 
3A 11.8 17.7 15.8 3365 66 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 0.50 187.6 
4A 11.8 17.7 15.8 3365 66 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 0.50 195.7 
6A 11.8 17.7 15.8 4206 66 54 0.0214 0.0033 0.0021 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 164.7 
7A 11.8 17.7 15.8 4206 66 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 169.0 
8A 11.8 17.7 15.8 4206 66 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 181.1 
11A 11.8 17.7 15.8 3336 66 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.50 110.9 
12A 11.8 17.7 15.8 3408 66 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.50 128.6 
14B 11.8 17.7 15.8 4641 66 54 0.0214 0.0000 0.0021 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 169.2 
15B 11.8 17.7 15.8 4641 66 56 0.0214 0.0000 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 174.4 
16B 11.8 17.7 15.8 4641 66 53 0.0214 0.0000 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 191.3 
17C 11.8 17.7 15.8 4540 66 54 0.0214 0.0033 0.0021 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 128.5 
18C 11.8 17.7 15.8 4569 66 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 174.2 
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Table D.1: Evaluation Database (8 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Tanimura and Sato (2005), continued 
19C 11.8 17.7 15.8 4612 66 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 170.4 
20D 11.8 17.7 15.8 3524 102 138 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 149.9 
21D 11.8 17.7 15.8 3902 102 152 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 149.0 
22D 11.8 17.7 15.8 3800 102 138 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.50 121.2 
23D 11.8 17.7 15.8 3814 102 152 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.50 127.7 
28A 11.8 17.7 15.8 3698 66 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 0.75 145.8 
29A 11.8 17.7 15.8 3800 66 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 0.75 150.0 
30A 11.8 17.7 15.8 3829 66 56 0.0214 0.0033 0.0088 0.0000 5.9 3.9x11.8 3.9x11.8 0.75 157.9 
31A 11.8 17.7 15.8 3858 102 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 2.00 94.1 
32A 11.8 17.7 15.8 3974 102 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 2.00 99.5 
33A 11.8 17.7 15.8 3582 66 56 0.0214 0.0033 0.0095 0.0000 2.0 3.9x11.8 3.9x11.8 1.00 145.9 
34A 11.8 17.7 15.8 3597 66 54 0.0214 0.0033 0.0095 0.0000 7.9 3.9x11.8 3.9x11.8 1.00 134.8 
36E 11.8 17.7 15.8 3553 193 56 0.0042 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 0.50 121.5 
37E 11.8 17.7 15.8 3742 193 53 0.0042 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 0.50 124.8 
39E 11.8 17.7 15.8 3684 193 56 0.0042 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 106.1 
40E 11.8 17.7 15.8 3756 193 53 0.0042 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 106.1 
41A 11.8 17.7 15.8 2988 109 56 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 2.50 73.5 
42A 11.8 17.7 15.8 3104 109 53 0.0214 0.0033 0.0084 0.0000 3.9 3.9x11.8 3.9x11.8 2.50 85.2 
46F 11.8 17.7 15.8 14141 109 139 0.0214 0.0033 0.0021 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 279.8 
47F 11.8 17.7 15.8 13967 109 138 0.0214 0.0033 0.0048 0.0000 3.9 3.9x11.8 3.9x11.8 1.00 292.7 
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Table D.1: Evaluation Database (9 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Tanimura and Sato (2005), continued… 
48F 11.8 17.7 15.8 13706 109 139 0.0214 0.0033 0.0021 0.000 3.9 3.9x11.8 3.9x11.8 1.50 210.0 
49F 11.8 17.7 15.8 13663 109 138 0.0214 0.0033 0.0048 0.000 3.9 3.9x11.8 3.9x11.8 1.50 220.8 
L6 7.9 41.3 39.4 4525 147 56 0.002 0.004 0.0029 0.000 9.8 5.9x7.9 5.9x7.9 1.00 150.7 
L7 15.8 80.7 78.7 4424 147 54 0.0005 0.004 0.0029 0.000 19.7 11.8x15.8 11.8x15.8 1.00 589.9 
Matsuo, Lertsrisakulrat, Yanagawa, and Niwa (2002)
D604 5.9 25.6 23.6 4960 146 48 0.0176 0.0006 0.0042 0.0000 3.9 5.9x5.9 5.9x5.9 1.00 132.1 
D608 5.9 25.6 23.6 5120 146 48 0.0176 0.0006 0.0084 0.0000 2.0 5.9x5.9 5.9x5.9 1.00 149.5 

Brown, Sankovich, Bayrak, and Jirsa (2006)
G 6 36 36 4300 0 73 0.0005 0.0000 0.0031 0.0031 6 12x6 12x6 0.00 264.5 
L 6 36 36 5290 0 73 0.0005 0.0000 0.0000 0.0031 0 12x6 12x6 0.00 366.8 
M 6 36 36 4300 0 73 0.0005 0.0000 0.0000 0.0031 0 12x6 12x6 0.00 283.2 
N 6 36 36 4300 0 73 0.0005 0.0000 0.0000 0.0031 0 6x6 6x6 0.00 202.1 
O 6 36 36 5500 0 73 0.0002 0.0000 0.0000 0.0027 0 12x6 12x6 0.00 352.4 
P 6 36 36 5500 0 73 0.0005 0.0000 0.0000 0.0061 0 12x6 12x6 0.00 377.0 
Q 6 36 36 4200 0 73 0.0000 0.0000 0.0000 0.0010 0 12x6 12x6 0.00 224.0 
T 6 36 36 5290 0 73 0.0000 0.0000 0.0000 0.0046 0 12x6 12x6 0.00 343.1 
U 6 36 36 4350 0 73 0.0000 0.0000 0.0000 0.0023 0 6x6 6x6 0.00 189.0 
V 6 36 36 4350 0 73 0.0000 0.0000 0.0046 0.0015 4 12x6 12x6 0.00 259.7 
W 6 36 36 4350 0 73 0.0005 0.0000 0.0000 0.0031 0 16x6 16x6 0.00 370.1 
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Table D.1: Evaluation Database (10 of 10) 

Beam I.D. b 
in. 

h 
in. 

d 
in. 

f′c 
psi 

fy 
ksi 

fyv 
ksi ρl′ ρl ρv ρh s 

in. 

Load 
Plate 
l x w 
in. 

Support 
Plate 
l x w 
in. 

a/d 
ratio 

Vtest 
kip 

Brown, Sankovich, Bayrak, and Jirsa (2006), continued
X 6 36 36 4350 0 73 0.0005 0.0000 0.0000 0.0031 0 12x6 12x6 0.00 246.7 
Y 10 36 36 4350 0 73 0.0010 0.0000 0.0000 0.0037 0 12x4 12x4 0.00 299.5 
Z 10 36 36 4350 0 73 0.0010 0.0000 0.0000 0.0037 0 12x4 12x4 0.00 303.8 

Walraven and Lehwalter (1994) 
V411/4 9.8 31.5 29.9 3083 60 60 0.0107 0.0000 0.0017 0.0000 7.5 7.5x9.8 7.5x9.8 0.97 105.7 
V022/3 9.8 15.8 14.2 3554 60 60 0.0113 0.0000 0.0035 0.0000 3.9 3.5x9.8 3.5x9.8 1.00 85.6 
V511/3 9.8 23.6 22.1 3861 60 60 0.0112 0.0000 0.0033 0.0000 5.9 5.5x9.8 5.5x9.8 1.01 130.8 
V411/3 9.8 31.5 29.9 3590 60 60 0.0107 0.0000 0.0033 0.0000 7.5 7.5x9.8 7.5x9.8 0.97 150.2 
Zhang and Tan (2007) 
1DB70bw 6.3 27.6 25.3 4104 76 54 0.0111 0.0010 0.0021 0.0000 5.9 4.1x6.3 4.1x6.3 1.10 96.2 
1DB100bw 9.1 39.4 35.6 4162 75 66 0.0123 0.0007 0.0021 0.0000 5.9 5.9x9.1 5.9x9.1 1.10 174.9 

Deschenes and Bayrak (2008) 
VALID 21 42 36.1 5061 66 65 0.0310 0.0100 0.0030 0.0058 9.5 20x21 16x21 1.85 576.6 
NR1 21 42 36.1 7250 66 65 0.0310 0.0100 0.0030 0.0058 9.5 20x21 16x21 1.85 560.8 
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APPENDIX E.   Outline of STM Calculations 

E.1 Overview 
The overall capacity of all of the beams in the evaluation database was estimated 

according to the following deep beam design provisions: ACI 318-08; AASHTO LRFD (2008); 
fib (1999); ACI 318-99 Chapter 11; and the newly proposed STM method. The purpose of this 
Appendix is to present the details for these calculations. 

E.1.1 Known STM Truss Geometries 

d

wt

av

a

θ

ll

α·ll

0.5·α·ll

ls

2·wt

0.5·a

wCCC

wCCT

 
Figure E.1: Truss model. 
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Figure E.2: CCC and CCT nodes. 
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Where, 
1) α  = portion of load that is resisted by near support. 

2) θ = tan-1 
⎟⎟
⎟

⎠

⎞

⎜⎜
⎜

⎝

⎛

va
2

ad -
 

3) wt = 2·(h-d) 
4) WCCC  = α·ll·sinθ + a· cosθ 
5) WCCT = ls·sinθ + wt· cosθ 

6) 
( )

w
'

c

s
'

sss

bf85.0
'fAfA

a
⋅

⋅−⋅
=  

7) θρθρρ sincos vhv +=⊥  
8) bl = width of the load plate (CCC) 
9) bs = width of the support plate (CCT) 

In the calculation of the depth of the compression block, a, checks were used to ensure 
the appropriate strain was in the compression steel and tension steel such that compatibility, the 
material properties of the steel, and equilibrium were satisfied. 

Stresses at each nodal face and in the tie are determined based on the experimental 
measured capacity, Vtest, for each beam in the database. 

CCC NODE: Experimental Stress 

10) Bearing Face;   fcb =  
ll

test
bl

V
⋅⋅α  

11) Back Face;   fck =  
l

test

ba
tan

V

⋅
⎟
⎠
⎞⎜

⎝
⎛

θ  

12) Strut-Node Interface;  fcs =  
lCCC

test

bW
sin

V

⋅
⎟
⎠
⎞⎜

⎝
⎛

θ  

CCT NODE: Experimental Stress 

13) Bearing Face;   ftb = 
bb

test
bl

V
⋅  

14) Back Face;   ftk = ( ) s

test

bdh2
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V

⋅−
⎟
⎠
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⎝
⎛

θ  

15) Strut-Node Interface; fts = 
sCCT
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⋅
⎟
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⎝
⎛

θ  
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TIE: Experimental Stress 

16) ftie =  
s

test

A
tan

V
⎟
⎠
⎞⎜

⎝
⎛

θ  

E.2 Determination of Experimental/Calculated Ratio 
The capacity at each nodal face is determined according to the respective STM design 

provision. Once the capacity of each part of a STM is estimated (i.e. bearing face, back face, 
strut to node interface, and tie), the region that has the highest ratio of experimental to calculated 
capacity is the region that determines the overall STM design capacity. 

ACI 318-08, Appendix A 

CCC NODE: Design Strength 

17) Bearing Face;   fn_cb =   0.85·1·fc΄ = 0.85 fc΄ 
Experimental/Calculated = (10)/(17) 

18) Back Face;   fn_ck =   0.85·1·fc΄ = 0.85 fc΄ 
Experimental/Calculated = (11)/(18) 

19) Strut-Node Interface;  fn_cs =   
003.0if'f51.060.085.0
003.0if'f64.075.085.0

c

c

<=⋅
≥=⋅

⊥

⊥

ρ
ρ

 

Experimental/Calculated = (12)/(19) 

CCT NODE: Design Strength 

20) Bearing Face;   fn_tb =  0.85·0.8·fc΄ = 0.68 fc΄ 
 Experimental/Calculated = (13)/(20) 

21) Back Face;   fn_tk =  0.85·0.8·fc΄ = 0.68 fc΄ 
 Experimental/Calculated = (14)/(21) 

22) Strut-Node Interface; fn_ts =  
003.0if'f51.060.085.0
003.0if'f64.075.085.0

c

c

<=⋅
≥=⋅

⊥

⊥

ρ
ρ

 

Experimental/Calculated = (15)/(22) 

TIE: Design Strength 

23) fn_tie =  1.0 fy 
Experimental/Calculated = (16)/(23) 
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The maximum Experimental/Calculated ratio for each node face and tie [i.e. the 
maximum presented in (17) through (23)] is used to determine the Experimental/Calculated ratio 
for each beam in the database according to the ACI 318-08 design provisions. 

AASHTO LRFD (2008) 

CCC NODE: Design Strength 

24) Bearing Face;   fn_cb   = 0.85 fc΄ 
 Experimental/Calculated = (10)/(24) 

25) Back Face;   fn_ck  = 0.85 fc΄ 
 Experimental/Calculated = (11)/(25) 

26) Strut-Node Interface;  fn_cs  = 0.85 fc΄    
Experimental/Calculated = (12)/(26) 

CCT NODE: Design Strength 

27) Bearing Face;   fn_tb  = 0.75 fc΄ 
 Experimental/Calculated = (13)/(27) 
28) Back Face;   fn_tk =  0.75 fc΄ 
 Experimental/Calculated = (14)/(28) 

29) Strut-Node Interface. Solve the following set of equations simultaneously: 
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fn_ts =  fcu  
Experimental/Calculated = (15)/(29) 

TIE: Design Strength 

30) fn_tie =  1.0 fy 
  Experimental/Calculated = (16)/(30) 

The maximum Experimental/Calculated ratio for each node face and tie [i.e. the 
maximum presented in (24) through (30)] is used to determine the Experimental/Calculated ratio 
for each beam in the database according to the AASHTO LRFD (2007) design provisions. 

fib (1999) 

CCC NODE: Design Strength 

Triaxial Confinement Modification Factor, MCCC 

31) MCCC =  

⎪
⎪
⎩

⎪⎪
⎨

⎧

4

b
b

min
l

w

 

32) Bearing Face;   fn_cb =   CCC
c M
ksi40
'f

185.0 ⋅⎟
⎠

⎞
⎜
⎝

⎛ − ·fc΄ 

Experimental/Calculated = (10)/(32) 



 

374 

33) Back Face;   fn_ck =   CCC
c M
ksi40
'f

185.0 ⋅⎟
⎠

⎞
⎜
⎝

⎛ − ·fc΄ 

Experimental/Calculated = (11)/(33) 

34) Strut-Node Interface;  fn_cs =   CCC
c M
ksi40
'f

185.0 ⋅⎟
⎠

⎞
⎜
⎝

⎛ − ·fc΄ 

Experimental/Calculated = (12)/(34) 

CCT NODE: Design Strength 

Triaxial Confinement Modification Factor, MCCT 

35) MCCT =  

⎪
⎪
⎩

⎪⎪
⎨

⎧

4

b
b

min
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36) Bearing Face;   fn_tb =  CCT
c M
ksi40
'f

17.0 ⋅⎟
⎠

⎞
⎜
⎝

⎛ − ·fc΄ 

 Experimental/Calculated = (13)/(36) 

37) Back Face;   fn_tk =  [Not Applicable] 

38) Strut-Node Interface; fn_ts =  CCT
c M
ksi40
'f

17.0 ⋅⎟
⎠

⎞
⎜
⎝

⎛ − ·fc΄ 

Experimental/Calculated = (15)/(38) 

TIE: Design Strength 

39) fn_tie =  1.0 fy 
Experimental/Calculated = (16)/(39) 

The maximum Experimental/Calculated ratio for each node face and tie [i.e. the 
maximum presented in (32) through (34) and (36) through (39)] is used to determine the 
Experimental/Calculated ratio for each beam in the database according to the fib (1999) design 
provisions. 

ACI 318-99, § 11.8 
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41) Vc =  
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42) Vs =  df
12

d
l11

b
12

d
l1

b y

n

wvh

n

wv ⋅⋅
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢

⎣

⎡

⎟
⎟
⎟

⎠

⎞

⎜
⎜
⎜

⎝

⎛ −
⋅+

⎟
⎟
⎟

⎠

⎞

⎜
⎜
⎜

⎝

⎛ +
⋅ ρρ  

43) Vn =  
⎪
⎩

⎪
⎨

⎧

⋅⋅

+

db'f10

VV
min

wc

sc

 

Experimental/Calculated = Vtest /(43) 

Proposed STM Procedure 

CCC NODE: Design Strength 

Triaxial Confinement Modification Factor, MCCC 

44) MCCC =  

⎪
⎪

⎩

⎪
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⎨
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2

A
A

min
1

2

 

Strut-to-Node Interface Efficiency Factor, ν 

45) ν =  65.0
ksi20
'f

85.045.0 c ≤−≤  

46) Bearing Face;   fn_cb =   0.85·MCCC ·fc΄ 
Experimental/Calculated = (10)/(46) 

47) Back Face;   fn_ck =   0.85·MCCC ·fc΄ 
Experimental/Calculated = (11)/(47) 

48) Strut-Node Interface;  fn_cs =   ν·MCCC ·fc΄ 
Experimental/Calculated = (12)/(48) 
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CCT NODE: Design Strength 

Triaxial Confinement Modification Factor, MCCT 

49) MCCT =  

⎪
⎪

⎩

⎪
⎪

⎨

⎧

2

A
A

min
1

2

 

50) Bearing Face;   fn_tb =  0.70·MCCT ·fc΄ 
 Experimental/Calculated = (13)/(50) 

51) Back Face;   fn_tk =  [Not Applicable] 
52) Strut-Node Interface; fn_ts =  ν·MCCT ·fc΄ 

Experimental/Calculated = (15)/(52) 

TIE: Design Strength 

53) fn_tie =  1.0 fy 
Experimental/Calculated = (16)/(53) 
The maximum Experimental/Calculated ratio for each node face and tie [i.e. the 

maximum presented in (46) through (48) and (50) through (53)] is used to determine the 
Experimental/Calculated ratio for each beam in the database according to the Proposed design 
provisions. 
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